


SYMBOLS

a moment arm for plastic moment internal couple,
longitudinal spacing of connectors in a built-up
compression member, distance from support to
load, depth of equivalent compressive stress distri-
bution in concrete at ultimate load, clear spacing of
intermediate web stiffeners in a plate girder

a,  constant used in computing plate girder strength-
reduction factor

A area

A, Dbearing area of a bearing plate or base plate

A, full area of support for a bearing plate or base plate

A, cross-sectional area of the unthreaded part of a bolt

A, area of concrete flange in a composite beam, area
of concrete in a composite column

A, effective area

Ay flange area

Aj.  area of compression flange

Ay, gross area of flange

Ay, netarea of flange

Ay area of tension flange

A, grossarea

A,, gross area in shear for block shear computation

A, netarea

A,, netarea in tension for block shear computation

A,, netarea in shear for block shear computation

Ap, bearing area of a plate girder stiffener

A, area of reinforcing steel within the effective width
of a composite beam slab

A, area of steel cross section

A,, cross-sectional area of a steel headed stud anchor

A,, cross-sectional area of a stiffener

A, webarea

b width of a plate, width of cross-sectional element
to be used in width-to-thickness ratio, effective
flange width of a composite beam

b,  width of a beam flange or flange plate

b, effective edge distance for a pin-connected
member, effective width of a slender stiffened
compression element

b, flange width

by width of compression flange

by, width of tension flange

B width of an HSS, width of bearing plate or base
plate, factor used in computing bending strength of
double-angle and tee shapes

B,, B, amplification factors for beam-columns

B, bolt tensile force (including effects of prying)

c distance from elastic neutral axis to extreme fiber

in bending, constant in equation for critical lateral-
torsional buckling stress

¢y, ¢, constants used in determining the elastic local
buckling stress

C  compressive force in an internal resisting couple

C; coefficient in equation for effective flexural rigidity
of an encased composite column

C, coefficient in equation for compressive yield load,
P,, for a compact filled composite column

C;  coefficient in equation for effective flexural rigidity
of a filled composite column

C, moment gradient factor
buckling strength

for lateral-torsional

C,, bending factor for braced beam-columns

Cv; coefficient for computing shear strength when no
tension field is present

Cv, coefficient for computing shear strength when a

tension field is present

C,, warping constant

d total depth of a rolled or built-up steel beam, dis-
tance between axes (for use in the parallel axis
theorem), bolt diameter, bolt hole diameter

d'  reduced diameter of a staggered bolt hole

d, beam depth, bolt diameter

d.  column depth

D service dead load effect to be used in computation of

factored load combinations, outer diameter of a hol-

low circular steel shape, fillet weld size in sixteenths

of an inch

ratio of mean actual bolt pretension to specified

minimum pretension

e eccentricity of load in a connection

E  modulus of elasticity (29,000 ksi for structural

steel), service earthquake load

flexural rigidity of a frame member

modulus of elasticity of a column for determining

effective length factor

E; modulus of elasticity of structural steel = 29,000 ksi

E, tangent modulus of elasticity

f stress

ET*
E col

fi direct shear stress in an eccentric welded shear
connection

f>  torsional shear stress in an eccentric welded shear
connection

fa axial compressive stress

f»  flexural stress

f.  flexural stress in concrete

f.  28-day compressive strength of concrete

f,  bearing stress

f»  required shear strength (stress) in a bolt subject to
shear and tension

fw  flexural stress at bottom of steel shape

fw  flexural stress at top of steel shape



fi tensile stress
f,  shearing stress
nominal bolt tensile strength (stress) in the
presence of shear
F, allowable axial compressive stress
F,.  critical compressive or bending stress used to de-
termine nominal strength
.y flexural buckling strength corresponding to the
* axisof symmetry in a structural tee or double-angle
compression member
.. stress used in computing torsional or flexural-
torsional buckling strength of a structural tee or
double-angle compression member
F, Euler buckling stress, critical elastic buckling stress
in an unsymmetrical compression member (tor-
sional or flexural-torsional buckling stress)
F,, elastic local buckling stress
F,.F,

o Fe; stresses used in computing torsional or

flexural-torsional buckling strength
F, nominal strength (stress)
F,, nominal bolt tensile strength (stress)
F,, nominal bolt shear strength (stress)
F,, ultimate shearing stress of weld electrode
F,, stress at proportional limit
F, allowable member tensile stress, ultimate tensile
stress of a bolt, allowable bolt tensile stress
F, ultimate tensile stress

F, allowable member shear stress
F, vyield stress
F,, F,, yield stresses of flange and web

F,,, Yyield stress of reinforcing steel

F,, yield stress of a stiffener

F,, vyield strength of tension flange

g gage distance for bolts (transverse spacing)
shear modulus of elasticity = 11,200 ksi for
structural steel

G,, Gp factors for use in nomographs for effective

length factor K

h width of web from toe of flange fillet to toe of flange
fillet for a rolled shape, width of web from inside of
flange to inside of flange for a welded shape, bolt
hole diameter

h.  twice the distance from the elastic neutral axis to the
inside face of the compression flange of a built-up flex-
ural member (same as / for girders with equal flanges)

h; filler factor for slip-critical connections

h,  distance between W-shape flange centroids

twice the distance from the plastic neutral axis to the

inside face of the compression flange of a built-up

flexural member (same as /4 for girders with equal

flanges)

H  depth of an HSS, factor used in computation of
flexural-torsional buckling strength of compression

members, lateral building loads, flange force in a
moment connection
moment of inertia (second moment of area)
moment of inertia of component area about its
centroidal axis
I.  Moment of inertia of the concrete section about
the elastic neutral axis of the composite section
moment of inertia of a girder cross section
1,5 lower-bound moment of inertia of a composite beam
I,  moment of inertia of steel section
I, moment of inertia of a stiffener cross section
,  moment of inertia of transformed section
1, moments of inertia about x- and y-axes
torsional constant, polar moment of inertia
distance from outer face of flange to toe of fillet in
the web of a rolled shape
k.  factor used in computing the flexural strength of a
plate girder
ky,  multiplier for bolt slip-critical strength when ten-
sion is present
k,  factor used in computing shear strength
K effective length factor for compression members
K; effective length factor for a component in a built-
up compression member
K. K,, K, effective length factors for x-, y-, and z-axes
K.L,K,L,K.L effective lengths for buckling about x-,
y-, and z-axes
4 length of a connection, length of end welds, factor
for computing column base plate thickness
€,  length of bearing of a beam bearing plate
€,  distance from edge of bolt hole to edge of con-
nected part or to edge of adjacent hole
€,  bolt edge distance
L service live load effect to be used in computation of
factored load combinations, member length, story
height, length of a weld segment
L, unbraced beam length, unbraced length of a col-
umn in the equation for required bracing stiffness
L. effective length of a compression member

~ N~

L., length of a column for determining effective length
factor
L., L, L. effective lengths with respect to the x-, y-,
and z-axes
L, length of girder

L, largest unbraced beam length for which lateral-

torsional buckling will not occur

largest unbraced beam length for which plastic

analysis can be used.

L, service roof live load effect to be used in computation
of factored load combinations, unbraced beam length
at which elastic lateral-torsional buckling will occur

m  length of unit width of plate in bending (for beam
bearing plate and column base plate design)

M  bending moment
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PErace

Steel Design, Sixth Edition covers the fundamentals of structural steel design for
buildings. This book is intended for junior-and senior-level engineering students,
although some of the later chapters can be used in a combination undergraduate/
graduate course. Practicing civil engineers who need a review of current prac-
tices and the current AISC Specification and Steel Construction Manual will find
the book useful as a reference. Students should have a background in mechan-
ics of materials and analysis of statically determinate structures. Knowledge of
statically indeterminate structural analysis is not a prerequisite for the use of
this book.

Structural design is a complex endeavor, involving the synthesis of many
processes. This book does not cover the integrated design of buildings, but pres-
ents some of the “building blocks” for structural steel design. We focus on the
analysis and design of individual members and connections, rather than complete
structures.

LRFD AND ASD COVERAGE

Prior to 2005, load and resistance factor design (LRFD) was covered by the 1999
AISC Specification and LRFD Manual of Steel Construction, Third Edition.
Allowable stress design (ASD) was covered by the 1978 AISC Specification and
Manual of Steel Construction, Ninth Edition. In 2005, the two approaches were
unified in a single specification and a single manual, the thirteenth edition of the
Steel Construction Manual. In addition, changes were made to many provisions
of the specification, both in form and substance. The unified approach continues
with the 2016 Specification and the 15th edition of the Steel Construction Manual.
Both documents have been revised to reflect current research and practice, but the
format remains the same.

Both LRFD and ASD are covered in this textbook, but the emphasis is on
LRFD. In most examples, both LRFD and ASD solutions are given. In those
examples, the LRFD solution is given first. In some cases, the ASD solution is
abbreviated but is complete and independent of the LRFD solution. Doing so usu-
ally involves some duplication, but that is necessary if a reader is interested in only
the ASD solution. In some ASD solutions where there would be a lengthy duplica-
tion, the reader is referred to the LRFD solution for that portion. In some of the
examples, particularly in the later chapters, only an LRFD solution is given. This
is in keeping with the approach favored by some instructors; that is, cover both
approaches early in the course, then emphasize LRFD as the course progresses.
The differences in the two approaches are mostly conceptual, and there is very little
difference in the computations.
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TRUSTED FEATURES

* All notation in Steel Design is consistent with that in the Manual, and AISC
equation numbers are used along with sequential numbering of other equations
according to the textbook chapter.

e U.S. customary units are used throughout, with no introduction of SI units.
Although the AISC Specification uses a dual system of units, the steel construc-
tion industry is still in a period of transition.

® There is a balance between the theoretical and the practical. The theory that is
presented is within the grasp of undergraduate students, and advanced topics
such as plate buckling have been excluded.

® Analysis and design are initially presented without the aid of tables and graphs
from the Manual, followed by the introduction of these design aids. These aids
are not reproduced in this book, because one objective is to encourage familiar-
ity with the Manual. It is therefore essential that students have a copy of the 15th
edition of the Steel Construction Manual.

NEW TO THE 6™ EDITION

Most of the new features of the book incorporate changes in the 2016 AISC Speci-
fication and the 15 Steel Construction Manual. The major changes include the
following:

® [oad combinations are no longer included in the Manual, so combinations have
been excerpted from ASCE 7 and are included in Chapter 2.

® The material on the shear lag factor has been revised.

® The new Specification provisions for slender cross-section elements have been
incorporated.

® The Manual column load tables have been expanded to include 65 ksi and 70 ksi
material.

® The new Manual Table 6-2, “Design of Members Subject to Combined Loading,”
is introduced in Chapters 4 and 5 and is used exclusively in Chapter 6. This table
replaces the previous design aid that used p, b, and b, constants.

® Ductility in partially composite beams is addressed in the new Specification and
Manual and in this edition.

e Specification Shear strength provisions for hot-rolled shapes and plate girders
have changed and have been incorporated in the book.

SUPPLEMENTS

In keeping with the objective of providing a basic textbook, a large number of
assigned problems are given at the end of each chapter. Answers to Selected Prob-
lems are provided at the back of the book. Lecture Note PowerPoint slides and
a comprehensive Instructor’s Manual with detailed solutions are available for in-
structors through Cengage’s secure, password-protected Instructor Resource
Center at http://login.cengage.com.
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PURCHASE OPTIONS

Cengage is committed to making our learning solutions available in a range of formats
and prices for your students, including traditionally-bound and loose-leaf textbooks,
MindTap digital courses, and eBook rentals via http://www.cengagebrain.com.

We also offer custom solutions prepared through our robust Compose content
library (compose.cengage.com). Compose enables instructors to quickly and easily
search for Cengage content in any discipline, using multiple search filters. Instruc-
tors can map our content directly to their courses, add their own materials, choose
a print or digital book for their students, and even email their proposed projects
directly to colleagues. Once an instructor finalizes their materials, products can
typically be delivered within two weeks.
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Steel Design is also available through MindTap, Cengage’s digital course platform.
The carefully-crafted pedagogy and exercises in this market-leading textbook are
made even more effective by an interactive, customizable eBook, automatically
graded assessments and practice problems, and a full suite of study tools.
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xiv. MindTap Online Course

As an instructor using MindTap, you have at your fingertips the full text and a unique set of
tools, all in an interface designed to save you time. MindTap makes it easy for instructors to build
and customize their course, so you can focus on the most relevant material while also lowering costs
for your students. Stay connected and informed through real-time student tracking that provides
the opportunity to adjust your course as needed based on analytics of interactivity and perfor-
mance. Algorithmically generated problem sets allow your students maximum practice while you
can be assured that each student is being tested by unique problems. Videos of real world steel
design applications and concepts provide students with knowledge of future field experiences.

HOW DOES MINDTAP BENEFIT INSTRUCTORS?

® You can build and personalize your course by integrating your own content into the
MindTap Reader (like lecture notes or problem sets to download) or pull from sources such
as RSS feeds, YouTube videos, websites, and more. Control what content students see with a
built-in learning path that can be customized to match your syllabus.
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MindTap saves you

time by providing you

and your students with

automatically graded

assignments and quiz-

zes, including algo-

rithmically generated

problem sets. These

problems include im-

mediate, specific feed-

back, so students know

exactly where they

need more practice.

The Message Center

helps you to quickly

and easily contact

students directly from

MindTap.  Messages

are communicated di-

rectly to each student

via the communication

medium (email, social

media, or even text

message) designated by

the student.

StudyHub is a valuable studying tool that allows you to deliver important infor-
mation and empowers your students to personalize their experience. Instructors
can choose to annotate the text with notes and highlights, share content from
the MindTap Reader, and create Flashcards to help their students focus and
succeed.

The Progress App lets you know exactly how your students are doing (and where
they might be struggling) with live analytics. You can see overall class engage-
ment and drill down into individual student performance, enabling you to identify
topics needing extra instruction and Instantly communicate with struggling students
to speed progress.

HOW DOES MINDTAP BENEFIT YOUR STUDENTS?

The MindTap Reader adds the abilities to have the content read aloud, to print from the digital
textbook, and to take notes and highlights directly in the text while also capturing them within
the linked StudyHub App.

The MindTap Mobile App keeps students connected with alerts and notifications while also
providing them with anytime, anywhere study tools like Flashcards and quizzing, helping them
manage their time more efficiently.
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MindTap Online Course

Flashcards are pre-populated with definitions to provide a jump start on studying, and students
and instructors can also create customized cards as they move through the course.

The Progress App allows students to monitor their individual grades, as well as their level
compared to the class average. This not only helps them stay on track in the course but also
motivates them to do more, and ultimately to do better.

The unique StudyHub is a powerful single-destination studying tool that empowers students
to personalize their experience. They can quickly and easily access all notes and highlights
marked in the MindTap Reader, locate bookmarked pages, review notes and Flashcards shared
by their instructor, and create custom study guides.






Steel making. Modern structural

steel is available in several alloys

to provide various strengths and

special properties.




Bukhanovskyy/Shutterstock.com
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chapter 1

Introduction

1.1 STRUCTURAL DESIGN

he structural design of buildings, whether of structural steel or reinforced

concrete, requires the determination of the overall proportions and dimensions
of the supporting framework and the selection of the cross sections of individual
members. In most cases the functional design, including the establishment of the
number of stories and the floor plan, will have been done by an architect, and the
structural engineer must work within the constraints imposed by this design. Ideally,
the engineer and architect will collaborate throughout the design process to com-
plete the project in an efficient manner. In effect, however, the design can be summed
up as follows: The architect decides how the building should look; the engineer must
make sure that it doesn’t fall down. Although this distinction is an oversimplifica-
tion, it affirms the first priority of the structural engineer: safety. Other important
considerations include serviceability (how well the structure performs in terms of
appearance and deflection) and economy. An economical structure requires an
efficient use of materials and construction labor. Although this objective can usually
be accomplished by a design that requires a minimum amount of material, savings
can often be realized by using more material if it results in a simpler, more easily
constructed project. In fact, materials account for a relatively small portion of the
cost of a typical steel structure as compared with labor and other costs.

A good design requires the evaluation of several framing plans—that is, dif-
ferent arrangements of members and their connections. In other words, several al-
ternative designs should be prepared and their costs compared. For each framing
plan investigated, the individual components must be designed. To do so requires
the structural analysis of the building frames and the computation of forces and
bending moments in the individual members. Armed with this information, the
structural designer can then select the appropriate cross section. Before any analy-
sis, however, a decision must be made on the primary building material to be used;
it will usually be reinforced concrete, structural steel, or both. Ideally, alternative
designs should be prepared with each.

The emphasis in this book will be on the design of individual structural steel
members and their connections. The structural engineer must select and evaluate the
overall structural system in order to produce an efficient and economical design but
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FIGURE 1.1

Introduction

cannot do so without a thorough understanding of the design of the components (the
“building blocks”) of the structure. Thus component design is the focus of this book.

Before discussing structural steel, we need to examine various types of structural
members. Figure 1.1 shows a truss with vertical concentrated forces applied at the
joints along the top chord. In keeping with the usual assumptions of truss analysis—
pinned connections and loads applied only at the joints—each component of the
truss will be a two-force member, subject to either axial compression or tension. For
simply supported trusses loaded as shown—a typical loading condition—each of the
top chord members will be in compression, and the bottom chord members will be
in tension. The web members will either be in tension or compression, depending
on their location and orientation and on the location of the loads.

Other types of members can be illustrated with the rigid frame of Figure 1.2a.
The members of this frame are rigidly connected by welding and can be assumed
to form a continuous structure. At the supports, the members are welded to a rect-
angular plate that is bolted to a concrete footing. Placing several of these frames
in parallel and connecting them with additional members that are then covered
with roofing material and walls produces a typical building system. Many impor-
tant details have not been mentioned, but many small commercial buildings are
constructed essentially in this manner. The design and analysis of each frame in
the system begins with the idealization of the frame as a two-dimensional struc-
ture, as shown in Figure 1.2b. Because the frame has a plane of symmetry parallel
to the page, we are able to treat the frame as two-dimensional and represent the
frame members by their centerlines. (Although it is not shown in Figure 1.1, this
same idealization is made with trusses, and the members are usually represented
by their centerlines.) Note that the supports are represented as hinges (pins), not
as fixed supports. If there is a possibility that the footing will undergo a slight rota-
tion, or if the connection is flexible enough to allow a slight rotation, the support
must be considered to be pinned. One assumption made in the usual methods of
structural analysis is that deformations are very small, which means that only a
slight rotation of the support is needed to qualify it as a pinned connection.

Once the geometry and support conditions of the idealized frame have been
established, the loading must be determined. This determination usually involves
apportioning a share of the total load to each frame. If the hypothetical structure
under consideration is subjected to a uniformly distributed roof load, the portion
carried by one frame will be a uniformly distributed line load measured in force per
unit length, as shown in Figure 1.2b. Typical units would be kips per foot.
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For the loading shown in Figure 1.2b, the frame will deform as indicated by the
dashed line (drawn to a greatly exaggerated scale). The individual members of the
frame can be classified according to the type of behavior represented by this deformed
shape. The horizontal members AB and BC are subjected primarily to bending,
or flexure, and are called beams. The vertical member BD is subjected to couples
transferred from each beam, but for the symmetrical frame shown, they are equal
and opposite, thereby canceling each other. Thus member BD is subjected only to
axial compression arising from the vertical loads. In buildings, vertical compression
members such as these are referred to as columns. The other two vertical members,
AE and CF, must resist not only axial compression from the vertical loads but also a
significant amount of bending. Such members are called beam-columns. In reality,
all members, even those classified as beams or columns, will be subjected to both
bending and axial load, but in many cases, the effects are minor and can be neglected.

In addition to the members described, this book covers the design of connec-
tions and the following special members: composite beams, composite columns,

and plate girders.
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LOADS

The forces that act on a structure are called loads. They belong to one of two broad
categories: dead load and live load. Dead loads are those that are permanent, includ-
ing the weight of the structure itself, which is sometimes called the self-weight. In
addition to the weight of the structure, dead loads in a building include the weight of
nonstructural components such as floor coverings, partitions, and suspended ceilings
(with light fixtures, mechanical equipment, and plumbing). All of the loads men-
tioned thus far are forces resulting from gravity and are referred to as gravity loads.
Live loads, which can also be gravity loads, are those that are not as permanent as
dead loads. They may or may not be acting on the structure at any given time, and
the location may not be fixed. Examples of live loads include furniture, equipment,
and occupants of buildings. In general, the magnitude of a live load is not as well
defined as that of a dead load, and it usually must be estimated. In many cases, a
structural member must be investigated for various positions of a live load so that a
potential failure condition is not overlooked.

If a live load is applied slowly and is not removed and reapplied an excessive num-
ber of times, the structure can be analyzed as if the load were static. If the load is ap-
plied suddenly, as would be the case when the structure supports a moving crane, the
effects of impact must be accounted for. If the load is applied and removed many times
over the life of the structure, fatigue stress becomes a problem, and its effects must
be accounted for. Impact loading occurs in relatively few buildings, notably industrial
buildings, and fatigue loading is rare, with thousands of load cycles over the life of the
structure required before fatigue becomes a problem. For these reasons, all loading
conditions in this book will be treated as static, and fatigue will not be considered.

Wind exerts a pressure or suction on the exterior surfaces of a building, and
because of its transient nature, it properly belongs in the category of live loads. Be-
cause of the relative complexity of determining wind loads, however, wind is usually
considered a separate category of loading. Because lateral loads are most detrimen-
tal to tall structures, wind loads are usually not as important for low buildings, but
uplift on light roof systems can be critical. Although wind is present most of the
time, wind loads of the magnitude considered in design are infrequent and are not
considered to be fatigue loads.

Earthquake loads are another special category and need to be considered only
in those geographic locations where there is a reasonable probability of occurrence.
A structural analysis of the effects of an earthquake requires an analysis of the
structure’s response to the ground motion produced by the earthquake. Simpler
methods are sometimes used in which the effects of the earthquake are simulated
by a system of horizontal loads, similar to those resulting from wind pressure, act-
ing at each floor level of the building.

Snow is another live load that is treated as a separate category. Adding to the
uncertainty of this load is the complication of drift, which can cause much of the
load to accumulate over a relatively small area.

Other types of live load are often treated as separate categories, such as hydrostatic
pressure and soil pressure, but the cases we have enumerated are the ones ordinarily
encountered in the design of structural steel building frames and their members.
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BUILDING CODES

Buildings must be designed and constructed according to the provisions of a build-
ing code, which is a legal document containing requirements related to such things
as structural safety, fire safety, plumbing, ventilation, and accessibility to the physi-
cally disabled. A building code has the force of law and is administered by a gov-
ernmental entity such as a city, a county, or, for some large metropolitan areas, a
consolidated government. Building codes do not give design procedures, but they do
specify the design requirements and constraints that must be satisfied. Of particular
importance to the structural engineer is the prescription of minimum live loads for
buildings. Although the engineer is encouraged to investigate the actual loading
conditions and attempt to determine realistic values, the structure must be able to
support these specified minimum loads.

Although some large cities have their own building codes, many municipalities
will modify a “model” building code to suit their particular needs and adopt it as
modified. Model codes are written by various nonprofit organizations in a form that
can be easily adopted by a governmental unit. Three national code organizations
have developed model building codes: the Uniform Building Code (International
Conference of Building Officials, 1999), the Standard Building Code (Southern
Building Code Congress International, 1999), and the BOCA National Build-
ing Code (BOCA, 1999). (BOCA is an acronym for Building Officials and Code
Administrators.) These codes have generally been used in different regions of the
United States. The Uniform Building Code has been essentially the only one used
west of the Mississippi, the Standard Building Code has been used in the southeast-
ern states, and the BOCA National Building Code has been used in the northeast-
ern part of the country.

A unified building code, the International Building Code (International Code
Council, 2015), has been developed to eliminate some of the inconsistencies among
the three national building codes. This was a joint effort by the three code orga-
nizations (ICBO, BOCA, and SBCCI). These organizations have merged into the
International Code Council, and the new code has replaced the three regional codes.

Although it is not a building code, ASCE 7, Minimum Design Loads for Build-
ings and Other Structures (American Society of Civil Engineers, 2016) is similar in
form to a building code. This standard provides load requirements in a format suit-
able for adoption as part of a code. The International Building Code incorporates
much of ASCE 7 in its load provisions.

DESIGN SPECIFICATIONS

In contrast to building codes, design specifications give more specific guidance for
the design of structural members and their connections. They present the guidelines
and criteria that enable a structural engineer to achieve the objectives mandated by a
building code. Design specifications represent what is considered to be good engineer-
ing practice based on the latest research. They are periodically revised and updated
by the issuance of supplements or completely new editions. As with model building
codes, design specifications are written in a legal format by nonprofit organizations.
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They have no legal standing on their own, but by presenting design criteria and limits
in the form of legal mandates and prohibitions, they can easily be adopted, by refer-
ence, as part of a building code.

The specifications of most interest to the structural steel designer are those
published by the following organizations.

1. American Institute of Steel Construction (AISC): This specification pro-
vides for the design of structural steel buildings and their connections. It is the
one of primary concern in this book, and we discuss it in detail (AISC, 2016a).

2. American Association of State Highway and Transportation Officials
(AASHTO): This specification covers the design of highway bridges and
related structures. It provides for all structural materials normally used in
bridges, including steel, reinforced concrete, and timber (AASHTO, 2014).

3. American Railway Engineering and Maintenance-of-Way Association
(AREMA): The AREMA Manual for Railway Engineering covers the
design of railway bridges and related structures (AREMA, 2016). This
organization was formerly known as the American Railway Engineering
Association (AREA).

4. American Iron and Steel Institute (AISI): This specification deals with
cold-formed steel, which we discuss in Section 1.6 of this book (AISI, 2012).

STRUCTURAL STEEL

The earliest use of iron, the chief component of steel, was for small tools, in
approximately 4000 B.c. (Murphy, 1957). This material was in the form of wrought
iron, produced by heating ore in a charcoal fire. In the latter part of the eighteenth
century and in the early nineteenth century, cast iron and wrought iron were used
in various types of bridges. Steel, an alloy of primarily iron and carbon, with fewer
impurities and less carbon than cast iron, was first used in heavy construction in
the nineteenth century. With the advent of the Bessemer converter in 1855, steel
began to displace wrought iron and cast iron in construction. In the United States,
the first structural steel railroad bridge was the Eads bridge, constructed in 1874 in
St. Louis, Missouri (Tall, 1964). In 1884, the first building with a steel frame was
completed in Chicago.

The characteristics of steel that are of the most interest to structural engineers can
be examined by plotting the results of a tensile test. If a test specimen is subjected to an
axial load P, as shown in Figure 1.3a, the stress and strain can be computed as follows:

AL

P
f:Z and SIT

where
f = axial tensile stress
A = cross-sectional area
e = axial strain
L = length of specimen
AL = change in length
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If the load is increased in increments from zero to the point of fracture, and stress
and strain are computed at each step, a stress—strain curve such as the one shown
in Figure 1.3b can be plotted. This curve is typical of a class of steel known as
ductile, or mild, steel. The relationship between stress and strain is linear up to the
proportional limit; the material is said to follow Hooke’s law. A peak value,
the upper yield point, is quickly reached after that, followed by a leveling off at
the lower yield point. The stress then remains constant, even though the strain
continues to increase. At this stage of loading, the test specimen continues to
elongate as long as the load is not removed, even though the load cannot be
increased. This constant stress region is called the yield plateau, or plastic range.
At a strain of approximately 12 times the strain at yield, strain hardening begins,
and additional load (and stress) is required to cause additional elongation (and
strain). A maximum value of stress is reached, after which the specimen begins to
“neck down” as the stress decreases with increasing strain, and fracture occurs.
Although the cross section is reduced during loading (the Poisson effect), the
original cross-sectional area is used to compute all stresses. Stress computed in
this way is known as engineering stress. If the original length is used to compute
the strain, it is called engineering strain.
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Steel exhibiting the behavior shown in Figure 1.3b is called ductile because of
its ability to undergo large deformations before fracturing. Ductility can be mea-
sured by the elongation, defined as

e X 100 (1.1)

0

where

e = elongation (expressed as a percent)
L;= length of the specimen at fracture
L, = original length

The elastic limit of the material is a stress that lies between the proportional
limit and the upper yield point. Up to this stress, the specimen can be unloaded
without permanent deformation; the unloading will be along the linear portion of
the diagram, the same path followed during loading. This part of the stress—strain
diagram is called the elastic range. Beyond the elastic limit, unloading will be along
a straight line parallel to the initial linear part of the loading path, and there will be
a permanent strain. For example, if the load is removed at point A in Figure 1.3b,
the unloading will be along line AB, resulting in the permanent strain OB.

Figure 1.4 shows an idealized version of this stress—strain curve. The propor-
tional limit, elastic limit, and the upper and lower yield points are all very close to
one another and are treated as a single point called the yield point, defined by the
stress . The other point of interest to the structural engineer is the maximum value
of stress that can be attained, called the ultimate tensile strength, F,. The shape of
this curve is typical of mild structural steels, which are different from one another
primarily in the values of F, and F,. The ratio of stress to strain within the elastic
range, denoted E and called Young’s modulus, or modulus of elasticity, is the same
for all structural steels and has a value of 29,000,000 psi (pounds per square inch) or
29,000 ksi (kips per square inch).

Figure 1.5 shows a typical stress—strain curve for high-strength steels, which are
less ductile than the mild steels discussed thus far. Although there is a linear elastic

f
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portion and a distinct tensile strength, there is no well-defined yield point or yield
plateau. To use these higher-strength steels in a manner consistent with the use of
ductile steels, some value of stress must be chosen as a value for F, so that the same
procedures and formulas can be used with all structural steels. Although there is no
yield point, one needs to be defined. As previously shown, when a steel is stressed
beyond its elastic limit and then unloaded, the path followed to zero stress will not be
the original path from zero stress; it will be along a line having the slope of the linear
portion of the path followed during loading—that is, a slope equal to E, the modulus
of elasticity. Thus there will be a residual strain, or permanent set, after unloading.
The yield stress for steel with a stress—strain curve of the type shown in Figure 1.5
is called the yield strength and is defined as the stress at the point of unloading that
corresponds to a permanent strain of some arbitrarily defined amount. A strain of
0.002 is usually selected, and this method of determining the yield strength is called
the 0.2% offset method. As previously mentioned, the two properties usually needed
in structural steel design are F, and F), regardless of the shape of the stress—strain
curve and regardless of how F| was obtained. For this reason, the generic term yield
stress is used, and it can mean either yield point or yield strength.

The various properties of structural steel, including strength and ductility, are
determined by its chemical composition. Steel is an alloy, its principal component being
iron. Another component of all structural steels, although in much smaller amounts,
is carbon, which contributes to strength but reduces ductility. Other components of
some grades of steel include copper, manganese, nickel, chromium, molybdenum, and
silicon. Structural steels can be grouped according to their composition as follows.

1. Plain carbon steels: mostly iron and carbon, with less than 1% carbon.

2. Low-alloy steels: iron and carbon plus other components (usually less
than 5%). The additional components are primarily for increasing strength,
which is accomplished at the expense of a reduction in ductility.

3. High-alloy or specialty steels: similar in composition to the low-alloy steels
but with a higher percentage of the components added to iron and carbon.
These steels are higher in strength than the plain carbon steels and also
have some special quality, such as resistance to corrosion.
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Property A36 AS72Gr.50 A992
Yield point, min. 36 ksi 50 ksi 50 ksi
Tensile strength, min. 58 to 80 ksi 65 ksi 65 ksi
Yield to tensile ratio, max. — — 0.85
Elongation in 8 in., min. 20% 18% 18%

Different grades of structural steel are identified by the designation assigned
to them by the American Society for Testing and Materials (ASTM). This orga-
nization develops standards for defining materials in terms of their composition,
properties, and performance, and it prescribes specific tests for measuring these
attributes (ASTM, 2016a). One of the most commonly used structural steels is a
mild steel designated as ASTM A36, or A36 for short. It has a stress—strain curve
of the type shown in Figures 1.3b and 1.4 and has the following tensile properties.

Yield stress: F, = 36,000 psi (36 ksi)
Tensile strength: F,, = 58,000 psi to 80,000 psi (58 ksi to 80 ksi)

A36 steel is classified as a plain carbon steel, and it has the following components
(other than iron).

Carbon: 0.26% (maximum)
Phosphorous: 0.04% (maximum)
Sulfur: 0.05% (maximum)

These percentages are approximate, the exact values depending on the form of
the finished steel product. A36 is a ductile steel, with an elongation as defined by
Equation 1.1 of 20% based on an undeformed original length of 8 inches.

Steel producers who provide A36 steel must certify that it meets the ASTM
standard. The values for yield stress and tensile strength shown are minimum
requirements; they may be exceeded and usually are to a certain extent. The tensile
strength is given as a range of values because for A36 steel, this property cannot be
achieved to the same degree of precision as the yield stress.

Other commonly used structural steels are ASTM A572 Grade 50 and ASTM
A992. These two steels are very similar in both tensile properties and chemical
composition, with a maximum carbon content of 0.23%. A comparison of the ten-
sile properties of A36, A572 Grade 50, and A992 is given in Table 1.1.

STANDARD CROSS-SECTIONAL SHAPES

In the design process outlined earlier, one of the objectives—and the primary emphasis
of this book —is the selection of the appropriate cross sections for the individual mem-
bers of the structure being designed. Most often, this selection will entail choosing a
standard cross-sectional shape that is widely available rather than requiring the fabrica-
tion of a shape with unique dimensions and properties. The selection of an “off-the-
shelf” item will almost always be the most economical choice, even if it means using
slightly more material. The largest category of standard shapes includes those produced



1.6: Standard Cross-Sectional Shapes 13

by hot-rolling. In this manufacturing process, which takes place in a mill, molten steel is
taken from an electric arc furnace and poured into a continuous casting system where
the steel solidifies but is never allowed to cool completely. The hot steel passes through a
series of rollers that squeeze the material into the desired cross-sectional shape. Rolling
the steel while it is still hot allows it to be deformed with no resulting loss in ductility, as
would be the case with cold-working. During the rolling process, the member increases
in length and is cut to standard lengths, usually a maximum of 65 to 75 feet, which are
subsequently cut (in a fabricating shop) to the lengths required for a particular structure.

Cross sections of some of the more commonly used hot-rolled shapes are shown
in Figure 1.6. The dimensions and designations of the standard available shapes are
defined in the ASTM standards (ASTM, 2010b). The W-shape, also called a wide-
flange shape, consists of two parallel flanges separated by a single web. The orien-
tation of these elements is such that the cross section has two axes of symmetry. A
typical designation would be “W18 X 50,” where W indicates the type of shape, 18
is the nominal depth parallel to the web, and 50 is the weight in pounds per foot of
length. The nominal depth is the approximate depth expressed in whole inches. For
some of the lighter shapes, it is equal to the depth to the nearest inch, but this is not
a general rule for the W-shapes. All of the W-shapes of a given nominal size can be
grouped into families that have the same depth from inside-of-flange to inside-of-
flange but with different flange thicknesses.

FIGURE 1.6 Flange
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The American Standard, or S-shape, is similar to the W-shape in having two
parallel flanges, a single web, and two axes of symmetry. The difference is in the pro-
portions: The flanges of the W are wider in relation to the web than are the flanges
of the S. In addition, the outside and inside faces of the flanges of the W-shape are
parallel, whereas the inside faces of the flanges of the S-shape slope with respect to
the outside faces. An example of the designation of an S-shape is “S18 X 70,” with
the S indicating the type of shape, and the two numbers giving the depth in inches
and the weight in pounds per foot. This shape was formerly called an I-beam.

The angle shapes are available in either equal-leg or unequal-leg versions. A typi-
cal designation would be “L6 X 6 X % or “L6 X 4 X 34.” The three numbers are the
lengths of each of the two legs as measured from the corner, or heel, to the toe at the
other end of the leg, and the thickness, which is the same for both legs. In the case of
the unequal-leg angle, the longer leg dimension is always given first. Although this
designation provides all of the dimensions, it does not provide the weight per foot.

The American Standard Channel, or C-shape, has two flanges and a web, with
only one axis of symmetry; it carries a designation such as “C9 X 20.” This notation
is similar to that for W- and S-shapes, with the first number giving the total depth in
inches parallel to the web and the second number the weight in pounds per linear foot.
For the channel, however, the depth is exact rather than nominal. The inside faces
of the flanges are sloping, just as with the American Standard shape. Miscellaneous
Channels—for example, the MC10 X 25—are similar to American Standard Channels.

The Structural Tee is produced by splitting an I-shaped member at middepth.
This shape is sometimes referred to as a split-tee. The prefix of the designation is
either WT, ST, or MT, depending on which shape is the “parent.” For example, a
WT18 X 105 has a nominal depth of 18 inches and a weight of 105 pounds per foot,
and is cut from a W36 X 210. Similarly, an ST10 X 33 is cut from an S20 X 66, and an
MTS5 X 4is cut from an M10 X 8. The “M” is for “miscellaneous.” The M-shape has
two parallel flanges and a web, but it does not fit exactly into either the W or S cat-
egories. The HP shape, used for bearing piles, has parallel flange surfaces, approxi-
mately the same width and depth, and equal flange and web thicknesses. HP-shapes
are designated in the same manner as the W-shape; for example, HP14 X 117.

Other frequently used cross-sectional shapes are shown in Figure 1.7. Bars can
have circular, square, or rectangular cross sections. If the width of a rectangular shape
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is 8 inches or less, it is classified as a bar. If the width is more than 8 inches, the shape
is classified as a plate. The usual designation for both is the abbreviation PL (for
plate, even though it could actually be a bar) followed by the thickness in inches, the
width in inches, and the length in feet and inches; for example, PL 3% X 5 x 3'-215".
Although plates and bars are available in increments of /¢ inch, it is customary to
specify dimensions to the nearest /5 inch. Bars and plates are formed by hot-rolling.

Also shown in Figure 1.7 are hollow shapes, which can be produced either
by bending plate material into the desired shape and welding the seam or by hot-
working to produce a seamless shape. The shapes are categorized as steel pipe,
round HSS, and square and rectangular HSS. The designation HSS is for “Hollow
Structural Sections.”

Steel pipe is available as standard, extra-strong, or double-extra-strong, with
designations such as Pipe 5 Std., Pipe 5 x-strong, or Pipe 5 xx-strong, where 5 is the
nominal outer diameter in inches. The different strengths correspond to different
wall thicknesses for the same outer diameter. For pipes whose nominal diameter
exceeds 12 inches, the designation is the outer diameter and wall thickness in inches,
expressed to three decimal places; for example, Pipe 14.000 X 0.500.

Round HSS are designated by outer diameter and wall thickness, expressed
to three decimal places; for example, HSS 8.625 X 0.250. Square and rectangular
HSS are designated by nominal outside dimensions and wall thickness, expressed
in rational numbers; for example, HSS 7 X 5 X 3%. Most hollow structural sections
available in the United States today are produced by cold-forming and welding
(Sherman, 1997).

Other shapes are available, but those just described are the ones most frequently
used. In most cases, one of these standard shapes will satisfy design requirements. If
the requirements are especially severe, then a built-up section, such as one of those
shown in Figure 1.8, may be needed. Sometimes a standard shape is augmented by
additional cross-sectional elements, as when a cover plate is welded to one or both
flanges of a W-shape. Building up sections is an effective way of strengthening an
existing structure that is being rehabilitated or modified for some use other than
the one for which it was designed. Sometimes a built-up shape must be used be-
cause none of the standard rolled shapes are large enough; that is, the cross section
does not have enough area or moment of inertia. In such cases, plate girders can be
used. These can be I-shaped sections, with two flanges and a web, or box sections,
with two flanges and two webs. The components can be welded together and can be
designed to have exactly the properties needed. Built-up shapes can also be created

BB

W-shape with Plate girders Double angle Double channel
cover plates
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Shape Preferred Steel

Angles A36

Plates A36

S,M, C,MC A36

HP AS572 Grade 50

Y A992

Pipe AS53 Grade B (only choice)

HSS A500 Grade C, F, = 46 ksi (round) or

AS00 Grade C, F,, = 50 ksi (rectangular)

by attaching two or more standard rolled shapes to each other. A widely used combi-
nation is a pair of angles placed back-to-back and connected at intervals along their
length. This is called a double-angle shape. Another combination is the double-
channel shape (either American Standard or Miscellaneous Channel). There are
many other possibilities, some of which we illustrate throughout this book.

The most commonly used steels for rolled shapes and plate material are ASTM
A36, A572, and A992. ASTM A36 is usually specified for angles, plates, S, M, and
channel shapes; A572 Grade 50 for HP shapes; and A992 for W shapes. (These
three steels were compared in Table 1.1 in Section 1.5.) Steel pipe is available in
ASTM AS53 Grade B only. ASTM AS500 is usually specified for hollow structural
sections (HSS). These recommendations are summarized in Table 1.2. Other steels
can be used for these shapes, but the ones listed in Table 1.2 are the most common
(Anderson, Carter, and Schlafly, 2015).

Another category of steel products for structural applications is cold-formed
steel. Structural shapes of this type are created by bending thin material such as
sheet steel or plate into the desired shape without heating. Typical cross sections
are shown in Figure 1.9. Only relatively thin material can be used, and the resulting
shapes are suitable only for light applications. An advantage of this product is its
versatility, since almost any conceivable cross-sectional shape can easily be formed.
In addition, cold-working will increase the yield point of the steel, and under cer-
tain conditions it may be accounted for in design (AISI, 2012). This increase comes
at the expense of a reduction in ductility, however. Because of the thinness of the
cross-sectional elements, the problem of instability (discussed in Chapters 4 and 5)
is a particularly important factor in the design of cold-formed steel structures.
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PROBLEMS

Note

1.5-1

1.5-2

1.5-3

The following problems illustrate the concepts of stress and strain covered in
Section 1.5. The materials cited in these problems are not necessarily steel.

A tensile test was performed on a metal specimen with a circular cross sec-
tion. The diameter was measured to be 0.550 inch. Two marks were made
along the length of the specimen and were measured to be 2.030 inches
apart. This distance is defined as the gage length, and all length meas-
urements are made between the two marks. The specimen was loaded to
failure. Fracture occurred at a load of 28,500 pounds. The specimen was
then reassembled, and the diameter and gage length were measured to be
0.430 inch and 2.300 inches. Determine the

a. Ultimate tensile stress in ksi.
b. Elongation as a percentage.
¢. Reduction in cross-sectional area as a percentage.

A tensile test was performed on a metal specimen having a circular cross
section with a diameter of '/ inch. The gage length (the length over which
the elongation is measured) is 2 inches. For a load 13.5 kips, the elonga-
tion was 4.66 X 1072 inches. If the load is assumed to be within the linear
elastic range of the material, determine the modulus of elasticity.

A tensile test was performed on a metal specimen having a circular cross
section with a diameter of 0.510 inch. For each increment of load applied,
the strain was directly determined by means of a strain gage attached to
the specimen. The results are shown in Table 1.5.1.

a. Prepare a table of stress and strain.

b. Plot these data to obtain a stress—strain curve. Do not connect the data
points; draw a best-fit straight line through them.

¢. Determine the modulus of elasticity as the slope of the best-fit line.

Load (Ib) Strain X 10° (in./in.)
0 0

250 37.1

500 70.3
1000 129.1
1500 230.1
2000 259.4
2500 372.4
3000 457.7
3500 586.5

TABLE 1.51
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1.5-4 A tensile test was performed on a metal specimen with a diameter of
/> inch and a gage length (the length over which the elongation is meas-
ured) of 4 inches. The data were plotted on a load-displacement graph,
P vs. AL. A best-fit line was drawn through the points, and the slope of
the straight-line portion was calculated to be P/AL = 1392 kips/in. What
is the modulus of elasticity?

1.5-5 The results of a tensile test are shown in Table 1.5.2. The test was per-
formed on a metal specimen with a circular cross section. The diameter
was & inch and the gage length (the length over which the elongation is
measured) was 2 inches.

a. Use the data in Table 1.5.2 to produce a table of stress and strain values.
b. Plot the stress—strain data and draw a best-fit curve.

c¢. Compute the modulus of elasticity from the initial slope of the curve.

d. Estimate the yield stress.

Load (Ib) Elongation X 10° (in.)
0 0
550 350
1100 700
1700 900
2200 1350
2800 1760
3300 2200
3900 2460
4400 2860
4900 3800
4970 5300
5025 7800
TABLE 1.5.2

1.5-6 The data in Table 1.5.3 were obtained from a tensile test of a metal spe-
cimen with a rectangular cross section of 0.2011 in.? in area and a gage
length (the length over which the elongation is measured) of 2.000 inches.
The specimen was not loaded to failure.

a. Generate a table of stress and strain values.
b. Plot these values and draw a best-fit line to obtain a stress—strain curve.

¢. Determine the modulus of elasticity from the slope of the linear portion
of the curve.
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d. Estimate the value of the proportional limit.
e. Use the 0.2% offset method to determine the yield stress.

Load (Kkips) Elongation x 10° (in.)
0 0
1 0.160
2 0.352
3 0.706
4 1.012
5 1.434
6 1.712
7 1.986
8 2.286
9 2.612
10 2.938
11 3.274
12 3.632
13 3.976
14 4.386
15 4.640
16 4.988
17 5.432
18 5.862
19 6.362
20 7.304
21 8.072
22 9.044
23 11.310
24 14.120
25 20.044
26 29.106

TABLE 1.5.3
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2.1

chapter 2

Concepts in Structural
Steel Design

DESIGN PHILOSOPHIES

As discussed earlier, the design of a structural member entails the selection of a
cross section that will safely and economically resist the applied loads. Economy
usually means minimum weight—that is, the minimum amount of steel. This amount
corresponds to the cross section with the smallest weight per foot, which is the one
with the smallest cross-sectional area. Although other considerations, such as ease
of construction, may ultimately affect the choice of member size, the process begins
with the selection of the lightest cross-sectional shape that will do the job. Hav-
ing established this objective, the engineer must decide how to do it safely, which is
where different approaches to design come into play. The fundamental requirement
of structural design is that the required strength not exceed the available strength;
that is,

Required strength = available strength

In allowable strength design (ASD), a member is selected that has cross-sectional
properties such as area and moment of inertia that are large enough to prevent the
maximum applied axial force, shear, or bending moment from exceeding an allow-
able, or permissible, value. This allowable value is obtained by dividing the nominal,
or theoretical, strength by a factor of safety. This can be expressed as

Required strength =< allowable strength (2.1)
where

nominal strength

Allowable strength =
safety factor

Strength can be an axial force strength (as in tension or compression members), a
flexural strength (moment strength), or a shear strength.

21



22 Chapter 2: Concepts in Structural Steel Design

If stresses are used instead of forces or moments, the relationship of Equation 2.1
becomes

Maximum applied stress =< allowable stress 2.2)

This approach is called allowable stress design. The allowable stress will be in the
elastic range of the material (see Figure 1.3). This approach to design is also called
elastic design or working stress design. Working stresses are those resulting from the
working loads, which are the applied loads. Working loads are also known as service
loads.

Plastic design is based on a consideration of failure conditions rather than working
load conditions. A member is selected by using the criterion that the structure will
fail at a load substantially higher than the working load. Failure in this context means
either collapse or extremely large deformations. The term plastic is used because, at
failure, parts of the member will be subjected to very large strains—large enough to
put the member into the plastic range (see Figure 1.3b). When the entire cross section
becomes plastic at enough locations, “plastic hinges” will form at those locations, cre-
ating a collapse mechanism. As the actual loads will be less than the failure loads by
a factor of safety known as the load factor, members designed this way are not unsafe,
despite being designed based on what happens at failure. This design procedure is
roughly as follows.

1. Multiply the working loads (service loads) by the load factor to obtain the
failure loads.

2. Determine the cross-sectional properties needed to resist failure under
these loads. (A member with these properties is said to have sufficient
strength and would be at the verge of failure when subjected to the factored
loads.)

3. Select the lightest cross-sectional shape that has these properties.

Members designed by plastic theory would reach the point of failure under the fac-
tored loads but are safe under actual working loads.

Load and resistance factor design (LRFD) is similar to plastic design in that
strength, or the failure condition, is considered. Load factors are applied to the ser-
vice loads, and a member is selected that will have enough strength to resist the
factored loads. In addition, the theoretical strength of the member is reduced by the
application of a resistance factor. The criterion that must be satisfied in the selection
of a member is

Factored load = factored strength (2.3)

In this expression, the factored load is actually the sum of all service loads to be
resisted by the member, each multiplied by its own load factor. For example, dead
loads will have load factors that are different from those for live loads. The factored
strength is the theoretical strength multiplied by a resistance factor. Equation 2.3
can therefore be written as

2(loads X load factors) =< resistance X resistance factor 2.4)
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The factored load is a failure load greater than the total actual service load, so
the load factors are usually greater than unity. However, the factored strength is
a reduced, usable strength, and the resistance factor is usually less than unity. The
factored loads are the loads that bring the structure or member to its limit. In terms
of safety, this limit state can be fracture, yielding, or buckling, and the factored
resistance is the useful strength of the member, reduced from the theoretical value
by the resistance factor. The limit state can also be one of serviceability, such as a
maximum acceptable deflection.

AMERICAN INSTITUTE OF STEEL
CONSTRUCTION SPECIFICATION

Because the emphasis of this book is on the design of structural steel building mem-
bers and their connections, the Specification of the American Institute of Steel Con-
struction is the design specification of most importance here. It is written and kept
current by an AISC committee comprising structural engineering practitioners, edu-
cators, steel producers, and fabricators. New editions are published periodically, and
supplements are issued when interim revisions are needed. Allowable stress design
has been the primary method used for structural steel buildings since the first AISC
Specification was issued in 1923, although plastic design was made part of the Speci-
fication in 1963. In 1986, AISC issued the first specification for load and resistance
factor design along with a companion Manual of Steel Construction. The purpose of
these two documents was to provide an alternative to allowable stress design, much
as plastic design is an alternative. The current specification (AISC, 2016a) incorpo-
rates both LRFD and ASD.

The LRFD provisions are based on research reported in eight papers pub-
lished in 1978 in the Structural Journal of the American Society of Civil Engineers
(Ravindra and Galambos; Yura, Galambos, and Ravindra; Bjorhovde, Galambos,
and Ravindra; Cooper, Galambos, and Ravindra; Hansell et al.; Fisher et al,;
Ravindra, Cornell, and Galambos; Galambos and Ravindra, 1978).

Although load and resistance factor design was not introduced into the AISC
Specification until 1986, it is not a recent concept; since 1974, it has been used in
Canada, where it is known as limit states design. It is also the basis of most European
building codes. In the United States, LRFD has been an accepted method of design
for reinforced concrete for years and is the primary method authorized in the
American Concrete Institute’s Building Code, where it is known as strength design
(ACI, 2014). Current highway bridge design standards also use load and resistance
factor design (AASHTO, 2014).

The AISC Specification is published as a stand-alone document, but it is also
part of the Steel Construction Manual, which we discuss in the next section. Except
for such specialized steel products as cold-formed steel, which is covered by a dif-
ferent specification (AISI, 2012), the AISC Specification is the standard by which
virtually all structural steel buildings in this country are designed and constructed.
Hence the student of structural steel design must have ready access to this docu-
ment. The details of the Specification will be covered in the chapters that follow, but
we discuss the overall organization here.
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2.3

The Specification consists of three parts: the main body, the appendixes,
and the Commentary. The body is alphabetically organized into Chapters A
through N. Within each chapter, major headings are labeled with the chapter des-
ignation followed by a number. Furthermore, subdivisions are numerically labeled.
For example, the types of structural steel authorized are listed in Chapter A,
“General Provisions,” under Section A3, “Material,” and, under it, Section 1,
“Structural Steel Materials.” The main body of the Specification is followed by
Appendixes 1-8. The Appendix section is followed by the Commentary, which gives
background and elaboration on many of the provisions of the Specification. Its orga-
nizational scheme is the same as that of the Specification, so material applicable to a
particular section can be easily located.

The Specification incorporates both U.S. customary and metric (SI) units.
Where possible, equations and expressions are expressed in non-dimensional form
by leaving quantities such as yield stress and modulus of elasticity in symbolic form,
thereby avoiding giving units. When this is not possible, U.S. customary units are
given, followed by SI units in parentheses. Although there is a strong move to met-
rication in the steel industry, most structural design in the United States is still done
in U.S. customary units, and this textbook uses only U.S. customary units.

LOAD FACTORS, RESISTANCE FACTORS,
AND LOAD COMBINATIONS FOR LRFD

Equation 2.4 can be written more precisely as

2,0, = ¢R, 2.5)

where

Q; = aload effect (a force or a moment)

v; = aload factor

R, = the nominal resistance, or strength, of the component under consideration
¢ = resistance factor

The factored resistance ¢R,, is called the design strength. The summation on
the left side of Equation 2.5 is over the total number of load effects (including,
but not limited to, dead load and live load), where each load effect can be associ-
ated with a different load factor. Not only can each load effect have a different
load factor but also the value of the load factor for a particular load effect will
depend on the combination of loads under consideration. Equation 2.5 can also
be written in the form

R,=¢R, (2.6)
where

R, = required strength = sum of factored load effects (forces or moments)

Section B2 of the AISC Specification says to use the load factors and load com-
binations prescribed by the governing building code. If the building code does not
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give them, then ASCE 7 (ASCE, 2016) should be used. The load factors and load
combinations in this standard are based on extensive statistical studies and are pre-
scribed by most building codes.

The following load combinations are based on the combinations given in
ASCE 7-16:

Combination 1: 1.4D

Combination 2: 1.2D + 1.6L + 0.5(L, or S or R)
Combination 3: 1.2D + 1.6(L, or S or R) + (0.5L or 0.5W)
Combination 4:  1.2D + 1.0W + 0.5(L, or S or R)
Combination 5:  0.9D + 1.0W

where

D = dead load
L = live load due to occupancy
L, = roof live load
S = snow load
R = rain or ice load”
W = wind load

Note that earthquake (seismic) loading is absent from this list. If earthquake loads
must be considered, consult the governing building code or ASCE 7.

In combinations 3 and 4, the load factor on L should be increased from 0.5 to 1.0
if L is greater than 100 pounds per square foot and for garages or places of public
assembly.

In combinations with wind load, you should use a direction that produces the
worst effect.

Combination 5 accounts for the possibility of dead load and wind load counter-
acting each other; for example, the net load effect could be the difference between
0.9D and 1.0W. (Wind loads may tend to overturn a structure, but the dead load will
have a stabilizing effect.)

As previously mentioned, the load factor for a particular load effect is not the
same in all load combinations. For example, in combination 2 the load factor for the
live load L is 1.6, whereas in combination 3, it is 0.5. The reason is that the live load
is being taken as the dominant effect in combination 2, and one of the three effects,
L,, S, or R, will be dominant in combination 3. In each combination, one of the
effects is considered to be at its “lifetime maximum” value and the others at their
“arbitrary point in time” values.

The resistance factor ¢ for each type of resistance is given by AISC in the Spec-
ification chapter dealing with that resistance, but in most cases, one of two values
will be used: 0.90 for limit states involving yielding or compression buckling and
0.75 for limit states involving rupture (fracture).

“This load does not include ponding, a phenomenon that we discuss in Chapter 5.
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2.4 SAFETY FACTORS AND LOAD COMBINATIONS FOR ASD

For allowable strength design, the relationship between loads and strength (Equation 2.1)
can be expressed as

R =—" 2.7
= — .
a0 @7)

where

R, = required strength
R, = nominal strength (same as for LRFD)
) = safety factor

R,/Q = allowable strength

The required strength R, is the sum of the service loads or load effects. As with
LRFD, specific combinations of loads must be considered. Load combinations
for ASD are also given in ASCE 7. The following combinations are based on
ASCE 7-16:

Combination 1: D

Combination2: D + L

Combination 3: D + (L, or S or R)

Combination 4: D + 0.75L + 0.75(L, or S or R)
Combination 5: D + 0.6W

Combination 6: D + 0.75L + 0.75(0.6W) + 0.75(L, or S or R)
Combination 7:  0.6D + 0.6W

The factors shown in these combinations are not load factors. The 0.75 factor in
some of the combinations accounts for the unlikelihood that all loads in the combi-
nation will be at their lifetime maximum values simultaneously.

Corresponding to the two most common values of resistance factors in
LRFD are the following values of the safety factor ) in ASD: For limit states
involving yielding or compression buckling, Q = 1.67." For limit states involving
rupture, ) = 2.00. The relationship between resistance factors and safety fac-
tors is given by

L5
Q=- 2.8
) 2-8)

For reasons that will be discussed later, this relationship will produce similar designs
for LRFD and ASD, under certain loading conditions.

If both sides of Equation 2.7 are divided by area (in the case of axial load) or
section modulus (in the case of bending moment), then the relationship becomes

f=F

“The value of Q) is actually 123 = 5/3 but has been rounded to 1.67 in the AISC specification.
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f = applied stress
F = allowable stress

This formulation is called allowable stress design.

Example 2.1

A column (compression member) in the upper story of a building is subject to the

following loads:

Dead load:
Floor live load:
Roof live load:
Snow:

109 kips compression
46 kips compression
19 kips compression
20 kips compression

a. Determine the controlling load combination for LRFD and the correspond-
ing factored load.

b. If the resistance factor ¢ is 0.90, what is the required nominal strength?

¢. Determine the controlling load combination for ASD and the corresponding
required service load strength.

d. If the safety factor () is 1.67, what is the required nominal strength based on
the required service load strength?

Even though a load may not be acting directly on a member, it can still cause a load
effect in the member. This is true of both snow and roof live load in this example.
Although this building is subjected to wind, the resulting forces on the structure are
resisted by members other than this particular column.

a. The controlling load combination is the one that produces the largest factored
load. We evaluate each expression that involves dead load, D; live load resulting
from occupancy, L; roof live load, L,; and snow, S.

Combination 1:
Combination 2:

Combination 3:

Combination 4:

1.4D = 1.4(109) = 152.6 kips
1.2D + 1.6L + 0.5(L, or S or R). Because S is larger than L,
and R = 0, we need to evaluate this combination only once,
using S.
1.2D + 1.6L + 0.55 = 1.2(109) + 1.6(46) + 0.5(20)

= 214.4 kips
12D + 1.6(L, or S or R) + (0.5L or 0.5W). In this combination,
we use S instead of L,, and both R and W are zero.
1.2D + 1.6S + 0.5L = 1.2(109) + 1.6(20) + 0.5(46)

= 185.8 kips
1.2D + 1.0W + 0.5L + 0.5(L, or S or R). This expression re-
duces to 1.2D + 0.5L + 0.5S, and by inspection, we can see that
it produces a smaller result than combination 3.
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Combination 5 does not apply in this example, because there is no wind load to
counteract the dead load.

Answer Combination 2 controls, and the factored load is 214.4 Kips.

b. If the factored load obtained in part (a) is substituted into the fundamental
LRFD relationship, Equation 2.6, we obtain

Ru = d)Rn

2144 = 090R,
R, =238 kips

Answer The required nominal strength is 238 kips.

c¢. As with the combinations for LRFD, we will evaluate the expressions involving
D, L, L, and S for ASD.

Combination 1: D = 109 kips. (Obviously this case will never control when
live load is present.)
Combination2: D + L = 109 + 46 = 155 kips
Combination 3: D + (L, or S or R). Since S is larger than L,, and R = 0, this
combination reduces to D + S = 109 + 20 = 129 kips
Combination4: D + 0.75L + 0.75(L, or S or R). This expression reduces to
D + 0.75L + 0.75S = 109 + 0.75(46) + 0.75(20) = 158.5 kips
Combination 5: D + 0.6W. Because W is zero, this expression reduces to
combination 1.
Combination 6: D + 0.75L + 0.75(0.6W) + 0.75(L, or S or R). Because W is
zero, this expression reduces to combination 4.
Combination 72 0.6D + 0.6W. This combination does not apply in this
example, because there is no wind load to counteract
the dead load.

Answer Combination 4 controls, and the required service load strength is 158.5 kips.
d. From the ASD relationship, Equation 2.7,
R

n

R,="

1585 = —=+
1

R, = 265 kips

Q
R
.67

Answer The required nominal strength is 265 kips.
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Example 2.1 illustrates that the controlling load combination for LRFD may not con-
trol for ASD.

When LRFD was introduced into the AISC Specification in 1986, the load fac-
tors were determined in such a way as to give the same results for LRFD and ASD
when the loads consisted of a dead load and a live load equal to three times the dead
load. The resulting relationship between the resistance factor ¢ and the safety factor (),
as expressed in Equation 2.8, can be derived as follows. Let R, from Equations 2.6
and 2.7 be the same when L = 3D. That is,

RL{
““=R.Q
¢
12D + 1.6L
12D+ 16L _ 1 e
¢
or
12D + 1.6(3D)
S = (D +3D)Q
¢
15
Q==
¢

PROBABILISTIC BASIS OF LOAD
AND RESISTANCE FACTORS

Both the load and the resistance factors specified by AISC are based on probabi-
listic concepts. The resistance factors account for uncertainties in material proper-
ties, design theory, and fabrication and construction practices. Although a complete
treatment of probability theory is beyond the scope of this book, we present a brief
summary of the basic concepts here.

Experimental data can be represented in the form of a histogram, or bar graph,
as shown in Figure 2.1, with the abscissa representing sample values, or events,
and the ordinate representing either the number of samples having a certain value
or the frequency of occurrence of a certain value. Each bar can represent a single

Frequency

>y

a b

Sample valuc
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sample value or a range of values. If the ordinate is the percentage of values rather
than the actual number of values, the graph is referred to as a relative frequency
distribution. In such a case the sum of the ordinates will be 100%. If the abscissa
values are random events, and enough samples are used, each ordinate can be
interpreted as the probability, expressed as a percentage, of that sample value or
event occurring. The relative frequency can also be expressed in decimal form,
with values between 0 and 1.0. Thus the sum of the ordinates will be unity, and if
each bar has a unit width, the total area of the diagram will also be unity. This re-
sult implies a probability of 1.0 that an event will fall within the boundaries of the
diagram. Furthermore, the probability that a certain value or something smaller
will occur is equal to the area of the diagram to the left of that value. The prob-
ability of an event having a value falling between a and b in Figure 2.1 equals the
area of the diagram between a and b.

Before proceeding, some definitions are in order. The mean, X, of a set of
sample values, or population, is the arithmetic average, or

X=—>x
n z=21 !
where x; is a sample value and » is the number of values. The median is the
middle value of x, and the mode is the most frequently occurring value. The
variance, v, is a measure of the overall variation of the data from the mean and
is defined as

1 _
v = ;E(xi - X)?
i

The standard deviation s is the square root of the variance, or

5= 4 /%i(xi—)?)z

Like the variance, the standard deviation is a measure of the overall variation, but
it has the same units and the same order of magnitude as the data. The coefficient of
variation, V, is the standard deviation divided by the mean, or

oS
X

If the actual frequency distribution is replaced by a theoretical continuous function
that closely approximates the data, it is called a probability density function. Such
a function is illustrated in Figure 2.2. Probability functions are designed so that the
total area under the curve is unity. That is, for a function f(x),

JJr:f(x) dx=1.0
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£(x)

1.0F

which means that the probability that one of the sample values or events will occur
is 1.0. The probability of one of the events between a and b in Figure 2.2 equals the
area under the curve between a and b, or

Lbf(x) dx

When a theoretical probability density function is used, the following notation is
conventional:

M = mean
o = standard deviation

The probabilistic basis of the load and resistance factors used by AISCis presented
in the ASCE structural journal and is summarized here (Ravindra and Galambos, 1978).
Load effects, O, and resistances, R, are random variables and depend on many factors.
Loads can be estimated or obtained from measurements and inventories of actual
structures, and resistances can be computed or determined experimentally. Discrete
values of Q and R from observations can be plotted as frequency distribution histo-
grams or represented by theoretical probability density functions. We use this latter
representation in the material that follows.

If the distributions of Q and R are combined into one function, R—Q, positive
values of R—Q correspond to survival. Equivalently, if a probability density func-
tion of R/Q, the factor of safety, is used, survival is represented by values of R/Q
greater than 1.0. The corresponding probability of failure is the probability that
R/Q is less than 1; that is,

o)

Taking the natural logarithm of both sides of the inequality, we have

e o) o 8
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FIGURE 2.3

Frequency

In(R/Q)
ﬂaln(R/Q) _ \ [ln(R/Q)]m

The frequency distribution curve of In(R/Q) is shown in Figure 2.3. The standardized
form of the variable In(R/Q) can be defined as

o))l

[hl(g)]m = the mean value of ln<g)

R
Tin(R/IQ) = standard deviation of In (Q)

This transformation converts the abscissa U to multiples of standard deviations and
places the mean of U at U = 0. The probability of failure can then be written as

O N O T [
bl [ )

=P{U<-——"1"b=F,
OIn(R/Q) On(R/Q)

S

where F, is the cumulative distribution function of U, or the probability that U will
not exceed the argument of the function. If we let

- 9In(R/Q)
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Loading Condition
Type of Component D + (LorS) D+L+W D+ L+ E*
Members 3.0 2.5 1.75
Connections 4.5 4.5 4.5

“Eis earthquake, or seismic, loading.

then

R
o)L -

The variable 8 can be interpreted as the number of standard deviations from the ori-
gin that the mean value of In(R/Q) is. For safety, the mean value must be more than
zero, and as a consequence, 3 is called the safety index or reliability index. The larger
this value, the larger will be the margin of safety. This means that the probability
of failure, represented by the shaded area in Figure 2.3 labeled Py, will be smaller.
The reliability index is a function of both the load effect O and the resistance R. Use
of the same reliability index for all types of members subjected to the same type
of loading gives the members relatively uniform strength. The “target” values of 8
shown in Table 2.1, selected and used in computing both load and resistance factors
for the AISC Specification, were based on the recommendations of Ravindra and
Galambos (1978), who also showed that

¢ = % o~ 0558V,

n

where

R,, = mean value of the resistance R
R,, = nominal or theoretical resistance
Vr = coefficient of variation of R

STEEL CONSTRUCTION MANUAL

Anyone engaged in structural steel design in the United States must have access
to AISC’s Steel Construction Manual (AISC, 2016a). This publication contains the
AISC Specification and numerous design aids in the form of tables and graphs, as
well as a “catalog” of the most widely available structural shapes.

The first nine editions of the Manual and the accompanying specifications were
based on ASD. The ninth edition was followed by editions one through three of the
LRFD-based manuals. The edition that followed, which for the first time incorpo-
rated both ASD and LRFD, was named the thirteenth edition, because it was the
thirteenth manual that had been published. The current version, the fifteenth edi-
tion, also covers both ASD and LRFD.
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This textbook was written under the assumption that you would have access to
the Manual at all times. To encourage use of the Manual, we did not reproduce its
tables and graphs in this book. The Manual is divided into 17 parts as follows:

Part 1. Dimensions and Properties. This part contains details on standard
hot-rolled shapes, pipe, and hollow structural sections, including all necessary
cross-sectional dimensions and properties such as area and moment of inertia.

Part 2. General Design Considerations. This part includes a brief overview
of various specifications (including a detailed discussion of the AISC Specific-
ation), codes and standards, some fundamental design and fabrication prin-
ciples, and a discussion of the proper selection of materials.

Part 3. Design of Flexural Members. This part contains a discussion of Spe-
cification requirements and design aids for beams, including composite beams
(in which a steel shape acts in combination with a reinforced concrete floor or
roof slab). Composite beams are covered in Chapter 9 of this textbook, “Com-
posite Construction.”

Part 4. Design of Compression Members. Part 4 includes a discussion of the
Specification requirements for compression members and numerous design
aids.

Part 5. Design of Tension Members. This part includes design aids for ten-
sion members and a summary of the Specification requirements for tension
members.

Part 6. Design of Members Subject to Combined Forces. Part 6 covers mem-
bers subject to combined axial tension and flexure, combined axial compres-
sion and flexure, and combined torsion, flexure, shear, and/or axial force. Of
particular interest is the material on combined axial compression and flexure,
which is the subject of Chapter 6 of this textbook, “Beam—-Columns.”

Parts 7 through 15 cover connections:
Part 7. Design Considerations for Bolts.
Part 8. Design Considerations for Welds.
Part 9. Design of Connecting Elements.
Part 10. Design of Simple Shear Connections.
Part 11. Design of Partially Restrained Moment Connections.
Part 12. Design of Fully Restrained Moment Connections.
Part 13. Design of Bracing Connections and Truss Connections.

Part 14. Design of Beam Bearing Plates, Col. Base Plates, Anchor Rods,
and Col. Splices.

Part 15. Design of Hanger Connections, Bracket Plates, and Crane-Rail
Connections.

Part 16. Specifications and Codes. This part contains the AISC Specification
and Commentary, a specification for high-strength bolts (RCSC, 2014), and the
AISC Code of Standard Practice (AISC, 2016b).
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Part 17. Miscellaneous Data and Mathematical Information. This part in-
cludes properties of standard steel shapes in SI units, conversion factors and
other information on SI units, weights and other properties of building materi-
als, mathematical formulas, and properties of geometric shapes.

All design aids in the Manual give values for both allowable strength design (ASD)
and load and resistance factor design (LRFD). The Manual uses a color-coding
scheme for these values: ASD allowable strength values (R,,/()) are shown as black
numbers on a green background, and LRFD design strength values (¢R,,) are shown
as blue numbers on a white background.

The AISC Specification is only a small part of the Manual. Many of the terms
and constants used in other parts of the Manual are presented to facilitate the de-
sign process and are not necessarily part of the Specification. In some instances,
the recommendations are only guidelines based on common practice, not require-
ments of the Specification. Although such information is not in conflict with the
Specification, it is important to recognize what is a requirement (a specification that
is adopted by a building code) and what is not.

As a companion document to the Manual, a set of design examples is available
at the AISC web site (AISC, 2017b). These examples illustrate the application of
the Specification and the Manual. A comprehensive building design example is also
included. Both LRFD and ASD solutions are presented in a side-by-side format.

DESIGN COMPUTATIONS AND PRECISION

The computations required in engineering design and analysis are done with either a
digital computer or an electronic calculator. When doing manual computations with
the aid of an electronic calculator, an engineer must make a decision regarding the
degree of precision needed. The problem of how many significant figures to use
in engineering computations has no simple solution. Recording too many significant
digits is misleading and can imply an unrealistic degree of precision. Conversely,
recording too few figures can lead to meaningless results. The question of precision
was mostly academic before the early 1970s, when the chief calculating tool was
the slide rule. The guiding principle at that time was to read and record numbers as
accurately as possible, which meant three or four significant figures.

There are many inherent inaccuracies and uncertainties in structural design,
including variations in material properties and loads; load estimates sometimes
border on educated guesses. It hardly makes sense to perform computations with
12 significant figures and record the answer to that degree of precision when the
yield stress is known only to the nearest 10 kips per square inch (two significant
figures). Furthermore, data given in the Steel Construction Manual has been
rounded to three significant figures. To avoid results that are even less precise,
however, it is reasonable to assume that the given parameters of a problem, such
as the yield stress, are exact and then decide on the degree of precision required
in subsequent calculations.

A further complication arises when electronic calculators are used. If all of the
computations for a problem are done in one continuous series of operations on a
calculator, the number of significant figures used is whatever the calculator uses,
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perhaps 10 or 12. But if intermediate values are rounded, recorded, and used in sub-
sequent computations, then a consistent number of significant figures will not have
been used. Furthermore, the manner in which the computations are grouped will in-
fluence the final result. In general, the result will be no more accurate than the least
accurate number used in the computation—and sometimes less because of round-off
error. For example, consider a number calculated on a 12-digit calculator and re-
corded to four significant figures. If this number is multiplied by a number expressed
to five significant figures, the product will be precise to four significant figures at
most, regardless of the number of digits displayed on the calculator. Consequently, it
is not reasonable to record this number to more than four significant figures.

It is also unreasonable to record the results of every calculator multiplication
or division to a predetermined number of significant figures in order to have a con-
sistent degree of precision throughout. A reasonable approach is to perform opera-
tions on the calculator in any convenient manner and record intermediate values to
whatever degree of precision is deemed adequate (without clearing the intermediate
value from the calculator if it can be used in the next computation). The final results
should then be expressed to a precision consistent with this procedure, usually to one
significant figure less than the intermediate results, to account for round-off error.

It is difficult to determine what the degree of precision should be for the typical
structural steel design problem. Using more than three or four significant figures is
probably unrealistic in most cases, and results based on less than three may be too
approximate to be of any value. In this book we record intermediate values to three or
four digits (usually four), depending on the circumstances, and record final results to
three digits. For multiplication and division, each number used in an intermediate
calculation should be expressed to four significant figures, and the result should
be recorded to four significant figures. For addition and subtraction, determin-
ing the location of the right-most significant digit in a column of numbers is done
as follows: from the left-most significant digit of all numbers involved, move to
the right a number of digits corresponding to the number of significant digits
desired. For example, to add 12.34 and 2.234 (both numbers have four significant
figures) and round to four significant figures,

12.34
+2.234
14.574

and the result should be recorded as 14.57, even though the fifth digit of the result
was significant in the second number. As another example, consider the addition of
the following numbers, both accurate to four significant figures:

36,000 + 1.240 = 36,001.24

The result should be recorded as 36,000 (four significant figures). When sub-
tracting numbers of almost equal value, significant digits can be lost. For example,
in the operation

12,458.62 — 12,462.86 = —4.24
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four significant figures are lost. To avoid this problem, when subtracting, start with
additional significant figures if possible.

When rounding numbers where the first digit to be dropped is a 5 with no digits
following, two options are possible. The first is to add 1 to the last digit retained.
The other is to use the “odd-add” rule, in which we leave the last digit to be retained
unchanged if it is an even number, and add 1 if it is an odd number, making it even.
In this book, we follow the first practice. The “odd-add” rule tends to average out
the rounding process when many numerical operations are involved, as in statistical
methods, but that is not the case in most structural design problems. In addition,
most calculators, spreadsheet programs, and other software use the first method,
and our results will be consistent with those tools; therefore, we will round up when
the first digit dropped is a 5 with no digits following.



38 Chapter 2: Concepts in Structural Steel Design

PROBLEMS

Note

2-1

2-2

2-3

All given loads are service loads.

A column in a building is subjected to the following load effects:

9 kips compression from dead load

5 kips compression from roof live load

6 kips compression from snow

7 kips compression from 3 inches of rain accumulated on the roof

8 kips compression from wind

a.

If load and resistance factor design is used, determine the factored load
(required strength) to be used in the design of the column. Which AISC
load combination controls?

. What is the required design strength of the column?

¢. What is the required nominal strength of the column for a resistance

factor ¢ of 0.90?

. If allowable strength design is used, determine the required load capac-

ity (required strength) to be used in the design of the column. Which
AISC load combination controls?

. What is the required nominal strength of the column for a safety factor

Q of 1.67?

Repeat Problem 2-1 without the possibility of rain accumulation on the
roof.

A beam is part of the framing system for the floor of an office building. The
floor is subjected to both dead loads and live loads. The maximum moment
caused by the service dead load is 45 ft-kips, and the maximum moment for
the service live load is 63 ft-kips (these moments occur at the same location
on the beam and can therefore be combined).

a.

If load and resistance factor design is used, determine the maximum
factored bending moment (required moment strength). What is the con-
trolling AISC load combination?

. What is the required nominal moment strength for a resistance factor

¢ of 0.90?

. If allowable strength design is used, determine the required moment

strength. What is the controlling AISC load combination?

. What is the required nominal moment strength for a safety factor ()

of 1.677
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2-5

Problems 39

A tension member must be designed for a service dead load of 18 kips and
a service live load of 2 kips.

a. If load and resistance factor design is used, determine the maxi-
mum factored load (required strength) and the controlling AISC load
combination.

b. If allowable strength design is used, determine the maximum load
(required strength) and the controlling AISC load combination.

A flat roof is subject to the following uniformly distributed loads: a dead
load of 21 psf (pounds per square foot of roof surface), a roof live load of
12 psf, a snow load of 13.5 psf, and a wind load of 22 psf upward. (Although
the wind itself is in a horizontal direction, the force that it exerts on this roof
is upward. It will be upward regardless of wind direction. The dead, live, and
snow loads are gravity loads and act downward.)

a. If load and resistance factor design is used, compute the factored load
(required strength) in pounds per square foot. Which AISC load com-
bination controls?

b. If allowable strength design is used, compute the required load capacity

(required strength) in pounds per square foot. Which AISC load combi-
nation controls?
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chapter 3

Tension Members

3.1 INTRODUCTION

ension members are structural elements that are subjected to axial tensile forces.

They are used in various types of structures and include truss members, brac-
ing for buildings and bridges, cables in suspended roof systems, and cables in sus-
pension and cable-stayed bridges. Any cross-sectional configuration may be used,
because for any given material, the only determinant of the strength of a tension
member is the cross-sectional area. Circular rods and rolled angle shapes are fre-
quently used. Built-up shapes, either from plates, rolled shapes, or a combination of
plates and rolled shapes, are sometimes used when large loads must be resisted. The
most common built-up configuration is probably the double-angle section, shown in
Figure 3.1, along with other typical cross sections. Because the use of this section is
so widespread, tables of properties of various combinations of angles are included
in the AISC Steel Construction Manual.

The stress in an axially loaded tension member is given by

>
where P is the magnitude of the load and A is the cross-sectional area (the area nor-
mal to the load). The stress as given by this equation is exact, provided that the cross
section under consideration is not adjacent to the point of application of the load,
where the distribution of stress is not uniform.

If the cross-sectional area of a tension member varies along its length, the stress
is a function of the particular section under consideration. The presence of holesin a
member will influence the stress at a cross section through the hole or holes. At these
locations, the cross-sectional area will be reduced by an amount equal to the area
removed by the holes. Tension members are frequently connected at their ends with
bolts, as illustrated in Figure 3.2. The tension member shown, a /2 X 8 plate, is con-
nected toagusset plate, which is a connection element whose purposeis to transfer the
load from the member to a support or to another member. The area of the plate at sec-
tion a—ais (1/2)(8) = 4in.2, but the area at section b—b is only 4 — (2)(1/2)(7/8) = 3.13in.?
and will be more highly stressed. This reduced area is referred to as the net area, or
net section, and the unreduced area is the gross area.

The typical design problem is to select a member with sufficient cross-sectional
area to resist the loads. A closely related problem is that of analysis, or review, of

41
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FIGURE 3.1
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a given member, wherein the strength is computed and compared with the load. In
general, analysis is a direct procedure, but design is an iterative process and may
require some trial and error.

Tension members are covered in Chapter D of the Specification. Requirements
that are common with other types of members are covered in Chapter B, “Design
Requirements.”

TENSILE STRENGTH

A tension member can fail by reaching one of two limit states: excessive deformation

or rupture (fracture). To prevent excessive deformation, initiated by yielding, the

load must be small enough that the stress on the gross section is less than the yield

stress, F),. To prevent rupture, the stress on the net section must be less than the ten-

sile strength, F,. In each case, the stress P/A must be less than a limiting stress I or
P

—<F
A

Thus, the load P must be less than FA, or

-
J.

P<FA
The nominal strength in yielding is

P, =F,A,
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and the nominal strength in rupture is
Pn = FMAC

where A, is the effective net area, which may be equal to either the calculated net
area or, in some cases, a smaller area. We discuss effective net area in Section 3.3.

Although yielding will first occur on the net cross section, the deformation
within the length of the connection will generally be smaller than the deformation
in the remainder of the tension member. The reason is that the net section exists
over a relatively small length of the member, and the total elongation is a product
of the length and the strain (a function of the stress). Most of the member will have
an unreduced cross section, so attainment of the yield stress on the gross area will
result in larger total elongation. It is this larger deformation, not the first yield, that
is the limit state.

LRFD: In load and resistance factor design, the factored tensile load is compared
to the design strength. The design strength is the resistance factor times the nominal
strength. Equation 2.6,

Ru S d)Rn
can be written for tension members as
Pu S d)an

where P, is the governing combination of factored loads. The resistance factor ¢, is
smaller for rupture than for yielding, reflecting the more serious nature of rupture.

For yielding, ¢, = 0.90
For rupture, ¢, = 0.75

Because there are two limit states, both of the following conditions must be satisfied:
P,=090F,A,
P,=0.75FA,

The smaller of these is the design strength of the member.

ASD: In allowable strength design, the total service load is compared to the
allowable strength (allowable load):

P ="
a Q[

where P, is the required strength (applied load), and P, /() is the allowable strength.
The subscript “a” indicates that the required strength is for “allowable strength
design,” but you can think of it as standing for “applied” load.

For yielding of the gross section, the safety factor (},is 1.67, and the allowable
load is

P, KA,

= = 0.6F,A

Q, 1.67 06F, A,
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(The factor 0.6 appears to be a rounded value, but recall that 1.67 is a rounded value.
If Q, = 73 is used, the allowable load is exactly 0.6 FyAg.)
For rupture of the net section, the safety factor is 2.00 and the allowable load is

Pﬂ FMA€
mLE =0.5F,A
Q, 200 utte

Alternatively, the service load stress can be compared to the allowable stress. This
can be expressed as

fi=F
where f, is the applied stress and F, is the allowable stress. For yielding of the gross
section,
P P,/Q, 0.6FyAg
fi=-" and F,=—"—= = 0.6F
Ag Ag Ag g
For rupture of the net section,
P P,/Q, 0S5F,A
ﬁ:A—“ and F,= ’1‘4 = A” < =0.5F,

e e e

You can find values of F, and F, for various structural steel shapes in
Table 2-4 in the Manual. All of the steels that are available for various hot-
rolled shapes are indicated by shaded areas. The black areas correspond to pre-
ferred materials, and the gray areas represent other steels that are available.
Under the W heading, we see that A992 is the preferred material for W shapes,
but other materials are available, usually at a higher cost. For some steels, there
is more than one grade, with each grade having different values of F and F),. In
these cases, the grade must be specified along with the ASTM designation—for
example, A572 Grade 50. Values of F, and F), for plates and bars are given in the
Manual Table 2-5, and information on structural fasteners, including bolts and
rods, can be found in Table 2-6.

The diameter of a bolt hole or the width of a slotted bolt hole must be made
slightly larger than the bolt diameter. How much larger depends on the size of the
bolt. For bolts less than one inch in diameter, the additional amount for standard
holes (i.e., not oversized) is %16 inch. For bolts one inch or larger, the additional
amount is Y% inch. Details related to standard, oversized, and slotted holes can
be found in Section J3.2 of the AISC Specification “Size and Use of Holes” in
Chapter J “Design of Connections.” AISC Section B4.3 requires an additional
Y16 inch to account for possible roughness around the edge of the hole. The effective
hole diameter is therefore

11 1 ,
dho]e:dbohdl_ﬁ_l—ﬁzdboh‘l‘gfordb<11n.
11 3 ,
:dbolt+§+R:dbO]t+Efordbzlln'
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Example 3.1

A /5 X 5 plate of A36 steel is used as a tension member. It is connected to a gus-
set plate with four ¥g-inch-diameter bolts as shown in Figure 3.3. Assume that the
effective net area A, equals the actual net area A, (we cover computation of effec-
tive net area in Section 3.3).

a. What is the design strength for LRFD?
b. What is the allowable strength for ASD?

L, in.

Gusset PL _’| |‘_

\LI PLl/Z x5 % _+_
T %+ Vg,

° ° § — ' T=3/4in.

o o

4-in.-diameter bolts
Section

For yielding of the gross section,
1 .

Ag = 5(2) =25i1n.
and the nominal strength is

P, =F,A, =36(2.5) = 90.0 kips
For rupture of the net section,

1\ /3
A=Ay = Apgles = 2.5 — (2> <4>>< 2 holes
=25-0.75=175in.2

A,= A, = 1.75in.2 (This is true for this example, but A, does not always
equal A4,.)

The nominal strength is
P, =F,A, = 58(1.75) = 101.5 kips

a. The design strength based on yielding is
¢, P, = 0.90(90) = 81.0 kips
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Answer

Answer

Answer

The design strength based on rupture is
¢, P, = 0.75(101.5) = 76.1 kips

The design strength for LRFD is the smaller value: ¢, P, = 76.1 kips.

b. The allowable strength based on yielding is

P, 90
—=—=539ki
Q, 167 b
The allowable strength based on rupture is
P, 1015
—=——=50.8Kki
0, 200 “0Bkips

The allowable service load is the smaller value = 50.8 kips.

Alternative Solution Using Allowable Stress
For yielding,

F, = 0.6F, = 0.6(36) = 21.6 ksi
and the allowable load is

F,A, = 21.6(2.5) = 54.0 kips

(The slight difference between this value and the one based on allowable strength is
because the value of () in the allowable strength approach has been rounded from
%43 to 1.67; the value based on the allowable stress is the more accurate one.)

For rupture,

F,=0.5F, = 0.5(58) = 29.0 ksi
and the allowable load is

F,A, =29.0(1.75) = 50.8 kips

The allowable service load is the smaller value = 50.8 kips.

Because of the relationship given by Equation 2.8, the allowable strength will
always be equal to the design strength divided by 1.5. In this book, however, we will
do the complete computation of allowable strength even when the design strength
is available.

The effects of stress concentrations at holes appear to have been overlooked.
In reality, stresses at holes can be as high as three times the average stress on the
net section, and at fillets of rolled shapes they can be more than twice the average
(McGuire, 1968). Because of the ductile nature of structural steel, the usual design
practice is to neglect such localized overstress. After yielding begins at a point of
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stress concentration, additional stress is transferred to adjacent areas of the cross
section. This stress redistribution is responsible for the “forgiving” nature of struc-
tural steel. Its ductility permits the initially yielded zone to deform without rupture
as the stress on the remainder of the cross section continues to increase. Under cer-
tain conditions, however, steel may lose its ductility and stress concentrations can
precipitate brittle fracture. These situations include fatigue loading and extremely
low temperature.

Example 3.2

A single-angle tension member, an L35 X 35 X 34, is connected to a gusset
plate with 74-inch-diameter bolts as shown in Figure 3.4. A36 steel is used. The ser-
vice loads are 35 kips dead load and 15 kips live load. Investigate this member for
compliance with the AISC Specification. Assume that the effective net area is 85%
of the computed net area.

a. Use LRFD.
b. Use ASD.

/ 7
L3 X 312 X 3
Section

\~

First, compute the nominal strengths.

Gross section:
A, =250 in.? (from Part 1 of the Manual)
P, =F,A, = 36(2.50) = 90 kips

Net section:

3\(7 1
=250 -S|z +5)=2125in2
A, =250 (8>(8 8) 2.125in

A, =0.854, = 0.85(2.125) = 1.806 in.2  (in this example)
P, =F,A, = 58(1.806) = 104.7 kips



48 Chapter 3: Tension Members

Answer

Answer

a. The design strength based on yielding is
¢, P, = 0.90(90) = 81 kips
The design strength based on rupture is
¢, P, = 0.75(104.7) = 78.5 kips
The design strength is the smaller value: ¢, P, = 78.5 kips

Factored load: When only dead load and live load are present, the only load combi-
nations with a chance of controlling are combinations 1 and 2.

Combination 1:  1.4D = 1.4(35) = 49 kips
Combination 2: 1.2D + 1.6L = 1.2(35) + 1.6(15) = 66 kips
The second combination controls; P, = 66 Kips.

(When only dead load and live load are present, combination 2 will always control
when the dead load is less than eight times the live load. In future examples, we will
not check combination 1 [1.4D] when it obviously does not control.)

Since P, < ¢,P,, (66 kips < 78.5 kips), the member is satisfactory.

b. For the gross section, the allowable strength is

P, 90
—=—=539ki
Q, 167 =
For the net section, the allowable strength is
P, 1047 .
Q- 200 52.4 kips

t
The smaller value controls; the allowable strength is 52.4 kips. When the only loads
are dead load and live load, ASD load combination 2 will always control:

P,=D + L =35+ 15 = 50 kips

Since 50 kips < 52.4 kips, the member is satisfactory.

Alternative Solution Using Allowable Stress

For the gross area, the applied stress is

P, _ 50
= L= 2 = 20ksi
‘T4, 250 T

and the allowable stress is
F, = 0.6Fy = 0.6(36) = 21.6 ksi
For this limit state, f, < F,  (OK)
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For the net section,

P, 50 .
ﬁ—;— 1806 27.7 ksi

@

F,=0.5F, = 0.5(58) = 29.0ksi >27.7ksi  (OK)

Since f, < F, for both limit states, the member is satisfactory.

What is the difference in computational effort for the two different approaches?
Regardless of the method used, the two nominal strengths must be computed (if a
stress approach is used with ASD, an equivalent computation must be made). With
LRFD, the nominal strengths are multiplied by resistance factors. With ASD, the
nominal strengths are divided by load factors. Up to this point, the number of steps
is the same. The difference in effort between the two methods involves the load
side of the relationships. In LRFD, the loads are factored before adding. In ASD,
in most cases the loads are simply added. Therefore, for tension members LRFD
requires slightly more computation.

Example 3.3

A double-angle shape is shown in Figure 3.5. The steel is A36, and the holes are for
1/2-inch-diameter bolts. Assume that A, = 0.754,,.

a. Determine the design tensile strength for LRFD.
b. Determine the allowable strength for ASD.

o O
S —
® O
C A}
Section 215 X 3 X 316 LLBB

Figure 3.5 illustrates the notation for unequal-leg double-angle shapes. The nota-
tion LLBB means “long-legs back-to-back,” and SLBB indicates “short-legs back-
to-back.”

When a double-shape section is used, two approaches are possible: (1) consider
a single shape and double everything, or (2) consider two shapes from the outset.
(Properties of the double-angle shape are given in Part 1 of the Manual.) In this
example, we consider one angle and double the result. For one angle, the nominal
strength based on the gross area is

P, = F,A, = 36(2.41) = 86.76 kips
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Answer

Answer

3.3

There are two holes in each angle, so the net area of one angle is

S\1 1
=241 — ==+ <) x2=12019in2
A, =241 (16)(2 8) 2 =2.019in

The effective net area is
A, =0.75(2.019) = 1.514in.2
The nominal strength based on the net area is
P, =F,A,=58(1.514) = 87.81 kips
a. The design strength based on yielding of the gross area is
¢, P, = 0.90(86.76) = 78.08 kips
The design strength based on rupture of the net area is
¢, P, = 0.75(87.81) = 65.86 kips

Because 65.86 kips < 78.08 kips, rupture of the net section controls, and the design
strength for the two angles is 2 X 65.86 = 132 kips.

b. The allowable stress approach will be used. For the gross section,
F, = 0.6F, = 0.6(36) = 21.6 ksi
The corresponding allowable load is
F,A, = 21.6(2.41) = 52.06 kips
For the net section,
F, = 0.5F, = 0.5(58) = 29 ksi
The corresponding allowable load is
F, A, =29(1.514) = 43.91 kips

Because 43.91 kips < 52.06 kips, rupture of the net section controls, and the allow-
able strength for the two angles is 2 X 43.91 = 87.8 kips.

EFFECTIVE AREA

Of the several factors influencing the performance of a tension member, the manner
in which it is connected is the most important. A connection almost always weakens
the member, and the measure of its influence is called the joint efficiency. This factor
is a function of the ductility of the material, fastener spacing, stress concentrations at
holes, fabrication procedure, and a phenomenon known as shear lag. All contribute
to reducing the effectiveness of the member, but shear lag is the most important.
Shear lag occurs when some elements of the cross section are not connected,
as when only one leg of an angle is bolted to a gusset plate, as shown in Figure 3.6.
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The consequence of this partial connection is that the connected element becomes
overloaded and the unconnected part is not fully stressed. Lengthening the con-
nected region will reduce this effect. Research reported by Munse and Chesson
(1963) suggests that shear lag be accounted for by using a reduced, or effective, net
area. Because shear lag affects both bolted and welded connections, the effective
net area concept applies to both types of connections.

For bolted connections, the effective net area is

A, =AU (AISC Equation D3-1)

Section

For welded connections, we refer to this reduced area as the effective area (rather
than the effective net area), and it is given by

A, =AU

where the reduction factor Uis given in AISC D3, Table D3.1. The table gives a gen-
eral equation that will cover most situations as well as alternative numerical values
for specific cases. These definitions of U will be presented here in a different format
from that in the Specification. The rules for determining U fall into six categories:

1. A general category for any type of tension member except plates and round
HSS with € = 1.3D (See Figure 3.7¢)

Bolted plates

Welded members

Round HSS with € = 1.3D

Alternative values for single and double angles

Alternative values for W, M, S, and HP shapes

LA W

1. For any type of tension member except plates and round HSS with ¢ = 1.3D

U=1—% G.1)

where

x = distance from the centroid of the connected area to the plane of the connection
€ = length of the connection

This definition of x was formulated by Munse and Chesson (1963). If a member has
two symmetrically located planes of connection, x is measured from the centroid of the
nearest one-half of the area. Figure 3.7 illustrates x for various types of connections.
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The length ¢ in Equation 3.1 is the length of the connection in the direction
of the load, as shown in Figure 3.8. For bolted connections, it is measured from
the center of the bolt at one end of the connection to the center of the bolt at the
other end. For welds, it is measured from one end of the weld to the other. If there
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are weld segments of different lengths in the direction of the load, use the average
length.

The Commentary of the AISC Specification further illustrates x and €.
Figure C-D3.2 shows some special cases for x, including channels and I-shaped
members connected through their webs. To compute x for these cases, the Com-
mentary uses the concept of the plastic neutral axis to explain the procedure.
Since this concept is not covered until Chapter 5 of this book, we will use x for
these cases as shown in Figure 3.7b and d of this book. For I-shaped members and
tees connected through the web, we can also use Case 2 or Case 7 of Specification
Table D3.1.

2. Bolted plates
For bolted plates, U = 1.0. This is logical, since the cross section has only one ele-
ment, and it is connected. There are some exceptions for welded plates, however.

3. Welded members

a. When the load is transmitted by transverse welds only (no longitudinal welds),
U = 1.0, and A,, = the area of the connected element. This case is not common.
Figure 3.9 illustrates the difference between transverse and longitudinal welds.

b. When the load is transmitted by longitudinal welds only (no transverse welds)

3¢2

v=(set )
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FIGURE 3.9

FIGURE 3.10
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where € is the length of the weld (the average length if there is more than one length)
and w is the width of the member. See Figure 3.10.

4. Round HSS with ¢ = 1.3D (see Figure 3.7¢)
U=1.0

5. Alternatives to Equation 3.1 for Single and Double Angles:
The following values may be used in lieu of Equation 3.1.

® For four or more fasteners in the direction of loading, U = 0.80.
® For three fasteners in the direction of loading, U = 0.60.

6. Alternatives to Equation 3.1 for W, M, S, HP, or Tees Cut from These Shapes:

If the following conditions are satisfied, the corresponding values may be used in
lieu of Equation 3.1.

® Connected through the flange with three or more fasteners in the direction
of loading, with a width at least %5 of the depth: U = 0.90.

® Connected through the flange with three or more fasteners in the direction
of loading, with a width less than %5 of the depth: U = 0.85.

® Connected through the web with four or more fasteners in the direction of
loading: U = 0.70.

Figure 3.11 illustrates the alternative values of U for various connections.

For open cross-sectional shapes (such as W, M, S, C, HP, WT, ST, and angles),
the value of U need not be less than the ratio of the connected element gross area
to the total gross area.
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Example 3.4

Determine the effective net area for the tension member shown in Figure 3.12.
Solution A4, =A4, - A},

1/5 1
=577 - ==+ <)@ =5.02in2
5.77 > (8 8>(2) 5.02 in

Only one element (one leg) of the cross section is connected, so the net area must be
reduced. From the properties tables in Part 1 of the Manual, the distance from the
centroid to the outside face of the leg of an L6 X 6 X 4 is

x =1.67in.
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FIGURE 3.12

Answer

Solution

\ L6 X6X W _»‘ ~1.67"
O O o 5 +
—
o O O
//)
/3” A %-in. bolts Section
The length of the connection is
¢{=3+3=6in.
X 1.67
U=1—(=|=1—-|——|=0.7217
(0=~

A,=A,U=502(0.7217) = 3.623 in.2

The alternative value of U could also be used. Because this angle has three bolts in
the direction of the load, the reduction factor U can be taken as 0.60, and

A, = A,U = 5.02(0.60) = 3.012 in.2

Either U value is acceptable, and the Specification permits the larger one to be used.
However, the value obtained from Equation 3.1 is more accurate. The alternative
values of U can be useful during preliminary design, when actual section properties
and connection details are not known.

Example 3.5
If the tension member of Example 3.4 is welded as shown in Figure 3.13, determine

the effective area.

As in Example 3.4, only part of the cross section is connected and a reduced effec-
tive area must be used.

X 1.67
U—1—<€>—1—(55>—O.6964

Answer A, =AU = 577(0.6964) = 4.02 in.2
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> [~ 1.67"

If a tension member connection is made with bolts, the net area will be maximized
if the fasteners are placed in a single line. Sometimes space limitations, such as a
limit on dimension a in Figure 3.14a, necessitate using more than one line. If so,
the reduction in cross-sectional area is minimized if the fasteners are arranged in
a staggered pattern, as shown. Sometimes staggered fasteners are required by the
geometry of a connection, such as the one shown in Figure 3.14b. In either case, any

cross section passing through holes
ers are not staggered.

FIGURE 3.14

will pass through fewer holes than if the fasten-

(b)

(c)
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If the amount of stagger is small enough, the influence of an offset hole may
be felt by a nearby cross section, and rupture along an inclined path such as abcd
in Figure 3.14c is possible. In such a case, the relationship f = P/A does not apply,
and stresses on the inclined portion b—c are a combination of tensile and shearing
stresses. Several approximate methods have been proposed to account for the ef-
fects of staggered holes. Cochrane (1922) proposed that when deducting the area
corresponding to a staggered hole, use a reduced diameter, given by

’ s2

d=d 4g (3.2)
where d is the hole diameter, s is the stagger, or pitch, of the bolts (spacing in the
direction of the load), and g is the gage (transverse spacing). This means that in a
failure pattern consisting of both staggered and unstaggered holes, use d for holes at
the end of a transverse line between holes (s = 0) and use d’ for holes at the end of
an inclined line between holes.

The AISC Specification, in Section B4.3b, uses this approach, but in a modified
form. If the net area is treated as the product of a thickness times a net width, and
the diameter from Equation 3.2 is used for all holes (since d' = d when the stagger
s = 0), the net width in a failure line consisting of both staggered and unstaggered
holes is

w, =w, — 2d’

sz)
=w —2\d—"—
§ < 4g

2

S
= — + >
W, >d 24g

where w,, is the net width and w, is the gross width. The second term is the sum of
all hole diameters, and the third term is the sum of s?>/4g for all inclined lines in the
failure pattern.

When more than one failure pattern is conceivable, all possibilities should be
investigated, and the one corresponding to the smallest load capacity should be
used. Note that this method will not accommodate failure patterns with lines paral-
lel to the applied load.

Example 3.6

Compute the smallest net area for the plate shown in Figure 3.15. The holes are for
1-inch-diameter bolts.

Solution The effective hole diameter is 1 + 36 = 136 in. For line abde,

w, =16 — 2(1.188) = 13.62 in.
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For line abcde,
2(3)

4(5)
The second condition will give the smallest net area:

w, =16 — 3(1.188) +

= 13.34 in.

A, = tw, = 0.75(13.34) = 10.0 in.2

Equation 3.2 can be used directly when staggered holes are present. In the com-
putation of the net area for line abcde in Example 3.6,

A, =A,—2tX(dord’) .
= 0.75(16) — 0.75(1.188) — 0.75[1.188 - 4(12)} X 2 =10.0in.2

As each fastener resists an equal share of the load (an assumption used in the
design of simple connections; see Chapter 7), different potential failure lines may
be subjected to different loads. For example, line abcde in Figure 3.15 must resist
the full load, whereas ijfh will be subjected to 11 of the applied load. The reason is
that 311 of the load will have been transferred from the member before ijfh receives
any load.

When lines of bolts are present in more than one element of the cross section of
arolled shape, and the bolts in these lines are staggered with respect to one another,
the use of areas and Equation 3.2 is preferable to the net-width approach of the
AISC Specification. If the shape is an angle, it can be visualized as a plate formed
by “unfolding” the legs to more clearly identify the pitch and gage distances. AISC
B4.3b specifies that any gage line crossing the heel of the angle be reduced by an
amount that equals the angle thickness. Thus, the distance g in Figure 3.16, to be
used in the s?/4g term, would be 3 + 2 — 2 = 412 inches.
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FIGURE 3.16
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Example 3.7

An angle with staggered fasteners in each leg is shown in Figure 3.17. A36 steel is
used, and holes are for 7&-inch-diameter bolts.

a. Determine the design strength for LRFD.
b. Determine the allowable strength for ASD.
From the dimensions and properties tables, the gross area is A, = 6.80 in.2. The

effective hole diameter is /&8 + % = 1 in.
For line abdyf, the net area is

A, =A,— 21, X (dord)
= 6.80 — 0.5(1.0) X 2 = 5.80 in.?
For line abceg,

(1.5)%
4(2.5)

A, =680 — 0.5(1.0) — 0.5[1.0 - ] ~0.5(1.0) = 5.413 in.2

Because /10 of the load has been transferred from the member by the fastener at d,
this potential failure line must resist only %10 of the load. Therefore, the net area of
5.413 in.? should be multiplied by % to obtain a net area that can be compared with
those lines that resist the full load. Use A, = 5.413(1%) = 6.014 in.? For line abcdeg,

a
214" 214" 4 @ 11" 2150 ° @b
)‘" i e e o oc
3”¢ 117 [T TT IT T 17 7S /i —>r
E o o o o o} od
3(/ 3/!
o o o) oe

L8 X 6 X ¥ g8 f
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gq=3+225-05=475in,

A, =6.80—0.5(1.0)—0.5| 1.0 s 0.5/ 1.0 (L5)* 05l1.0 (1.5)°
" _'(’)_'['_4(2-5)}_'['_4(4.75)}_‘['_ ]

= 5.065 in.?

The last case controls; use
A, =5.065in.2

Both legs of the angle are connected, so
A,=A, =5065in.?

The nominal strength based on rupture is
P, =F,A, = 58(5.065) = 293.8 kips

The nominal strength based on yielding is
P, =F,A, = 36(6.80) = 244.8 kips

a. The design strength based on rupture is
¢, P, = 0.75(293.8) = 220 kips

The design strength based on yielding is

&P, = 0.90(244.8) = 220 kips

Design strength = 220 kips.
b. For the limit state of rupture, the allowable stress is

F,=0.5F, = 0.5(58) = 29.0 ksi
and the allowable strength is

F,A, =29.0(5.065) = 147 kips
For yielding,

F, = 0.6F, = 0.6(36) = 21.6 ksi

F,A, = 21.6(6.80) = 147 kips

Allowable strength = 147 kips.
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Example 3.8

Determine the smallest net area for the American Standard Channel shown in
Figure 3.18. The holes are for >4-inch-diameter bolts.

Solution A,=A,—Zt, X (dord")
3.

= Zln.

—+

0 | hh
o | —

1
d = bolt diameter + 3 =
Line abe:

3
A,=A,—1,d=382— 0.437(4) =3.49in.?

Line abcd:
A, = A, — t,(d for hole at b) — 1,(d" for hole at c)
=3.82 — 0.437 é — 0.437 é_@ =331 in2
. L 1 y 17 103) . K
Answer Smallest net area = 3.31 in.2
FIGURE 3.18 4 @2"

1p" —

114"

C6 X13

When staggered holes are present in shapes other than angles, and the holes
are in different elements of the cross section, the shape can still be visualized as
a plate, even if it is an I-shape. The AISC Specification furnishes no guidance for
gage lines crossing a “fold” when the different elements have different thicknesses.
A method for handling this case is illustrated in Figure 3.19. In Example 3.8, all
of the holes are in one element of the cross section, so this difficulty does not
arise. Example 3.9 illustrates the case of staggered holes in different elements of
an S-shape.
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LRFD
solution

Answer

ASD
solution

Answer

3.5

Starting at a and treating the holes at b and d as the staggered holes gives
A, =A,~2tX (dord’)

=147 - 2(0-622)(;> - (0.550)[7 (15)2}

8 4(4.225)

7 7 1.5)%

= (0.550)(8> = 2(0.622)[8 = 4((42;5)
Line abcd controls. As all elements of the cross section are connected,

A,=A,=1173in?
For the net section, the nominal strength is

P, =F,A,= 58(11.73) = 680.3 kips
For the gross section,

P, =F A, =36(14.7) = 529.2 kips

] =11.73 in.2

The design strength based on rupture is
¢,P, = 0.75(680.3) = 510 kips

The design strength based on yielding is
¢, P, = 0.90(529.2) = 476 kips

Yielding of the gross section controls.
Design strength = 476 kips.

The allowable stress based on rupture is
F,=0.5F, = 0.5(58) = 29.0 ksi

and the corresponding allowable strength is ,A, = 29.0(11.73) = 340 kips.
The allowable stress based on yielding is
F, = 0.6F, = 0.6(36) = 21.6 ksi

and the corresponding allowable strength is F,A, = 21.6(14.7) = 318 kips.
Yielding of the gross section controls.

Allowable strength = 318 kips.

BLOCK SHEAR

For certain connection configurations, a segment or “block” of material at the end
of the member can tear out. For example, the connection of the single-angle ten-
sion member shown in Figure 3.21 is susceptible to this phenomenon, called block
shear. For the case illustrated, the shaded block would tend to fail by shear along the
longitudinal section ab and by tension on the transverse section bc.
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For certain arrangements of bolts, block shear can also occur in gusset plates.
Figure 3.22 shows a plate tension member connected to a gusset plate. In this con-
nection, block shear could occur in both the gusset plate and the tension member.
For the gusset plate, tension failure would be along the transverse section df, and
shear failure would occur on two longitudinal surfaces, de and fg. Block shear fail-
ure in the plate tension member would be tension on ik and shear on both Ai and jk.
This topic is not covered explicitly in AISC Chapter D (“Design of Members for
Tension”), but the introductory user note directs you to Chapter J (“Design of Con-
nections”), Section J4.3, “Block Shear Strength.”

The model used in the AISC Specification assumes that failure occurs by rup-
ture on the shear area and rupture on the tension area. Both surfaces contribute to
the total strength, and the resistance to block shear will be the sum of the strengths
of the two surfaces. The shear rupture stress is taken as 60% of the tensile ultimate
stress, so the nominal strength in shear is 0.6F,A,,, and the nominal strength in ten-
sionis F,A,,,

\

Plate tension member

; A SN
- . e
f g J k

Block shear in gusset plate Block shear in tension member
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FIGURE 3.23

where

A,, = net area along the shear surface or surfaces
A,, = net area along the tension surface

This gives a nominal strength of
R,=06FA, +FA,, (3.3

The AISC Specification uses Equation 3.3 for angles and gusset plates, but for cer-
tain types of coped beam connections (to be covered in Chapter 5), the second term
is reduced to account for nonuniform tensile stress. The tensile stress is nonuniform
when some rotation of the block is required for failure to occur. For these cases,

R, =06F,A,, +0.5F,A,, (3.4)

u:-nv

The AISC Specification limits the 0.6F,A,,, term to 0.6F A,,, where

0.6F, = shear yield stress
A,, = gross area along the shear surface or surfaces

and gives one equation to cover all cases as follows:

R, =06F,A, + U,F,A,=06FA, +U,F,A,  (AISCEquation J4-5)

u‘*ny y gy

where Uy, = 1.0 when the tension stress is uniform (angles, gusset plates, and most
coped beams) and U,, = 0.5 when the tension stress is nonuniform. A nonuniform
case is illustrated in the Commentary to the Specification.

For LRFD, the resistance factor ¢ is 0.75, and for ASD, the safety factor ) is
2.00. Recall that these are the factors used for the rupture limit state, and block
shear is a rupture limit state.

Although AISC Equation J4-5 is expressed in terms of bolted connections,
block shear can also occur in welded connections, especially in gusset plates.

Example 3.10

Compute the block shear strength of the tension member shown in Figure 3.23. The
holes are for 7/3-inch-diameter bolts, and A36 steel is used.

a. Use LRFD.
b. Use ASD.
L3% X 3% X %, A36

21000%

o

’3"
<

11/2H

43_,‘ %a-in, Bolts
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The shear areas are
_3 _ s 2
Ay, = 5(7.5) = 2.813 in.

and, since there are 2.5 hole diameters,

3 7 1
==|75-25-+ || =1875in2
A, 8[75 25(8 8)] 1.8751in

The tension area is

3 7 1
A, = 8[1,5 — O.S(8 + 8)} = 0.3750 in.2

(The factor of 0.5 is used because there is one-half of a hole diameter in the tension
section.)

Since the block shear will occur in an angle, U,, = 1.0, and from AISC
Equation J4-5,

R, =06F,A,, + U, F,A

nt

= 0.6(58)(1.875) + 1.0(58)(0.3750) = 87.00 kips

with an upper limit of
0.6F,A,, + Uy F,A,, = 0.6(36)(2.813) + 1.0(58)(0.3750) = 82.51 kips

The nominal block shear strength is therefore 82.51 kips.

a. The design strength for LRFD is ¢R, = 0.75(82.51) = 61.9 kips.

. R, 8251 .
b. The allowable strength for ASD is —= = ——— = 41.3 kips.

Q 200

DESIGN OF TENSION MEMBERS

The design of a tension member involves finding a member with adequate gross and
net areas. If the member has a bolted connection, the selection of a suitable cross
section requires an accounting for the area lost because of holes. For a member
with a rectangular cross section, the calculations are relatively straightforward. If a
rolled shape is to be used, however, the area to be deducted cannot be predicted in
advance because the member’s thickness at the location of the holes is not known.
A secondary consideration in the design of tension members is slenderness. If
a structural member has a small cross section in relation to its length, it is said to be
slender. A more precise measure is the slenderness ratio, L/r, where L is the mem-
ber length and r is the minimum radius of gyration of the cross-sectional area. The
minimum radius of gyration is the one corresponding to the minor principal axis of
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the cross section. This value is tabulated for all rolled shapes in the properties tables
in Part 1 of the Manual.

Although slenderness is critical to the strength of a compression member, it
is inconsequential for a tension member. In many situations, however, it is good
practice to limit the slenderness of tension members. If the axial load in a slen-
der tension member is removed and small transverse loads are applied, undesirable
vibrations or deflections might occur. These conditions could occur, for example, in
a slack bracing rod subjected to wind loads. For this reason, the user note in AISC
D1 suggests a maximum slenderness ratio of 300. It is only a recommended value
because slenderness has no structural significance for tension members, and the
limit may be exceeded when special circumstances warrant it. This limit does not
apply to cables, and the user note explicitly excludes rods.

The central problem of all member design, including tension member design, is
to find a cross section for which the required strength does not exceed the available
strength. For tension members designed by LRFD, the requirement is

PuSd)IPn or ¢rPn2Pu

where P, is the sum of the factored loads. To prevent yielding,

u
0.90F,A, =P, or Agzo.goFy

To avoid rupture,

P
0.75F,A,=P, or A620.75uFu

For allowable strength design, if we use the allowable stress form, the requirement
corresponding to yielding is

P,<FA,

and the required gross area is

A il A dl
== =
s~ F ° 5T 06F,
For the limit state of rupture, the required effective area is
A A i
== =
¢~ F " “eT05F,

The slenderness ratio limitation will be satisfied if

- ___
"=300

where r is the minimum radius of gyration of the cross section and L is the member
length.
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Example 3.11

A tension member with a length of 5 feet 9 inches must resist a service dead load of
18 kips and a service live load of 52 kips. Select a member with a rectangular cross sec-
tion. Use A36 steel and assume a connection with one line of ’/g-inch-diameter bolts.

P,=12D + 1.6L = 1.2(18) + 1.6(52) = 104.8 kips
P, P, 104.8

Required A, = = = =3235in?

A e T g, F, T 0.90F,  0.90(36) o

P P 104.8

Required A, = —— = ———= =2.409 in.?

CAMEC e = F T 075F,  0.75(58) m
Tryt=1in.

required A )
83235 _3535in.

Required w, = ; 1

Try a 1 X 31/ cross section.

Al S A= Ag — Al

71 2 2
=(1X35) - 3 aF 3 (1) = 2.5in.” > 2.409 in. (OK)
Check the slenderness ratio:
3.5(1)3
= 1(2) =0.2917 in*
A=1(3.5)=35in?

From I = Ar?, we obtain

M in 10.2917 ;
Fatm = A = ? = (.2887 IIl.2

Maximum Z = 20U _ 039 2300 (0K
AXIMUM === 70987 Q1

Use a PL 1 X 3.
P,=D + L =18 + 52 =70.0 kips
For yielding, F, = 0.6F, = 0.6(36) = 21.6 ksi, and

Pll 70 .
Required A, = ?t =16 3.24in.?
For rupture, F, = 0.5F, = 0.5(58) = 29.0 ksi, and
P, 70
Required A, = —* = —— = 2.414in.2

F, 290
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Answer

(The rest of the design procedure is the same as for LRFD. The numerical results
may be different)
Tryt=1in.

required A, 3241

p . - 3.241 in.

Required w, =
Try a1l X 3 Y2 cross section.
A=A, = Ag — 2l
7 1
=1 X 35)— (8 + 8)(1) =25in2>2414in2  (OK)

Check the slenderness ratio:

3501

min

=0.2917 in.*

A=1(35)=35in2

From I = Ar?, we obtain

T .
Fmin = % =, /0§9517 = (0.2887 in.2

: L 5.75(12)
Maximum — = ———— = 239 < 300 (OK)
r 0.2887

Use a PL 1 X 3.

Example 3.11 illustrates that once the required area has been determined, the
procedure is the same for both LRFD and ASD. Note also that in this example, the
required areas are virtually the same for LRFD and ASD. This is because the ratio
of live load to dead load is approximately 3, and the two approaches will give the
same results for this ratio.

The member in Example 3.11 is less than 8 inches wide and thus is classified as
a bar rather than a plate. Bars should be specified to the nearest /4 inch in width
and to the nearest /8 inch in thickness (the precise classification system is given in
Part 1 of the Manual under the heading “Plate and Bar Products”). It is common
practice to use the PL (Plate) designation for both bars and plates.

If an angle shape is used as a tension member and the connection is made by
bolting, there must be enough room for the bolts. Space will be a problem only
when there are two lines of bolts in a leg. The usual fabrication practice is to punch
or drill holes in standard locations in angle legs. These hole locations are given in
Table 1-7A “Workable Gages in Angle Legs” in Part 1 of the Manual. This table is
located at the end of the dimensions and properties table for angles. Gage distance g
applies when there is one line of bolts, gl and g2 apply when there are two lines,
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LRFD
solution
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gl, g2, and g3 are for three lines, and g1, g2, g3, and g4 are for four lines. The table
shows that a 5-inch leg is needed to accommodate two lines, a 10-inch leg is needed
for three lines, and a 12-inch leg is needed for four lines.

Example 3.12

Select an unequal-leg angle tension member 15 feet long to resist a service dead
load of 35 kips and a service live load of 70 kips. Use A36 steel. The connection is
shown in Figure 3.24.

L

o o o o D =35k
—
O 0o o0 © L =70k

_—

4-in -diameter bolts

The factored load is
P,=12D + 1.6L =1.2(35) + 1.6(70) = 154 kips

_ . 154 _
Required A, = =———=475in?
¢, F,  0.90(36)
_ ” 154 .
Required A, = 54in.2

o, F, 0.75(58) :
The radius of gyration should be at least
L 15(12) .

300 300 0.6 in.

To find the lightest shape that satisfies these criteria, we search the dimensions
and properties table for the unequal-leg angle that has the smallest acceptable gross
area and then check the effective net area. The radius of gyration can be checked by
inspection. There are two lines of bolts, so the connected leg must be at least 5 inches
long (see AISC Table 1-7A). Starting at either end of the table, we find that the shape
with the smallest area that is at least equal to 4.75 in.? is an L6 X 4 X 1/ with an area
of 475 in.? and a minimum radius of gyration of 0.864 in.

Try L6 X 4 X 1.

3 1\/1
A, = Ay~ Apges = 475 - 2(4 + 8)(2) = 3.875in.2
Because the length of the connection is not known, Equation 3.1 cannot be used
to compute the shear lag factor U. Since there are four bolts in the direction of the
load, we will use the alternative value of U = 0.80.
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A,=A,U=38750.80) = 3.10in.2 <3.54in.>  (N.G.)"
Try the next larger shape from the dimensions and properties tables.

Try L5 X 312 X % (A, = 493 in.? and r,;, = 0.746 in.)

3 1)\/5 .

A, = Ay = Apges = 493 — 2(4 4 8)(8) = 3.836 in.2

A, = AU =3.836(0.80) = 3.07 in.? < 3.54 in.? (N.G.)
(Note that this shape has slightly more gross area than that produced by the previ-
ous trial shape, but because of the greater leg thickness, slightly more area is de-

ducted for the holes.) Passing over the next few heavier shapes,
Try L8 X 4 X /2 (A, = 5.80 in.” and r,,;, = 0.863 in.)

3 1\/1 :
A, = Ay~ Apges = 5.80 — 2(4 + 8)(2) = 4.925in.2
A,=A,U=49250.80) = 3.94in?> >354in2  (OK)

Answer This shape satisfies all requirements, so use an L8 X 4 X 1.

ASD The total service load is

solution  p — p 4 L =35 + 70 = 105kips
Required A, = I;: = 0.16)0Fy = 0.2?356) = 4.86 in.”
Required A, = O.?lFu = O;(()SSS) =3.62in.2
Required r;, = ﬁ = 12%15) = 0.6 in.

TryL8 X 4 X 15 (A, =5.80 in.2and r,;, = 0.863 in.). For a shear lag factor U of 0.80,
3 1\/1
A, = Ay = Apgles = 580 — 2(4 4 8)(2) = 4.925in.2
A, = A, U=49250.80) =3.94in2>3.62in2  (OK)

Answer This shape satisfies all requirements, so use an L8 X 4 X /5.

*The notation N.G. means “No Good.”

The ASD solution in Example 3.12 is somewhat condensed, in that some of the
discussion in the LRFD solution is not repeated and only the final trial is shown.
All essential computations are included, however.
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Tables for the Design of Tension Members

Part 5 of the Manual contains tables to assist in the design of tension members
of various cross-sectional shapes, including Table 5-2 for angles. The use of these
tables will be illustrated in the following example.

Example 3.13

Design the tension member of Example 3.12 with the aid of the tables in Part 5 of
the Manual.

From Example 3.12,
P, = 154 kips
7 min = 0.600 in.

The tables for design of tension members give values of A, and A, for various shapes
based on the assumption that A, = 0.75A . In addition, the corresponding available
strengths based on yielding and rupture are given. All values available for angles are
for A36 steel. Starting with the lighter shapes (the ones with the smaller gross area),
we find that an L6 X 4 X 1/, with ¢,P, = 154 kips based on the gross section and
¢, P, = 155 kips based on the net section, is a possibility. From the dimensions and
properties tables in Part 1 of the Manual, r,;, = 0.864 in. To check this selection, we
must compute the actual net area. If we assume that U = 0.80,

3 1\(1 :
A=Ay — Apges = 475 — 2(4 + 8><2) = 3.875in.2
A, = A,U = 3.875(0.80) = 3.10 in.2
&P, = &,F,A, = 0.75(58)(3.10) = 135 kips < 154 kips ~ (N.G.)

This shape did not work because the ratio of actual effective net area A, to gross
area A, is not equal to 0.75. The ratio is closer to

3.10
75 0.6526
This corresponds to a required ¢,P, (based on rupture) of
075 X P, = 075 (154) = 177 kips

actual ratio “0.6526
Try an L8 X 4 X 12, with ¢, P, = 188 kips (based on yielding) and ¢, P, = 189 kips
(based on rupture strength, with A, = 0.754, = 4.31 in.?). From the dimensions and
properties tables in Part 1 of the Manual, r,;, = 0.863 in. The actual effective net
area and rupture strength are computed as follows:

3 1\(1
A, = A, = Apges = 580 — 2(4 + 8)<2) =4.925in.?
A, = A,U = 4.925(0.80) = 3.94 in.2
é,P, = &,F,A, = 0.75(58)(3.94) = 171 > 154 kips ~ (OK)



74 Chapter 3: Tension Members

Answer Use an L8 X 4 X 1, connected through the 8-inch leg.

ASD From Example 3.12,

solution

Answer

P, =105 kips
Required 7,,,;, = 0.600 in.

From Manual Table 5-2, try an L5 X 314 X %, with P,/Q, = 106 kips based on yield-
ing of the gross section and P, /), = 107 kips based on rupture of the net section.
From the dimensions and properties tables in Part 1 of the Manual, r_;, = 0.746 in.
Using a shear lag factor U of 0.80, the actual effective net area is computed as

3 1\/5
A=A, — Apges = 493 - 2= + =] =) =3.836in.2
& 4  8/\8

A, =AU = 3.836(0.80) = 3.069 in.?
and the allowable strength based on rupture of the net section is
Lo LA, 58(3.069) 89.0 kips < 105 kips  (N.G.)
Q, Q, 2.00
This shape did not work because the ratio of actual effective net area A, to gross
area A, is not equal to 0.75. The ratio is closer to

3.069
193 0.6225

This corresponds to a required P,/Q), (based on rupture), for purposes of using
Table 5-2, of
0.75

Using this as a guide, try L6 X 4 X &, with P,/Q, = 126 kips based on yielding of
the gross section and P, /), = 128 kips based on rupture of the net section. From
the dimensions and properties tables in Part 1 of the Manual, r_;, = 0.859 in.

3 1\/(5 -,
Ay = Ay = Apges =586 =2\ )| ) = 4766 in.

A, =A,U = 4.766(0.80) = 3.81 in2
P, F,A, 58381

n

Q Q 2.00

= 111 kips > 105 kips  (OK)

Use an L6 X 4 X %%, connected through the 6-inch leg.

Note that if the effective net area must be computed, the tables do not save
much effort. In addition, you must still refer to the dimensions and properties tables
to find the radius of gyration. The tables for design do, however, provide all other
information in a compact form, and the search may go more quickely.
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When structural shapes or plates are connected to form a built-up shape, they
must be connected not only at the ends of the member but also at intervals along its
length. A continuous connection is not required. This type of connection is called
stitching, and the fasteners used are termed stitch bolts. The usual practice is to
locate the points of stitching so that L/r for any component part does not exceed
L /r for the built-up member. The user note in AISC D4 recommends that built-up
shapes whose component parts are separated by intermittent fillers be connected at
intervals such that the maximum L /r for any component does not exceed 300. Built-
up shapes consisting of plates or a combination of plates and shapes are addressed
in AISC Section J3.5 of Chapter J (“Design of Connections”). In general, the spac-
ing of fasteners or welds should not exceed 24 times the thickness of the thinner
plate, or 12 inches. If the member is of “weathering” steel subject to atmospheric
corrosion, the maximum spacing is 14 times the thickness of the thinner part, or
7 inches.

THREADED RODS AND CABLES

When slenderness is not a consideration, rods with circular cross sections and cables
are often used as tension members. The distinction between the two is that rods are
solid and cables are made from individual strands wound together in ropelike fash-
ion. Rods and cables are frequently used in suspended roof systems and as hangers
or suspension members in bridges. Rods are also used in bracing systems; in some
cases, they are pretensioned to prevent them from going slack when external loads
are removed. Figure 3.25 illustrates typical rod and cable connection methods.
When the end of a rod is to be threaded, an upset end is sometimes used. This
is an enlargement of the end in which the threads are to be cut. Threads reduce the
cross-sectional area, and upsetting the end produces a larger gross area to start with.
Standard upset ends with threads will actually have more net area in the threaded

Anchor
Stecl plate socket
or washer
Cable )
Open socket
\Structural
Open sockcet connection member
Cable

Rod
Weld
Weld

Clevis



76 Chapter 3: Tension Members

portion than in the unthreaded part. Upset ends are relatively expensive, however,
and in most cases unnecessary.

The effective cross-sectional area in the threaded portion of a rod is called the
stress area and is a function of the unthreaded diameter and the number of threads
per inch. The ratio of stress area to nominal area varies but has a lower bound of
approximately 0.75. The nominal tensile strength of the threaded rod can therefore
be written as

P, =AF, 6 =075A,F, (3.5)
where

A, = stress area

A, = nominal (unthreaded) area

The AISC Specification, in Chapter J, presents the nominal strength in a somewhat
different form:

R,=F,A, (AISC Equation J3-1)

where R, is the nominal strength and F, is given in Table J3.2 as F,, = 0.75F,. This
associates the 0.75 factor with the ultimate tensile stress rather than the area, but the
result is the same as that given by Equation 3.5.

For LRFD, the resistance factor ¢ is 0.75, so the strength relationship is

P,=¢P, or P,=0750.75A,F,)

and the required area is
p

Ay= 3.6
b 0.75(0.75F,) (3.6)
For ASD, the safety factor () is 2.00, leading to the requirement

Pn
Paﬁm or PaSOSPn

Using P, from Equation 3.5, we get
P,=0.5(0.75A,F,)
If we divide both sides by the area A, we obtain the allowable stress

F,=0.5(0.75F,) = 0.375F, (3.7)

Example 3.14

A threaded rod is to be used as a bracing member that must resist a service tensile
load of 2 kips dead load and 6 kips live load. What size rod is required if A36 steel
is used?
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The factored load is
P,=1.2(2) + 1.6(6) = 12 kips

From Equation 3.6,

P 12
Required =A, = “ = = 0.3678 in.?
cauiredarea = 2 = 0.75(0.75F,) ~ 0.75(0.75)(58) -
2
From A, = %,

. 4(0.3678) .
Required d = B 0.684 in.

Use a %4-inch-diameter threaded rod (A, = 0.442 in.?).

The required strength is
P,=D+ L =2+ 6=8Kkips
From Equation 3.7, the allowable tensile stress is

F, = 0.375F,, = 0.375(58) = 21.75 ksi

and the required area is

P 8
A, =—2=——=03678in.2
b= F T 2175 n

t
Use a %4-inch-diameter threaded rod (A, = 0.442 in.?).

To prevent damage during construction, rods should not be too slender. Al-
though there is no specification requirement, a common practice is to use a mini-
mum diameter of %% inch.

Flexible cables, in the form of strands or wire rope, are used in applications
where high strength is required and rigidity is unimportant. In addition to their use
in bridges and cable roof systems, they are also used in hoists and derricks, as guy
lines for towers, and as longitudinal bracing in metal building systems. The differ-
ence between strand and wire rope is illustrated in Figure 3.26. A strand consists of
individual wires wound helically around a central core, and a wire rope is made of
several strands laid helically around a core.

Selection of the correct cable for a given loading is usually based on both
strength and deformation considerations. In addition to ordinary elastic elongation,
an initial stretching is caused by seating or shifting of the individual wires, which
results in a permanent stretch. For this reason, cables are often prestretched. Wire
rope and strand are made from steels of much higher strength than structural steels
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FIGURE 3.26
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and are not covered by the AISC Specification. The breaking strengths of various
cables, as well as details of available fixtures for connections, can be obtained from
manufacturers’ literature.

TENSION MEMBERS IN ROOF TRUSSES

Many of the tension members that structural engineers design are components of
trusses. For this reason, some general discussion of roof trusses is in order. A more
comprehensive treatment of the subject is given by Lothars (1972).

When trusses are used in buildings, they usually function as the main support-
ing elements of roof systems where long spans are required. They are used when
the cost and weight of a beam would be prohibitive. (A truss may be thought of as
a deep beam with much of the web removed.) Roof trusses are often used in in-
dustrial or mill buildings, although construction of this type has largely given way
to rigid frames. Typical roof construction with trusses supported by load-bearing
walls is illustrated in Figure 3.27. In this type of construction, one end of the con-
nection of the truss to the walls usually can be considered as pinned and the other
as roller-supported. Thus the truss can be analyzed as an externally statically deter-
minate structure. The supporting walls can be reinforced concrete, concrete block,
brick, or a combination of these materials.

Roof trusses normally are spaced uniformly along the length of the building
and are tied together by longitudinal beams called purlins and by x-bracing. The pri-
mary function of the purlins is to transfer loads to the top chord of the truss, but they
can also act as part of the bracing system. Bracing is usually provided in the planes
of both the top and bottom chords, but it is not required in every bay because lateral
forces can be transferred from one braced bay to the other through the purlins.

Ideally, purlins are located at the truss joints so that the truss can be treated as
a pin-connected structure loaded only at the joints. Sometimes, however, the roof
deck cannot span the distance between joints, and intermediate purlins may be
needed. In such cases, top chord members will be subjected to significant bending
as well as axial compression and must be designed as beam—columns (Chapter 6).

Sag rods are tension members used to provide lateral support for the purlins. Most
of the loads applied to the purlins are vertical, so there will be a component parallel to
a sloping roof, which will cause the purlin to bend (sag) in that direction (Figure 3.28).
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Sag rods can be located at the midpoint, the third points, or at more frequent
intervals along the purlins, depending on the amount of support needed. The in-
terval is a function of the truss spacing, the slope of the top chord, the resistance
of the purlin to this type of bending (most shapes used for purlins are very weak in
this respect), and the amount of support furnished by the roofing. If a metal deck
is used, it will usually be rigidly attached to the purlins, and sag rods may not be
needed. Sometimes, however, the weight of the purlin itself is enough to cause prob-
lems, and sag rods may be needed to provide support during construction before the
deck is in place.
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FIGURE 3.29

FIGURE 3.30
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If sag rods are used, they are designed to support the component of roof loads
parallel to the roof. Each segment between purlins is assumed to support everything
below it; thus the top rod is designed for the load on the roof area tributary to
the rod, from the heel of the truss to the peak, as shown in Figure 3.29. Although
the force will be different in each segment of rod, the usual practice is to use one
size throughout. The extra amount of material in question is insignificant, and the
use of the same size for each segment eliminates the possibility of a mix-up during
construction.

A possible treatment at the peak or ridge is shown in Figure 3.30a. The tie rod
between ridge purlins must resist the load from all of the sag rods on either side.
The tensile force in this horizontal member has as one of its components the force
in the upper sag-rod segment. A free-body diagram of one ridge purlin illustrates
this effect, as shown in Figure 3.30b.

Example 3.15

Fink trusses spaced at 20 feet on centers support W6 X 12 purlins, as shown in
Figure 3.31a. The purlins are supported at their midpoints by sag rods. Use A36
steel and design the sag rods and the tie rod at the ridge for the following service
loads.

Metal deck: 2 pst
Built-up roof: S psf
Snow: 18 psf of horizontal projection of the roof surface

Purlin weight: 12 pounds per foot (Ib/ft) of length
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Solution Calculate loads.

Tributary width for each sag rod = 2% = 10 ft
Tributary area for deck and built-up roof = 10(46.6) = 466 ft*
Dead load (deck and roof) = (2 + 5)(466) = 3262 Ib
Total purlin weight = 12(10)(9) = 1080 Ib
Total dead load = 3262 + 1080 = 4342 1b
Tributary area for snow load = 10(45) = 450 ft?
Total snow load = 18(450) = 8100 Ib

FIGURE 3.31

LRFD Check load combinations.

solution Combination 2: 1.2D + 0.55 = 1.2(4342) + 0.5(8100) = 9260 Ib
Combination 3: 1.2D + 1.6 = 1.2(4342) + 1.6(8100) = 18,170 Ib

Combination 3 controls. (By inspection, the remaining combinations will not govern.)
For the component parallel to the roof (Figure 3.31b),

12
T= (18.17)m = 4.679 kipS

T 4679
$(0.75E,)  0.75(0.75)(58)

Required A, = = 0.1434in.2
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Answer

Answer

ASD
solution

Answer

Answer

Use a ¥/g-inch-diameter threaded rod (A, = 0.3068 in.?).
Tie rod at the ridge (Figure 3.32c¢):

46.
P= (4.679)% = 4.845 kips

4.845
0.75(0.75)(58)

Use a %g-inch-diameter threaded rod (4, = 0.3068 in.?).

Required 4, = = 0.1485in.2

By inspection, load combination 3 will control.
D + S = 4342 + 8100 = 12,440 1b

The component parallel to the roof is

T= 12.44(12) = 3.203 kips

46.6
The allowable tensile stress is F, = 0.375F, = 0.375(58) = 21.75 ksi.
: T 3203 .
Required 4, = F 175 0.1473 in.

Use a “g-inch-diameter threaded rod (4, = 0.3068 in.?) for the sag rods.
Tie rod at the ridge:

46.
P = 3.203(256) = 3.317 kips

3.317
21.75

Use a “/g-inch-diameter threaded rod (4, = 0.3068 in.?) for the tie rod at the ridge.

Required A, = = 0.1525in.2

For the usual truss geometry and loading, the bottom chord will be in tension
and the top chord will be in compression. Some web members will be in tension and
others will be in compression. When wind effects are included and consideration
is given to different wind directions, the force in some web members may alter-
nate between tension and compression. In this case, the affected member must be
designed to function as both a tension member and a compression member.

In bolted trusses, double-angle sections are frequently used for both chord and
web members. This design facilitates the connection of members meeting at a joint
by permitting the use of a single gusset plate, as illustrated in Figure 3.32. When
structural tee-shapes are used as chord members in welded trusses, the web angles
can usually be welded to the stem of the tee. If the force in a web member is small,
single angles can be used, although doing so eliminates the plane of symmetry from
the truss and causes the web member to be eccentrically loaded. Chord members
are usually fabricated as continuous pieces and spliced if necessary.
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The fact that chord members are continuous and joints are bolted or welded
would seem to invalidate the usual assumption that the truss is pin-connected. Joint
rigidity does introduce some bending moment into the members, but it is usually
small and considered to be asecondary effect. The usual practice is to ignore it. Bend-
ing caused by loads directly applied to members between the joints, however, must
be taken into account. We consider this condition in Chapter 6, “Beam—-Columns.”

The working lines of the members in a properly detailed truss intersect at the
working point at each joint. For a bolted truss, the bolt lines are the working lines,
and in welded trusses the centroidal axes of the welds are the working lines. For
truss analysis, member lengths are measured from working point to working point.

Example 3.16

Select a structural tee for the bottom chord of the Warren roof truss shown in
Figure 3.33. The trusses are welded and spaced at 20 feet. Assume that the bot-
tom chord connection is made with 9-inch-long longitudinal welds at the flange.
Use A992 steel and the following load data (wind is not considered in this
example):

Purlins: M8 X 6.5

Snow: 20 psf of horizontal projection
Metal deck: 2 psf

Roofing: 4 pst

Insulation: 3 psf

8@ 5'-0" = 40'-0"
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Solution

LRFD
solution

Calculate loads:
Snow = 20(40)(20) = 16,000 1b

Dead load (exclusive of purlins) = Deck 2 psf
Roof 4
Insulation 3
Total ;sf

Total dead load = 9(40)(20) = 7200 Ib

Total purlin weight = 6.5(20)(9) = 1170 1b
Estimate the truss weight as 10% of the other loads:

0.10(16,000 + 7200 + 1170) = 2437 1b

Loads at an interior joint are

7200 2437
D ==+ =5 +65(20) = 1335 Ib
16,000

S =—-—"=20001b
8

At an exterior joint, the tributary roof area is half of that at an interior joint.
The corresponding loads are

7200 2437
D=""+2""465(20) =73231b
28) ' 2(8) (20)
16,000
S="3@ 100D

Load combination 3 will control:
P,=12D + 1.6

At an interior joint,
P,=1.2(1.335) + 1.6(2.0) = 4.802 kips

At an exterior joint,
P,=1.2(0.7323) + 1.6(1.0) = 2.479 kips

The loaded truss is shown in Figure 3.34a.

The bottom chord is designed by determining the force in each member of the
bottom chord and selecting a cross section to resist the largest force. In this exam-
ple, the force in member /J will control. For the free body left of section a—a shown
in Figure 3.34b,

2Mp = 19.29(20) — 2.479(20) — 4.802(15 + 10 + 5) — 4F;,; =0
F,;; = 48.04 kips
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For the gross section,
Fy 48.04
Required A, = - =1.07in?
AT T 0.90F, ~ 0.90(50) i

For the net section,

Fy 48.04

= = 1 2
075F, ~ 0.75(65) _ 00851

Required A, =

Try an MTS5 X 3.75:

A,=111in2>1.07in>  (OK)
Since this is a connection with longitudinal welds only, the shear lag factor, U, is

3¢ x
U=|——||1—7
(362 4 w2)< ¢ )

(category 3b, welded members; same as Case 4 in AISC Table D3.1).
For an MT5 X 3.75,

w = flange width = b, = 2.69 in.
x =151 in.

85
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~ 3(9)* 151\
U= [3 o7 (2.69)2]<1 5 )—0.9711(0.8322)

= 0.8081
A, = AU = 1.11(0.8081) = 0.8970in.* < 0.985in.>  (N.G.)

Try an MT6 X 5:
A,=148in?>107in?  (OK)

For an MT6 X 5,
w = bf = 3.251n.
¥ = 1.86in.
B [ 3(9)? ](1 186
3(9)? + (3.25)2 9
= 0.7602
A, =AU =1.148(0.7602) = 1.13in.> > 0.985 in*>  (OK)

) = 0.9583(0.7933)

If we assume that the bottom chord is braced at the panel points,

L 5(12)
—_——=— = <
=gy = 101<300  (OK)

Answer Use an MT6 X 5.

ASD Load combination 3 will control. At an interior joint,

solution ;
P,=D +§=1.335+ 2.0 =3.335 kips

At an exterior joint,

P,=0.7323 + 1.0 = 1.732 kips

The loaded truss is shown in Figure 3.35a.
Member [1J is the bottom chord member with the largest force. For the free
body shown in Figure 3.35b,

2Mp = 13.40(20) — 1.732(20) — 3.335(15 + 10 + 5) — 4F;; = 0
F;; = 33.33 kips
For the gross section, F, = 0.6F, = 0.6(36) = 21.6 ksi

Fy 3333
Required A, = ?’t’ S
For the net section, F, = 0.5F, = 0.5(58) = 29.0 ksi
F
Required A, = — = = JETEI

F, 290
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(b)
Try an MT6 X 5.4:
A, =159 in2>1.54in.2 (OK)

Since this is a connection with longitudinal welds only, the shear lag factor, U, is

32 X
U=|——|1-=
(362 a4 w2)< €>

(category 3b, welded members; same as Case 4 in AISC Table D3.1).
For an MT6 X 5.4,

w = flange width = b, = 3.07 in.

x = 1.86in.
B 3(9)? | 186
- [3(9)2 + (3.07)4( 9
=0.7637

A, =AU =1590.7637) = 121 in> > 1.15in.>  (OK)

) = 0.9627(0.7933)

Assuming that the bottom chord is braced at the panel points, we get
L 5(12)

Answer Use an MT6 X 5.4.

87
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FIGURE 3.36

3.9

FIGURE 3.37

PIN-CONNECTED MEMBERS

When a member is to be pin-connected, a hole is made in both the member and the
parts to which it is connected and a pin is placed through the holes. This provides a
connection that is as moment-free as can be fabricated. Tension members connected
in this manner are subject to several types of failure, which are covered in AISC D5
and D6 and discussed in the following paragraphs.

The eyebar is a special type of pin-connected member in which the end contain-
ing the pin hole is enlarged, as shown in Figure 3.36. The design strength is based
on yielding of the gross section. Detailed rules for proportioning eyebars are given
in AISC D6 and are not repeated here. These requirements are based on experi-
ence and test programs for forged eyebars, but they are conservative when applied
to eyebars thermally cut from plates (the present fabrication method). Eyebars were
widely used in the past as single tension members in bridge trusses or were linked in
chainlike fashion in suspension bridges. They are rarely used today.

Pin-connected members should be designed for the following limit states (see
Figure 3.37).

a-+df2
b | 1] | 8
| A |
(a) Rupture of net section (b) Longitudinal shear

—| 1 |

Projected bearing
arca = drt

O
¢
o la

- Section

(¢) Bearing
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1. Tension on the net effective area (Figure 3.37a):

¢,=075,Q,=2.00, P,=F,(tb,) (AISC Equation D5-1)
2. Shear on the effective area (Figure 3.37b):

by =075 0,=2.00, P,=0.6FA; (AISC Equation D5-2)

3. Bearing. This requirement is given in Chapter J (“Connections, Joints, and
Fasteners”), Section J7 (Figure 3.37c):

¢ =075Q0=200, P,=18FA, (AISC Equation J7-1)

4. Tension on the gross section:

$,=090,Q,=1.67, P,=FA, (AISC Equation D2-1)
where
t = thickness of connected part
b, =2t+063=b
b = distance from edge of pin hole to edge of member, perpendicular to

direction of force
Asf =2t(a + d/2)

a = distance from edge of pin hole to edge of member, parallel to direction
of force
d = pin diameter

A, = projected bearing area = dt

Additional requirements for the relative proportions of the pin and the member
are covered in AISC D5.2
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PROBLEMS

3.2-1

3.2-2

3.2-3

Tensile Strength

A PL 3% X 7 tension member is connected with three 1-inch-diameter bolts,
as shown in Figure P3.2-1. The steel is A36. Assume that A, = A, and
compute

a. the design strength for LRFD
b. the allowable strength for ASD

\I PL3/8X7

O O O —>
FIGURE P3.2-1

A PL 34 X 6 tension member is welded to a gusset plate as shown in
Figure P3.2-2. The steel has a yield stress F, = 50 ksi and an ultimate
tensile stress F,, = 65 ksi. Assume that A, = A, and compute

a. the design strength for LRFD
b. the allowable strength for ASD

\IPL 38 X 6

/

FIGURE P3.2-2

A C8 X 11.5 is connected to a gusset plate with 7g-inch-diameter bolts
as shown in Figure P3.2-3. The steel is A572 Grade 50. If the member is
subjected to dead load and live load only, what is the total service load
capacity if the live-to-dead load ratio is 3? Assume that A, = 0.854,,.

a. Use LRFD.

b. Use ASD.
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O O O
—
O O O
/cs><11.5
FIGURE P3.2-3

A PL 4 X 8 tension member is connected with six 1-inch-diameter bolts,
as shown in Figure P3.2-4. The steel is ASTM A242. Assume that A, = A,
and compute

a. the design strength for LRFD
b. the allowable strength for ASD

PL'2X 8

)

— >
o O O

/

FIGURE P3.2-4

The tension member shown in Figure P3.2-5 must resist a service dead
load of 25 kips and a service live load of 45 kips. Does the member have
enough strength? The steel is A588, and the bolts are 1!/g inches in dia-
meter. Assume that A, = A,,.

a. Use LRFD.
b. Use ASD.

\TL 3/8 X 71/2
o O
o O

/

FIGURE P3.2-5

—
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3.2-6 A double-angle tension number, 2L 3 X 2 X 1, LLBB, of A36 steel is sub-
jected to a dead load of 12 kips and a live load of 36 kips. It is connected
to a gusset plate with one line of %4-inch-diameter bolts through the long
legs. Does this member have enough strength? Assume that A, = 0.854,,.

a. Use LRFD.
b. Use ASD.

Section

FIGURE P3.2-6

Effective Area
3.3-1 Determine the effective area, A, for each case shown in Figure P3.3-1.

5" 4’{ L5 X 5 X 5 5" ~>{ PLYs X 4

, ) Y , ]

S o —> < s —>
/(W'eld /<'Weld
@ ®)
2" 2//

L'/ X 51

S *>{ PLYs X 5 _ P
— T

hS s —> > O O O <o —>

- / 3/4-in.-diam. bolts
/TV'Veld

FIGURE P3.3-1
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PLs X 6
T /

-/_/J 7/s-in.-diam. bolts

(e)
FIGURE P3.3-1 (continued)

3.3-2 A single-angle tension member is connected to a gusset plate, as shown
in Figure P3.3-2. The yield stress is F,, = 50 ksi, and the ultimate tensile
stress is F,, = 70 ksi. The bolts are 7% inch in diameter. Determine the nom-
inal strength based on the effective area. Use Equation 3.1 for U.

\lL4 X 4 X 7/16

~ o O s>

1]/” | | 3// | | 11/u
T

FIGURE P3.3-2

3.3-3 An L4 X 3 X 3 tension member is welded to a gusset plate, as shown in
Figure P3.3-3. A36 steel is used. Determine the nominal strength based
on the effective area. Use Equation 3.1 for U.

-
\I L4X3X3/8

* r 4

4” ’9

Y

/

FIGURE P3.3-3
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3.3-4

3.3-5

An L5 X 5 X 4 tension member of AS588 steel is connected to a gusset
plate with six ¥s-inch-diameter bolts as shown in Figure P3.3-4. If the
member is subject to dead load and live load only, what is the maximum
total service load that can be applied if the ratio of live load to dead load
is 2.0? Use the alternative value of U from AISC Table D3.1.

a. Use LRFD.
b. Use ASD.

L5 X5X 1)

I

| OO OO0O0O0

1'n" <—>~<7 5 spaces @ 3" H 117"
= 15”

FIGURE P3.3-4

An L6 X 4 X 4 tension member of A36 steel is connected to a gusset
plate with 1-inch-diameter bolts, as shown in Figure P3.3-5. It is subjected
to the following service loads: dead load = 50 kips, live load = 100 kips,
and wind load = 45 kips. Use Equation 3.1 for U and determine whether
this member is adequate.

a. Use LRFD.
b. Use ASD.
L6 X 4 X 3/
—
. +|lo o o o |
——1 O O O O
N S 21/2" /
11/2// > 3l!+3//+3” >l<> 11/2//

FIGURE P3.3-5

3.3-6 A PLYs X 5 is used as a tension member and is connected by a pair of

longitudinal welds along its edges. The welds are each 7 inches long. A36
steel is used.

a. What is the design strength for LRFD?
b. What is the allowable strength for ASD?
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3.3-7 A WI2 X 35 of A992 steel is connected through its flanges with 7z-inch-

diameter bolts, as shown in Figure P3.3-7. Use the alternative value of U
from AISC Table D3.1 and compute

a. the design tensile strength
b. the allowable tensile strength

— 2[/ }<3H+3H+3H>{ 2” }‘*
L 1 | ] T 1
=~
=
Ot | e e e
FIGURE P3.3-7

3.3-8 A WT6 X 17.5 is welded to a plate as shown in Figure P3.3-8. F, = 50 ksi

3.4-1

and F,, = 70 ksi. Determine whether the member can resist the following
service loads: D = 75 kips, L, = 40 kips, § = 50 kips, and W = 70 kips.

a. Use LRFD.

b. Use ASD.

Weld Weld 7

2777777777777 777777777

R
10
|

FIGURE P3.3-8

Staggered Fasteners

The tension member shown in Figure P3.4-1is a 14 X 10 plate of A36 steel.
The connection is with 7g-inch-diameter bolts. Compute the nominal
strength based on the net section.
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6 spaces
@2 t="14in.
\
L/
2”
o O O
3//
> O 0O T
3”
-~ |o o o
i
FIGURE P3.4-1

3.4-2 A tension member is composed of two /2 X 10 plates. They are connected
to a gusset plate with the gusset plate between the two tension member
plates, as shown in Figure P3.4-2. A36 steel and ¥-inch-diameter bolts
are used. Determine the nominal strength based on the net section.

Two plates, each

plate '/2in. thick
5// 2// /
O

O

-~

|

N

—>|

FIGURE P3.4-2

3.4-3 The tension member shown in Figure P3.4-3 is a PL%4 X 8. The bolts are
1/ inch in diameter and A36 steel is used.

a. Compute the design strength.
b. Compute the allowable strength.
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214" | 21" | 214" | 3,,*{
-
2”
| o o
1 o o +—
2"
——| ©O O
2"
t="3sin.
FIGURE P3.4-3

A C9 X 20 tension member is connected with 1!/4-inch-diameter bolts, as
shown in Figure P3.4-4. F| = 50 ksi and F,, = 70 ksi. The member is sub-
jected to the following service loads: dead load = 36 kips and live load =
110 kips. Determine whether the member has enough strength.

a. Use LRFD.

b. Use ASD.
6 spaces @1'/2”
llolalolol]
i MMM
217"
f O O O O
4// < — >
4 O O O
217"
) \
C9 X 20
FIGURE P3.4-4

A double-angle shape, 27 X 4 X ¥4, is used as a tension member. The two
angles are connected to a gusset plate with 74-inch-diameter bolts through
the 7-inch legs, as shown in Figure P3.4-5. A572 Grade 50 steel is used.

a. Compute the design strength.
b. Compute the allowable strength.
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L b

217"
O O O
7" _j,_ O § o

e 6 0 O 1
N

2L7 X 4 X 33

FIGURE P3.4-5

3.4-6 An L4 X 4 X 746 tension member is connected with ¥4-inch-diameter
bolts, as shown in Figure P3.4-6. Both legs of the angle are connected. If
A36 steel is used,

a. what is the design strength?
b. what is the allowable strength?

6 spaces @ 2" —>| — 217" }<—
L |

21 /2” 21 /2!!

(@] (e} O (@]
D B
\L4><4><7/16

FIGURE P3.4-6

Block Shear

3.5-1 Compute the nominal block shear strength of the tension member shown in
Figure P3.5-1. ASTM A572 Grade 50 steel is used. The bolts are /& inch

in diameter.
L4 X 4 X 716
T
21/4"
~—| o o

/

11" I 3" I I 17"

< —

FIGURE P3.5-1
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3.5-2 Determinethenominalblockshearstrengthofthe tensionmembershownin
Figure P3.5-2. The bolts are 1 inch in diameter, and A36 steel is used.

PL 2 X 7'/
e o ™
i
SL

3.5-3 Inthe connection shown in Figure P3.5-3, the bolts are ¥4-inch in diameter,
and A36 steel is used for all components. Consider both the tension mem-
ber and the gusset plate and compute the following:

a. the design block shear strength of the connection
b. the allowable block shear strength of the connection

1" 3" 1"

12"

t=733

v \t=7/16

FIGURE P3.5-3

3.5-4 In the connection shown in Figure P3.5-4, ASTM AS572 Grade 50 steel is
used for the tension member, A36 steel is used for the gusset plate, and
the holes are for ¥4-inch bolts.
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3.6-1

3.6-2

a. What is the maximum factored load that can be applied if LRFD is used?
Consider all limit states.

b. What is the maximum total service load that can be applied if ASD is
used? Consider all limit states.

12" —>  |=<3">=<3" 17"

~—

2"
5 O O O

* > C7 X122
—1 0 O O

2

/<3/8”

FIGURE P3.5-4

Design of Tension Members

Select a single-angle tension member of A36 steel to resist a dead load of
28 kips and a live load of 84 kips. The length of the member is 18 feet, and
it will be connected with a single line of 1-inch-diameter bolts, as shown
in Figure P3.6-1. There will be four or more bolts in this line.

a. Use LRFD.

b. Use ASD.

< —

—————

/< Bolt line

FIGURE P3.6-1

Use A36 steel and select the lightest American Standard Channel for a
tension member that will safely support a service dead load of 100 kips
and a service live load of 50 kips. The member is 20 feet long, and it is
connected through the web with two lines of 1-inch-diameter bolts. The
length of the connection is 6 inches.

a. Use LRFD.
b. Use ASD.
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Select a double-angle tension member to resist a service dead load of
30 kips and a service live load of 90 kips. The member will be connected
with two lines of 7%4-inch-diameter bolts placed at the workable gage dis-
tances (see Manual Table 1-7A). There will be more than three bolts in each
line. The member is 25 feet long and will be connected to a %4-inch-thick
gusset plate. Use A572 Grade 50 steel.

a. Use LRFD.
b. Use ASD.

e

AN J
e~ W

FIGURE P3.6-3

Select an American Standard Channel shape for the following tensile
loads: dead load = 54 kips, live load = 80 kips, and wind load = 75 kips.
The connection will be with longitudinal welds. Use an estimated shear
lag factor of U = 0.85. (In a practical design, once the member was selec-
ted and the connection designed, the value of U would be computed and
the member design could be revised if necessary.) The length is 17.5 ft. Use
F, =50ksiand F,, = 65 ksi.

a. Use LRFD.

b. Use ASD.

Use load and resistance factor design and select an American Standard
Channel shape to resist a factored tensile load of 180 kips. The length is
15 ft, and there will be two lines of 7%-in. diameter bolts in the web, as
shown in Figure P3.6-5. Estimate the shear lag factor U to be 0.85. (In a
practical design, once the member and bolt layout are selected, the value
of U could be computed and the member design could be revised if neces-
sary.) Use A36 steel.

FIGURE P3.6-5
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3.6-6 Use load and resistance factor design and select a W shape with a nominal

3.71

3.7-2

depth of 10 inches (a W10) to resist a dead load of 175 kips and a live load
of 175 kips. The connection will be through the flanges with two lines of
1Y4-inch-diameter bolts in each flange, as shown in Figure P3.6-6. Each
line contains more than two bolts. The length of the member is 30 feet.
Use A588 steel.

Bolt line (typical)

FIGURE P3.6-6
Threaded Rods and Cables

Select a threaded rod to resist a service dead load of 45 kips and a service
live load of 5 kips. Use A36 steel.

a. Use LRFD.
b. Use ASD.

A W14 X 48 is supported by two tension rods AB and CD, as shown in
Figure P3.7-2. The 20-kip load is a service live load. Use load and resist-
ance factor design and select threaded rods of A36 steel for the following
load cases.

a. The 20-kip load cannot move from the location shown.
b. The 20-kip load can be located anywhere between the two rods.

%B %C

A W14 X 48 D

20k

}45’ I 10’ 10’ I 5’+{

FIGURE P3.7-2
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Same as Problem 3.7-2, but use allowable stress design.

As shown in Figure P3.7-4, members AC and BD are used to brace the
pin-connected structure against a horizontal wind load of 10 kips. Both
of these members are assumed to be tension members and not resist any
compression. For the load direction shown, member AC will resist the
load in tension, and member BD will be unloaded. Select threaded rods
of A36 steel for these members. Use load and resistance factor design.

B
10 k—>¢@ o

S|

40’

FIGURE P3.7-4

What size A36 threaded rod is required for member AB, as shown in Fig-
ure P3.7-5? The load is a service live load. (Neglect the weight of member CB.)

a. Use LRFD.
b. Use ASD.

FIGURE P3.7-5

3.7-6 A pipe is supported at 10-foot intervals by a bent, threaded rod, as

shown in Figure P3.7-6. If a 10-inch-diameter standard weight steel pipe
full of water is used, what size A36 steel rod is required?
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3.8-1

3.8-2

a. Use LRFD.
b. Use ASD.

FIGURE P3.7-6

Tension Members in Roof Trusses

Use A992 steel and select a structural tee for the top chord of the welded
roof truss shown in Figure P3.8-1. All connections are made with longit-
udinal plus transverse welds. Assume a connection length of 11 inches.
The spacing of trusses in the roof system is 12 feet 6 inches. Design for the
following loads.

Snow: 20 psf of horizontal projection
Roofing: 12 psf
MCS8 X 8.5 purlins
Truss weight: 1000 Ib (estimated)
a. Use LRFD.

b. Use ASD.

‘ 3@10-0" =30"-0"

FIGURE P3.8-1

Use LRFD and select single-angle shapes for the web tension members of
the truss loaded as shown in Figure P3.8-2. The loads are factored loads.
Assume that a single line of at least four ¥4-inch-diameter bolts will be
used for each connection. Use A572 Grade 50 steel.
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FIGURE P3.8-2

3.8-3 Compute the factored joint loads for the truss of Problem 3.8-2 for the
following conditions.

Trusses spaced at 15 ft

Weight of roofing = 12 psf

Snow load = 18 psf of horizontal projection
W10 X 33 purlins located only at the joints
Total estimated truss weight = 5000 1b

3.8-4 Design the tension members of the roof truss shown in Figure P3.8-4.
Use double-angle shapes throughout and assume 33-inch-thick gusset
plates and welded connections. Assume a shear lag factor of U = 0.85.
The trusses are spaced at 25 feet. Use A572 Grade 50 steel and design for
the following loads.

Metal deck: 4 psf of roof surface

Build-up roof: 12 psf of roof surface

Purlins: 6 psf of roof surface (estimated)

Snow: 18 psf of horizontal projection

Truss weight: 5 psf of horizontal projection (estimated)
a. Use LRFD.

b. Use ASD.

¥ /m
L 8@ 10" = 80’ X

FIGURE P3.8-4

3.8-5 Use A36 steel and design sag rods for the truss of Problem 3.8-4. Assume
that, once attached, the metal deck will provide lateral support for the
purlins; therefore the sag rods need to be designed for the purlin weight
only.

a. Use LRFD.
b. Use ASD.
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chapter 4

Compression Members

INTRODUCTION

Compression members are structural elements that are subjected only to axial
compressive forces; that is, the loads are applied along a longitudinal axis
through the centroid of the member cross section, and the stress can be taken as
f = P/A, where f is considered to be uniform over the entire cross section. This
ideal state for compression members is never achieved in reality, however, because
some eccentricity of the load is inevitable. Bending will result, but it usually can be
regarded as secondary. As we shall see, the AISC Specification equations for com-
pression member strength account for this accidental eccentricity.

The most common type of compression member occurring in buildings and
bridges is the column, a vertical member whose primary function is to support vertical
loads. In many instances, these members are also subjected to bending, and in these
cases, the member is a beam—column. We cover this topic in Chapter 6. Compres-
sion members are also used in trusses and as components of bracing systems. Smaller
compression members not classified as columns are sometimes referred to as struts.

In many small structures, column axial forces can be easily computed from the
reactions of the beams that they support or computed directly from floor or roof
loads. This is possible if the member connections do not transfer moment; in other
words, if the column is not part of a rigid frame. For columns in rigid frames, there
are calculable bending moments as well as axial forces, and a frame analysis is nec-
essary. The AISC Specification provides for three methods of analysis to obtain the
axial forces and bending moments in members of a rigid frame:

1. Direct analysis method
2. Effective length method
3. First-order analysis method

Except in very simple cases, computer software is used for the analysis. While the
details of these three methods are beyond the scope of the present chapter, more
will be said about them in Chapter 6 “Beam—-Columns”. It is important to recognize,
however, that these three methods are used to determine the required strengths of
the members (axial loads and bending moments). The available strengths are com-
puted by the methods of this chapter “Compression Members”, Chapter 5 “Beams”,
and Chapter 6 “Beam—Columns.”

107
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4.2

FIGURE 4.1

COLUMN THEORY

Consider the long, slender compression member shown in Figure 4.1a. If the axial
load P is slowly applied, it will ultimately become large enough to cause the mem-
ber to become unstable and assume the shape indicated by the dashed line. The
member is said to have buckled, and the corresponding load is called the critical
buckling load. If the member is stockier, as shown in Figure 4.1b, a larger load will
be required to bring the member to the point of instability. For extremely stocky
members, failure may occur by compressive yielding rather than buckling. Prior to
failure, the compressive stress P/A will be uniform over the cross section at any
point along the length, whether the failure is by yielding or by buckling. The load
at which buckling occurs is a function of slenderness, and for very slender members
this load could be quite small.

If the member is so slender (we give a precise definition of slenderness shortly)
that the stress just before buckling is below the proportional limit—that is, the mem-
ber is still elastic—the critical buckling load is given by

p = mEl
cr 12
where FE is the modulus of elasticity of the material, / is the moment of inertia of the
cross-sectional area with respect to the minor principal axis, and L is the length of
the member between points of support. For Equation 4.1 to be valid, the member
must be elastic, and its ends must be free to rotate but not translate laterally. This
end condition is satisfied by hinges or pins, as shown in Figure 4.2. This remark-
able relationship was first formulated by Swiss mathematician Leonhard Euler and
published in 1759. The critical load is sometimes referred to as the Euler load
or the Euler buckling load. The validity of Equation 4.1 has been demonstrated

4.1)

P FIGURE 4.2
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convincingly by numerous tests. Its derivation is given here to illustrate the impor-
tance of the end conditions.

For convenience, in the following derivation, the member will be oriented
with its longitudinal axis along the x-axis of the coordinate system given in Fig-
ure 4.3. The roller support is to be interpreted as restraining the member from
translating either up or down. An axial compressive load is applied and gradually
increased. If a temporary transverse load is applied so as to deflect the member
into the shape indicated by the dashed line, the member will return to its original
position when this temporary load is removed if the axial load is less than the
critical buckling load. The critical buckling load, P.,, is defined as the load that is
just large enough to maintain the deflected shape when the temporary transverse
load is removed.

The differential equation giving the deflected shape of an elastic member sub-
jected to bending is

Ly M
d®>  EI

where x locates a point along the longitudinal axis of the member, y is the deflection
of the axis at that point, and M is the bending moment at the point. E and I were pre-
viously defined, and here the moment of inertia / is with respect to the axis of bend-
ing (buckling). This equation was derived by Jacob Bernoulli and independently by
Euler, who specialized it for the column buckling problem (Timoshenko, 1953). If
we begin at the point of buckling, then from Figure 4.3 the bending moment is P_.y.
Equation 4.2 can then be written as

(4.2)

"

P
TR

where the prime denotes differentiation with respect to x. This is a second-order,
linear, ordinary differential equation with constant coefficients and has the solution
y = A cos(cx) + B sin(cx)

where
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FIGURE 4.4

and A and B are constants. These constants are evaluated by applying the following
boundary conditions:

Atx=0,y=0: 0=Acos(0) + Bsin(0) A=0
Atx=L,y=0: 0= Bsin(cL)

This last condition requires that sin(cL) be zero if B is not to be zero (the trivial
solution, corresponding to P = 0). For sin(cL) = 0,

cL =0,m 2w, 37, ... = nm, n=0,1,2,3,...
From
oo [P
El
we obtain

[P P n*mEl
cL = ( ECIr)L =nmw ??Lz =n’m® and P, = 2

The various values of n correspond to different buckling modes; n = 1 represents
the first mode, n = 2 the second, and so on. A value of zero gives the trivial case of
no load. These buckling modes are illustrated in Figure 4.4. Values of » larger than 1
are not possible unless the compression member is physically restrained from de-
flecting at the points where the reversal of curvature would occur.

The solution to the differential equation is therefore

narx
= Bsin|——
y sm( 7 )

and the coefficient B is indeterminate. This result is a consequence of approxima-
tions made in formulating the differential equation; a linear representation of a non-
linear phenomenon was used.



4.2: Column Theory 111

For the usual case of a compression member with no supports between its ends,
n = 1 and the Euler equation is written as

p = mEl
cr 12
It is convenient to rewrite Equation 4.3 as
P mEl _ mEAP _ mEA
o L? L? (L/r)?
where A is the cross-sectional area and r is the radius of gyration with respect to the
axis of buckling. The ratio L/r is the slenderness ratio and is the measure of a mem-
ber’s slenderness, with large values corresponding to slender members.

If the critical load is divided by the cross-sectional area, the critical buckling
stress is obtained:

o = i = 712E2 4.4)
A (L/r)
At this compressive stress, buckling will occur about the axis corresponding to r.
Buckling will take place as soon as the load reaches the value given by Equation 4.3,
and the column will become unstable about the principal axis corresponding to the
largest slenderness ratio. This axis usually is the axis with the smaller moment of
inertia (we examine exceptions to this condition later). Thus the minimum moment
of inertia and radius of gyration of the cross section should ordinarily be used in
Equations 4.3 and 4.4.

4.3)

Example 4.1

A W12 X 50 is used as a column to support an axial compressive load of 145 kips.
The length is 20 feet, and the ends are pinned. Without regard to load or resistance
factors, investigate this member for stability. (The grade of steel need not be known:
The critical buckling load is a function of the modulus of elasticity, not the yield
stress or ultimate tensile strength.)

Solution For a W12 X 50,

Minimum r = r, = 1.96 in.

y
. L 20(12)
Maximum— = —— =
r 1.96
mEA 772(29,000)(14.6) )
= = = 278.9 kips
(L/r)2 (122.4)2

Answer Because the applied load of 145 kips is less than P,,, the column remains stable and
has an overall factor of safety against buckling of 278.9/145 = 1.92.
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FIGURE 4.5

Fo-

P

Early researchers soon found that Euler’s equation did not give reliable results for
stocky, or less slender, compression members. The reason is that the small slenderness
ratio for members of this type causes a large buckling stress (from Equation 4.4). If the
stress at which buckling occurs is greater than the proportional limit of the material,
the relation between stress and strain is not linear, and the modulus of elasticity E
can no longer be used. (In Example 4.1, the stress at buckling is P,. /A = 278.9/14.6 =
19.10 ksi, which is well below the proportional limit for any grade of structural steel.)
This difficulty was initially resolved by Friedrich Engesser, who proposed in 1889 the
use of a variable tangent modulus, E,, in Equation 4.3. For a material with a stress—
strain curve like the one shown in Figure 4.5, E is not a constant for stresses greater
than the proportional limit F,,. The tangent modulus £, is defined as the slope of the
tangent to the stress—strain curve for values of f between F,, and F|. If the compres-
sive stress at buckling, P, /A, is in this region, it can be shown that

mE,l
cr = L2

(4.5)

Equation 4.5 is identical to the Euler equation, except that £, is substituted for E.

The stress—strain curve shown in Figure 4.5 is different from those shown earlier
for ductile steel (in Figures 1.3 and 1.4) because it has a pronounced region of nonlin-
earity. This curve is typical of a compression test of a short length of W-shape called
a stub column, rather than the result of a tensile test. The nonlinearity is primarily
because of the presence of residual stresses in the W-shape. When a hot-rolled shape
cools after rolling, all elements of the cross section do not cool at the same rate. The
tips of the flanges, for example, cool faster than the junction of the flange and the
web. This uneven cooling induces stresses that remain permanently. Other factors,
such as welding and cold-bending to create curvature in a beam, can contribute to
the residual stress, but the cooling process is its chief source.

Note that E, is smaller than E and for the same L /r corresponds to a smaller criti-

calload, P,.. Because of the variability of £,, computation of P,, in the inelastic range by
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the use of Equation 4.5 is difficult. In general, a trial-and-error approach must be used,
and a compressive stress—strain curve such as the one shown in Figure 4.5 must be
used to determine E, for trial values of P,.. For this reason, most design specifications,
including the AISC Specification, contain empirical formulas for inelastic columns.

Engesser’s tangent modulus theory had its detractors, who pointed out several
inconsistencies. Engesser was convinced by their arguments, and in 1895 he re-
fined his theory to incorporate a reduced modulus, which has a value between E
and E,. Test results, however, always agreed more closely with the tangent modu-
lus theory. Shanley (1947) resolved the apparent inconsistencies in the original
theory, and today the tangent modulus formula, Equation 4.5, is accepted as the
correct one for inelastic buckling. Although the load predicted by this equation is
actually a lower bound on the true value of the critical load, the difference is slight
(Bleich, 1952).

For any material, the critical buckling stress can be plotted as a function of
slenderness, as shown in Figure 4.6. The tangent modulus curve is tangent to the
Euler curve at the point corresponding to the proportional limit of the material. The
composite curve, called a column strength curve, completely describes the strength of
any column of a given material. Other than F|, E, and E,, which are properties of the
material, the strength is a function only of the slenderness ratio.

Effective Length
Both the Euler and tangent modulus equations are based on the following
assumptions:

1. The column is perfectly straight, with no initial crookedness.
2. The load is axial, with no eccentricity.
3. The column is pinned at both ends.

The first two conditions mean that there is no bending moment in the member be-
fore buckling. As mentioned previously, some accidental moment will be present, but
in most cases it can be ignored. The requirement for pinned ends, however, is a
serious limitation, and provisions must be made for other support conditions. The

k,
F, —_——— N /Curves are tangent
2,
F E o ELZ
v TE ;o @)
cr = /
Ly
Lir
Inelastic FElastic

buckling buckling
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FIGURE 4.7

pinned-end condition requires that the member be restrained from lateral transla-
tion, but not rotation, at the ends. Constructing a frictionless pin connection is virtu-
ally impossible, so even this support condition can only be closely approximated at
best. Obviously, all columns must be free to deform axially.

Other end conditions can be accounted for in the derivation of Equation 4.3. In
general, the bending moment will be a function of x, resulting in a nonhomogeneous
differential equation. The boundary conditions will be different from those in the
original derivation, but the overall procedure will be the same. The form of the re-
sulting equation for P,. will also be the same. For example, consider a compression
member pinned at one end and fixed against rotation and translation at the other, as
shown in Figure 4.7. The Euler equation for this case, derived in the same manner as
Equation 4.3, is

2.05m°EI

o T 12

or
_2057m°EA _ wEA

° (L/r)? (0.70L/r)?
Thus this compression member has the same load capacity as a column that is pinned
at both ends and is only 70% as long as the given column. Similar expressions can be
found for columns with other end conditions.

The column buckling problem can also be formulated in terms of a fourth-
order differential equation instead of Equation 4.2. This proves to be convenient
when dealing with boundary conditions other than pinned ends.

For convenience, the equations for critical buckling load will be written as

P mEA » mE,A

" (KL/r? " (KL/r?

(4.6a/4.6b)
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where KL is the effective length and K is the effective length factor. The effective
length factor for the fixed-pinned compression member is 0.70. For the most favorable
condition of both ends fixed against rotation and translation, K = 0.5. Values of K
for these and other cases can be determined with the aid of Table C-A-7.1 in the Com-
mentary to AISC Specification Appendix 7. The three conditions mentioned thus far
are included, as well as some for which end translation is possible. Two values of K
are given: a theoretical value and a recommended design value to be used when the
ideal end condition is approximated. Hence, unless a “fixed” end is perfectly fixed, the
more conservative design values are to be used. Only under the most extraordinary
circumstances would the use of the theoretical values be justified. Note, however, that
the theoretical and recommended design values are the same for conditions (d) and (f)
in Commentary Table C-A-7.1. The reason is that any deviation from a perfectly fric-
tionless hinge or pin introduces rotational restraint and tends to reduce K. Therefore,
use of the theoretical values in these two cases is conservative.

The use of the effective length KL in place of the actual length L in no way alters
any of the relationships discussed so far. The column strength curve shown in Figure 4.6
is unchanged except for renaming the abscissa KL/r. The critical buckling stress
corresponding to a given length, actual or effective, remains the same.

AISC REQUIREMENTS

The basic requirements for compression members are covered in Chapter E of the
AISC Specification. The nominal compressive strength is

P, =F,A, (AISC Equation E3-1)
For LRFD,

Pu = (ban
where

P, = sum of the factored loads
¢, = resistance factor for compression = 0.90
¢ P, = design compressive strength

For ASD,
P

PQSE"

c

where

P, = sum of the service loads
safety factor for compression = 1.67

QC
P,/Q. = allowable compressive strength

If an allowable stress formulation is used,

faSFa
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where

f, = computed axial compressive stress = P, /A,
F, = allowable axial compressive stress

Fcr Fcr
== T = 06F 4.7
Q. 167 e “.7)

c
In order to present the AISC expressions for the critical stress F,,, we first define the
Euler load as
_ mEA
< (Lo
where L, is the effective length. In most cases, this will be KL, but since there are
other ways to compute the effective length (we will not cover those methods in this
book), AISC uses the more general term L,. In this book, we use L, = KL.
This load is the critical buckling load according to the Euler equation. The
Euler stress is
P, 7E
F,=—"= AISC Equation E3-4
e A (Lc/r)z ( q )
With a slight modification, this expression will be used for the critical stress in the
elastic range. To obtain the critical stress for elastic columns, the Euler stress is re-
duced as follows to account for the effects of initial crookedness:

F,, = 0.877F, 4.8)

For inelastic columns, the tangent modulus equation, Equation 4.6b, is replaced by
the exponential equation

FV
F, = (0.658 F8>Fy 4.9)

With Equation 4.9, a direct solution for inelastic columns can be obtained, avoiding
the trial-and-error approach inherent in the use of the tangent modulus equation. At
the boundary between inelastic and elastic columns, Equations 4.8 and 4.9 give the
same value of F_,. This occurs when L_/r is approximately

o E
Fy

To summarize,

L |E
When — < 4.71 4 | —,
r Fy

F,. = (0.658"/)F, (4.10)

L |E
When — > 4.71 4 | —,
r Fy

F, = 0.877F, (4.11)
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The AISC Specification provides for separating inelastic and elastic behavior
based on either the value of L_/r (as in Equations 4.10 and 4.11) or the value of the
ratio F/F,. The limiting value of F/F, can be derived as follows.

From AISC Equation E3-4,

Lo_ [|TE

r F

e

LC
For — =471 ,
r
|7 E
772— =471
F, Y
F

<9225
7 .

e

] ST

The complete AISC Specification for compressive strength is as follows:

L E F
When —< =471, /— or — =225,
r F, F,

F,. = (0.658"F)F,

L E F
When —< > 4714 |— or — >225,
r Fy Fe

F.. = 0.877F, (AISC Equation E3-3)

(AISC Equation E3-2)

In this book, we will usually use the limit on L _/r, as expressed in Equations 4.10
and 4.11. These requirements are represented graphically in Figure 4.8.
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Solution

LRFD
solution

ASD
solution

AISC Equations E3-2 and E3-3 are a condensed version of five equations that
cover five ranges of KL /r (Galambos, 1988). These equations are based on experi-
mental and theoretical studies that account for the effects of residual stresses and
an initial out-of-straightness of /1500, where L is the member length. A com-
plete derivation of these equations is given by Tide (2001).

Although AISC does not require an upper limit on the slenderness ratio L /7,
an upper limit of 200 is recommended (see user note in AISC E2). This is a practical
upper limit, because compression members that are any more slender will have little
strength and will not be economical.

Example 4.2

A W14 X 74 of A992 steel has a length of 20 feet and pinned ends. Compute the
design compressive strength for LRFD and the allowable compressive strength for
ASD.

The effective length is
L, =KL =1.0(20) = 20 ft
The maximum slenderness ratio is

L. 20x12

= 9677 <200  (OK)

r, 248
E 29,000

471\ [ =471 /= =113
F, 50

Since 96.77 < 113, use AISC Equation E3-2.

po TE _ 7(29,000)
(LS (96777

F,, = 0.658"/FF, = 0.6580C03036)(50) = 25.21 ksi

= 30.56 ksi

The nominal strength is
P, =F, A, =2521(21.8) = 549.6 kips
The design strength is

P, = 0.90(549.6) = 495 kips

From Equation 4.7, the allowable stress is

F, = 0.6F, = 0.6(25.21) = 15.13 ksi
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The allowable strength is
F,A, = 15.13(21.8) = 330 kips
Design compressive strength = 495 kips. Allowable compressive strength = 330 kips.

In Example 4.2, r, <r,, and there is excess strength in the x-direction. Square
structural tubes (HSS) are efficient shapes for compression members because r,, = r,
and the strength is the same for both axes. Hollow circular shapes are sometimes used
as compression members for the same reason.

The mode of failure considered so far is referred to as flexural buckling, as the
member is subjected to flexure, or bending, when it becomes unstable. For some
cross-sectional configurations, the member will fail by twisting (torsional buckling)
or by a combination of twisting and bending (flexural-torsional buckling). We con-
sider these infrequent cases in Section 4.8.

LOCAL STABILITY

The strength corresponding to any overall buckling mode, however, such as flexural
buckling, cannot be developed if the elements of the cross section are so thin that
local buckling occurs. This type of instability is a localized buckling or wrinkling at
an isolated location. If it occurs, the cross section is no longer fully effective, and the
member has failed. I-shaped cross sections with thin flanges or webs are susceptible to
this phenomenon, and their use should be avoided whenever possible. Otherwise, the
compressive strength given by AISC Equations E3-2 and E3-3 must be reduced. The
measure of this susceptibility is the width-to-thickness ratio of each cross-sectional
element. Two types of elements must be considered: unstiffened elements, which are
unsupported along one edge parallel to the direction of load, and stiffened elements,
which are supported along both edges.

Limiting values of width-to-thickness ratios are given in AISC B4.1, “Classifica-
tion of Sections for Local Buckling.” For compression members, shapes are classified
as slender or nonslender. If a shape is slender, its strength limit state is local buckling,
and the corresponding reduced strength must be computed. The width-to-thickness
ratio is given the generic symbol A. Depending on the particular cross-sectional
element, A for I shapes is either the ratio b/t or h/t,, both of which are defined pres-
ently. If A is greater than the specified limit (denoted A,), the shape is slender.

AISC Table B4.1a shows the upper limit, A,, for nonslender members of vari-
ous cross-sectional shapes. If A = A, the shape is nonslender. Otherwise, the shape
is slender. The table is divided into two parts: unstiffened elements and stiffened
elements. (For beams, a shape can be compact, noncompact, or slender, and the
limiting values of A are given in AISC Table B4.1b. We cover beams in Chapter 5.)
For I shapes, the projecting flange is considered to be an unstiffened element, and
its width can be taken as half of the full nominal width. Using AISC notation gives
b b2 by

roy
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where b, and ¢y are the width and thickness of the flange. The upper limit is

A =056+ %
Fy

The webs of I shapes are stiffened elements, and the stiffened width is the distance
between the roots of the flanges. The width-to-thickness parameter is

where £ is the distance between the roots of the flanges, and ¢,, is the web thickness.
The upper limit is

A, = 1.49\/E
Fy

Stiffened and unstiffened elements of various cross-sectional shapes are illus-
trated in Figure 4.9. The appropriate compression member limit, A,, from AISC B4.1
is given for each case.

FIGURE 4.9 i |<—b->| |<—b->|£ -~
A f ? d
i ! -
o =0.56\E/r t=0.56\F/r, U =0.75\/r,

Y= 1.49\ T,

el ul
-+ A i

" =0.56\ F/r, " =0.45\E/r, "1=0.56 E/r,
"1, =1.49 E/r,

<=

[~ ¥

T -]
R : H@

b/ S1.40\s' E/F)_ b/ <1.40 \J' E/py D/tSO.llE/F],
h/th 1.40\;“‘ E/py
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Example 4.3

Investigate the column of Example 4.2 for local stability.
For a W14 X 74, bf = 10.11in., tp= 0.785 in., and

b
101

L __ 643
2, 2(0.785)

[E 29,000
0.56 4 | = = 0.56. | = 135>643  (OK
F, 50 (OK)

h d-—2kg;, 142 —2(1.38)
—= = =254
t t 0.450

w w

where k,,, is the design value of k. (Different manufacturers will produce this shape
with different values of k. The design value is the smallest of these values. The
detailing value is the largest.)

E 29,000
1494 [+ = 149 === =359>254  (OK
F, 50 (OK)

Local instability is not a problem.

In Example 4.3, the width-to-thickness ratios bf/ZIf and h/t, were computed.
This is not necessary, however, because these ratios are tabulated in the dimensions
and properties table. In addition, shapes that are slender for compression are indi-
cated with a footnote (footnote c).

It is permissible to use a cross-sectional shape that does not satisfy the width-
to-thickness ratio requirements, but such a member may not be permitted to
carry as large a load as one that does satisfy the requirements. In other words, the
strength could be reduced because of local buckling. The procedure for making this
investigation is given in AISC E7 and is as follows.

The nominal strength based on the limit state of local buckling is

P,=F_A, (AISC Equation E7-1)
where

F,, = the flexural buckling stress computed in the usual way

A, = areduced effective cross-sectional area
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The reduced area of each slender element is b,¢, where

b, = reduced effective width of the element
t = design thickness of the element”

The reduced effective area of the cross section is the gross area minus the reduction
in area. The reduced area of each slender element is shown in the Specification User
Note in AISC E7 as

bt —b,t=(b—b,)t
So the effective net area of the cross section is
A, = A, = 3(b =D

where the summation is for the case of more than one slender element.

Recall our discussion of Table B4.1a, wherein the notation b/t is a generic form
of the width-to-thickness ratio. The dimension b can be a width or a depth. The
reduced effective width is obtained as follows.

£y
When A =4, R
cr

b,=b (AISC Equation E7-2)

That is, there is no reduction.

£y
When A > A, 7o
Ccr

F,\ [F
b, = b(l — ¢ ef) —et (AISC Equation E7-3)
FCT FCF

where

c; = effective width imperfection adjustment factor from AISC Table E7.1
A\2
F,, = elastic local buckling stress = (cz)\'> F

e y
|- VI—dg .
¢, = — (AISC Equation E7-4)
1

(The factor ¢, is also tabulated in AISC Table E7-1.)

*The design thickness of an HSS is 0.93 times the nominal thickness (AISC B4.2). Using the design
thickness in strength computations is a conservative way to account for tolerances in the manufacturing
process. This reduction applies to ASTM A500 and A501 steels only. These are the most commonly
used steels for HSS. The reduction does not apply to A1065 or A1085, which are other steels that can
be used for HSS. We use only AS00 and AS501 in this book.
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Many of the shapes commonly used as columns are not slender, and the
reduction will not be needed. This includes most (but not all) W-shapes. However,
a large number of hollow structural shapes (HSS), double angles, and tees have
slender elements.

Example 4.4

Determine the axial compressive strength of an HSS 8 X 4 X s with an effective
length of 15 feet with respect to each principal axis. Use F, = 46 ksi.

Compute the overall, or flexural, buckling strength.

L =151t
The maximum slenderness ratio is
L. 15x12
— = =1053 <
p 171 105.3 < 200 (OK)

y
| E 129,000
471+ | =—=471 =118
18, 46

Since 105.3 < 118, use AISC Equation E3-2.
mE  7(29,000)

© T (Lr?  (1053)
F, = 0.658F/FIF, = 0.6584928D(46) = 21.82 ksi

= 25.81 ksi

The nominal strength is
P, =F, A, = 21.82(2.70) = 58.91 kips

Check width-to-thickness ratios: From the dimensions and properties table in the
Manual, the width-to-thickness ratio for the larger overall dimension is

A= ﬁ = 66.0
t
The ratio for the smaller dimension is
A= ? =315

From AISC Table B4.1a, Case 6 (and Figure 4.9 in this book), the upper limit for
nonslender elements is

E 29,000
Ay =140 [+ = 140 [——=35.15
' F, 46
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Since h/t > 140V E/F, (ie., A > ,), the larger dimension element is slender and
the local buckling strength must be computed. (Although the limiting width-to-
thickness ratio is labeled b/f in the table, that is a generic notation, and it applies to
h/t as well.)

Determine b, for the 8-inch side:

|F, | 46
XA =2 =3515]——-=51.04
"N E, 21.82

Since A = 66.0 > 51.04,

b, =b(1 Fee)  [Fet AISC Equati
.= A\ g 7 ( quation E7-3)
cr cr

From AISC Table E7.1, Case b,

¢; = 0.20
c, =138

The elastic buckling stress is

A, 2
Fe€: CZY Fy

35.15\ P . .
=138 560 (46) = 24.85 ksi (AISC Equation E7-5)

From AISC B4.1(b) and the discussion in Part 1 of the Manual, the unreduced
length of the 8-inch side between the corner radii can be taken as

b=8—3t=8—3(0.116) = 7.652 in.

and the effective width is

F F
be=b<1—cl ‘) &

Fcr Fcr
24.85 24.85 .
= 7.652(1 —0.20 2182) m = 6.423 in.

The effective cross-sectional area is therefore
A, = Ag -2 - b,)t
= 2.70 — 2(7.652 — 6.423)0.116 = 2.415 in.2
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From AISC Equation E7-1,
P, =F_ A, = 21.82(2.415) = 52.70 kips

Since this is less than the flexural buckling strength of 58.91 kips, local buckling
controls.

Design strength = ¢ P, = 0.90(52.70) = 47.4 kips

Design strength = 47.4 kips

P, 5270 .
Allowable strength = 016 31.6 kips

(Allowable stress = 0.6F,. = 0.6(21.82) = 13.1 ksi)

Allowable strength = 31.6 kips

TABLES FOR COMPRESSION MEMBERS

The Manual contains many useful tables for analysis and design. For compres-
sion members whose strength is governed by flexural buckling (that is, not local
bucking), Table 4-14 in Part 4 of the Manual, “Design of Compression Mem-
bers,” can be used. This table gives values of ¢ F,. (for LRFD) and F_/Q, (for
ASD) as a function of L /r for various values of F,. This table stops at the rec-
ommended upper limit of L_/r = 200. The available strength tables, however, are
the most useful. These tables, which we will refer to as the “column load tables,”
give the available strengths of selected shapes (the ones most commonly used as
columns in buildings), both ¢ P, for LRFD and P,/ for ASD, as a function of
the effective length L . These tables include values of L_ up to those corresponding
to L./r = 200.

There are three tables. Table 4-1a gives compressive strengths for ), = 50 ksi.
Table 4-1b is for Fy = 65 ksi, and Table 4-1c is for Fy = 70 ksi.

The use of the tables is illustrated in the following example.

Example 4.5

Compute the available strength of the compression member of Example 4.2 with
the aid of (a) Table 4-14 from Part 4 of the Manual and (b) the column load tables.

a. From Example 4.2, L /r = 96.77 and F, = 50ksi. Values of ¢ F, in Table 4-14 are

c” Ccr
given only for integer values of L /r; for decimal values, L /r may be rounded up



126 Chapter 4: Compression Members

Answer

ASD
solution

Answer

or linear interpolation may be used. For uniformity, we use interpolation in this
book for all tables where it is valid unless otherwise indicated. For L /r = 96.77
and Fy = 50 ksi,

& F,, = 22.67 ksi
6P, = ¢.F..A,=2267(21.8) = 494 kips

ctertlg
b. The column load tables in Part 4 of the Manual give the available strength for
selected W-, HP-, single-angle, WT-, HSS, pipe, and double-angle shapes. The
tabular values for the symmetrical shapes (W, HP, HSS and pipe) were calculated
by using the minimum radius of gyration for each shape. From Example 4.2,
K = 1.0, so

L.= KL =1.0(20) = 20 ft
From Table 4-1a (F, = 50 ksi) fora W14 X 74 and L, = 20 ft,
¢ P, = 495 kips

a. From Example 4.2, L /r = 96.77 and F, = 50 ksi. By interpolation, for L./r=96.77
and Fy = 50 ksi,

F../Q, = 15.07 ksi

Note that this is the allowable stress, F, = 0.6F_. Therefore, the allowable
strength is

P, :
o = FA, = 1507(21.8) = 329 kips

@

b. From Example 4.2, K = 1.0, so
L,= KL =1.0(20) = 20 ft
From Table 4-1a (F), = 50 ksi) fora W14 X 74 and L = 20 ft,

Fo _ 329 ki
0 1ps

@

The values from Table 4-14 (Manual) are based on flexural buckling and AISC
Equations E3-2 and E3-3. Thus, local stability is assumed, and width-thickness ratio
limits must not be exceeded. Although some shapes in the column load tables exceed
those limits (and they are identified with a “c” footnote), the tabulated strength has
been computed according to the requirements of AISC Section E7, “Members with
Slender Elements,” and no further reduction is needed.
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From a practical standpoint, if a compression member to be analyzed can be
found in the column load tables, then these tables should be used.

DESIGN

The selection of an economical rolled shape to resist a given compressive load is
simple with the aid of the column load tables. Enter the table with the effective
length and move horizontally until you find the desired available strength (or some-
thing slightly larger). In some cases, you must continue the search to be certain that
you have found the lightest shape. Usually the category of shape (W, WT, etc.) will
have been decided upon in advance. Often the overall nominal dimensions will also
be known because of architectural or other requirements. As pointed out earlier, all
tabulated values correspond to a slenderness ratio of 200 or less. The tabulated un-
symmetrical shapes—the structural tees and the single and double angles—require
special consideration and are covered in Section 4.8.

Example 4.6

A compression member is subjected to service loads of 165 kips dead load and
535 kips live load. The member is 26 feet long and pinned at each end. Use A913
Grade 65 steel and select a W14 shape.

Calculate the factored load:

P,=1.2D + 1.6L = 1.2(165) + 1.6(535) = 1054 kips
.. Required design strength ¢.P, = 1054 kips.

Table 4-1b is the column load table for F,, = 65 ksi. Entering this table with L, =
KL =1.0(26) = 26 ft, we see that a W14 X 120, with ¢ P, = 1070 kips, will work.

Use a W14 X 120.
Calculate the total applied load:
P,=D + L =165 + 535 = 700 kips
.. Required allowable strength % = 700 kips.

@

From Table 4-1b with L, = KL = 1.0(26) = 26 ft, a W14 X 120 has an allowable
strength of 709 kips.

Use a W14 X 120.
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LRFD
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Answer
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Answer

Example 4.7

Select the lightest W-shape that can resist a service dead load of 62.5 kips and a ser-
vice live load of 125 kips. The effective length is 24 feet. Use ASTM A992 steel.

The appropriate strategy here is to find the lightest shape for each nominal depth in
the column load tables and then choose the lightest overall.

The factored load is
P,=1.2D + 1.6L = 1.2(62.5) + 1.6(125) = 275 kips

From the column load tables (Table 4-1a, for F,=50 ksi), the choices are as follows:

W8: There are no W8s with ¢ P, = 275 kips.
W10: W10 X 54, ¢ P, = 282 kips
Wi12:  WI12 X358, ¢.P,=292kips
Wi4: W14 X 61, ¢.P, =293 kips

Note that the strength is not proportional to the weight (which is a function of the
cross-sectional area).

Use a W10 X 54.

The total applied load is
P,=D+ L =625+ 125 = 188 kips

From the column load tables, the choices are as follows:

W8:  There are no W8s with P, /Q), = 188 kips.

P

W10: W10 X 54, E” = 188 kips
Pn

Wi2: W12 X 58, == 194kips
Pl’l

Wi Wi4 X 61, == 195kips

Note that the strength is not proportional to the weight (which is a function of the
cross-sectional area).

Use a W10 X 54.
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Manual Table 6-2 for Compression Member Analysis and Design

For W shapes not in Manual Table 4-1a (axial compressive strength for F,, = 50 ksi),
Table 6-2 from Part 6 of the Manual can be used. Part 6 of the Manual, to be covered
in detail in Chapter 6 of this book, involves the interaction of bending and axial force
and requires the bending and axial strengths of members. Table 6-2 gives the available
axial compressive and bending strengths of all shapes in the Manual for F,, = 50 ksi.

Most pages of the table cover three W shapes. The axial compressive strengths,
P,/Q. for ASD and ¢_P, for LRFD, are given on the left side of the table. The
available flexural strengths for the same shapes are given on the right side (flexural
strengths will be covered in the next chapter, Beams).

For the compressive strength, the table is used in the same way as the column
load tables in Part 4 of the Manual. Enter the center column of the table with the
effective length, L. The available axial compressive strengths, P,/Q for ASD and
¢.P, for LRFD, are given on the left side of the table in the same row below the
shape of interest. As with the column load tables, the effective length is with respect
to the least radius of gyration, r,.

Example 4.8

Select a W18 shape of A992 steel that can resist a service dead load of 100 kips and
a service live load of 300 kips. The effective length, L, is 26 feet.

P,=12D + 1.6L = 1.2(100) + 1.6(300) = 600 kips

Enter Table 6-2 with L, = 26 ft. We see that a W18 X 130 has a design strength of
¢ P, = 648 kips > 600 kips (OK)

Use a W18 X 130.

P,=D + L =100 + 300 = 400 kips

Enter Table 6-2 with L, = 26 ft. We see that a W18 X 130 has an allowable
strength of

P
Ea = 431 kips > 400 kips ~ (OK)

@

Use a W18 X 130.

As you can see, there is a design aid for almost any W shape compression
member. But there are a few exceptions. For example, Table 4-1 cannot be used
for a W18 shape. Furthermore, if the yield strength for this shape is anything other
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than 50 ksi, Table 6-2 cannot be used. In that case, a trial-and-error approach can

be used.

The general procedure is to assume a shape and then compute its strength. If
the strength is too small (unsafe) or too large (uneconomical), another trial must be
made. A systematic approach to making the trial selection is as follows:

1.

Bl s

Assume a value for the critical buckling stress F.. Examination of AISC
Equations E3-2 and E3-3 shows that the theoretically maximum value of
F is the yield stress F),.

. Determine the required area.

For LRFD,
d)chrAg = Pu
A, = Py
& (bCFCT

For ASD,

A = a
§  0.6F,

Select a shape that satisfies the area requirement.
Compute F_, and the strength for the trial shape.
Revise if necessary. If the available strength is very close to the required
value, the next tabulated size can be tried. Otherwise, repeat the entire pro-
cedure. For Step 1, use a value of F, that is between the original assumed
value and the derived value in Step 4.
Check local stability (check the width-to-thickness ratios). Revise if
necessary.

Example 4.9

Select a W18 shape with F,, = 70 ksi that can resist a service dead load of 100 kips
and a service live load of 300 kips. The effective length L is 26 feet.

LRFD P, =1.2D + 1.6L = 1.2(100) + 1.6(300) = 600 kips

solution

Try F,, = 47 ksi (an arbitrary choice of two-thirds F)):

P, 600

Required A, = =14.2in?

T $.F.,  0.90(47)
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Try a W18 x 50:
A, =147 in.2 > 14.2 in.2 (OK)

L. 26%x12
roo 165
mE  m(29,000)
Fe= (L /r)*  (189.1)

| E 29,000
4714 | —=4.71 - = 95.87
F, 70

L E
Since TC > 4.71 4 /F, AISC Equation E3-3 applies.
y

=189.1

= 8.004 ksi

F.. = 0.877F, = 0.877(8.004) = 7.020 ksi

¢ P, = ¢ F A, = 0.90(7.020)(14.7) = 92.9 kips < 600 kips (N.G.)
(Note: This shape is slender for compression, but since it did not work, there is no
need to compute a reduced strength.)

Because the initial estimate of F,. was so far off, assume a much lower value.
Increase the derived value of 7.020 ksi by one-third of the difference between the
initial estimate and 7.020 ksi.

1
Try Fo = 7.020 + (47 = 7.020) = 20.3 ksi:
600

Required A, = qb; = oo0@o3) ~ 28 in2
Try a W18 x 119:
A,=351in?>328in?  (OK)
ri; - 2622912 ~ 116.0
mE__ m@000) _ ks

T (L)? (1160)
L, E . .
Since - >4.71 o 95.87, AISC Equation E3-3 applies.
y

F.. = 0.877F, = 0.877(21.27) = 18.65 ksi
&P, = b.F, A, =090(18.65)(35.1) = 589 kips < 600 kip  (N.G.)

cterflg

This is very close, so try the next larger size.
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Try a W18 x 130:

A, =383in>
L., 26x%x12
=5 1156 <200  (OK)

wE  7%(29,000)

F = - = 21.42 ksi
© T (LP (1156) o

L |E
Since TC >4.71 o 95.87, AISC Equation E3-3 applies.
y

F, = 0.877F, = 0.877(21.42) = 18.79 ksi

¢t cr

b.P, = b FoA, = 0.90(18.79) (38.3) = 648 kips > 600 kips ~ (OK)

This shape is not slender (there is no footnote in the dimensions and properties
table to indicate that it is), so local buckling does not have to be investigated.

Answer Use a W18 X 130.

ASD The ASD solution procedure is essentially the same as for LRFD, and the same
solution trial values of F_. will be used here.

P,=D + L =100 + 300 = 400 kips
Try F,, = 47 ksi (an arbitrary choice of two-thirds F)):

P, 400
0.6F,  0.6(47)

. _ _ . 2
Required A, = = 14.2 in.

Try a W18 x 50:

A, =147 in.? > 14.2 in.? (OK)

L. 26x12
Vswtm 1.65

= 189.1

_ @E  7(29,000)
¢ (LJr)*  (189.1)

| E 29,000
4714 [—=471 . = 95.87
F, 70

= 8.004 ksi
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L, E
Since - > 471 | ok AISC Equation E3-3 applies.
y

F.. = 0.877F, = 0.877(8.004) = 7.020 ksi
P

6" = 0.6F, A, = 0.6(7.020)(14.7) = 61.9 kips < 400 kips (N.G.)
(&
(Note: This shape is slender for compression, but since it did not work, there is no
need to compute a reduced strength.)
Because the initial estimate of F,, was so far off, assume a much lower value.
Increase the derived value of 7.020 ksi by one-third of the difference between the
initial estimate and 7.020 ksi.

1
Try F,. = 7.020 + —(47 — 7.020) = 20.3 ksi:
Ccr 3

400

. — 32.8in?
0.6F,  0.6(20.3) m

Required A, =

Try a W18 x 119:
A,=351in2>328in?  (OK)
L. 26%X12
= =116.0
T min 2.69
_ @E _ 7(29,000)
(L (116002

= 21.27 ksi
r, E . .
Since - >4.71 o 95.87, AISC Equation E3-3 applies.
y

F,. = 0.877F, = 0.877(21.27) = 18.65 ksi
Pﬂ

o = 06F,A, = 0.6(18.65)(35.1) = 393 kips < 400kip  (N.G)

This is very close, so try the next larger size.

Try a W18 x 130:

A, =383in2

L. 26x12
= — 1156 <2 K
re 270 36<200  (OK)

_ @E _ 7(29,000)
(L) (115.62)

= 21.42 ksi
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Answer

4.7

L, E
Since - > 471 4 /F = 113, AISC Equation E3-3 applies.
y

F.. = 0.877F, = 0.877(21.42) = 18.79 ksi
0.6F,. A, = 0.6(18.79)(38.3) = 432 kips > 400 kips  (OK)

This shape is not slender (there is no footnote in the dimensions and properties table
to indicate that it is), so local buckling does not have to be investigated.

Use a W18 X 130.

MORE ON EFFECTIVE LENGTH

We introduced the concept of effective length in Section 4.2, “Column Theory.” All
compression members are treated as pin-ended regardless of the actual end condi-
tions but with an effective length L_ that may differ from the actual length. With this
modification, the load capacity of compression members is a function of only the
slenderness ratio and modulus of elasticity. For a given material, the load capacity is
a function of the slenderness ratio only.

If a compression member is supported differently with respect to each of
its principal axes, the effective length will be different for the two directions.
In Figure 4.10, a W-shape is used as a column and is braced by horizontal mem-
bers in two perpendicular directions at the top. These members prevent trans-
lation of the column in all directions, but the connections, the details of which
are not shown, permit small rotations to take place. Under these conditions, the
member can be treated as pin-connected at the top. For the same reasons, the
connection to the support at the bottom may also be treated as a pin connection.
Generally speaking, a rigid, or fixed, condition is very difficult to achieve, and un-
less some special provisions are made, ordinary connections will usually closely
approximate a hinge or pin connection. At midheight, the column is braced, but
only in one direction.

Again, the connection prevents translation, but no restraint against rotation is
furnished. This brace prevents translation perpendicular to the weak axis of the
cross section but provides no restraint perpendicular to the strong axis. As shown
schematically in Figure 4.10, if the member were to buckle about the major axis,
the effective length would be 26 feet, whereas buckling about the minor axis would
have to be in the second buckling mode, corresponding to an effective length of
13 feet. Because its strength decreases with increasing L /r, a column will buckle
in the direction corresponding to the largest slenderness ratio, so L, /r, must be
compared with L. /r,. In Figure 4.10, the ratio 26(12)/r, must be compared with
13(12)/r, (where r, and r, are in inches), and the larger ratio would be used for the
determination of the axial compressive strength.
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FIGURE 4.10
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FIGURE 4.11 v >
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ASD From Table 4-14 with L_/r = 54.55,

solution
For _ 24.09 ksi
QC
Pu _ F“A = 24.09(17.0) = 410 ki
Qc_Qc g = 24.09(17.0) = ips

Answer Allowable strength = 410 kips.

The available strengths given in the column load tables are based on the effec-
tive length with respect to the y-axis. A procedure for using the tables with L, , how-
ever, can be developed by examining how the tabular values were obtained. Starting
with a value of L, the strength was obtained by a procedure similar to the following:

L. was divided by r to obtain L /r,.
F,. was computed.
® The available strengths, ¢ P, for LRFD and P, /() for ASD, were computed.

Thus the tabulated strengths are based on the values of L_being equal to L. If the
capacity with respect to x-axis buckling is desired, the table can be entered with
L

rx/ry
and the tabulated load will be based on
L. L./(r/ry) L

C cxX

Cc

i"y }’y vy

The ratio r,/ry is given in the column load tables for each shape listed.
This same technique can be used with Table 6-2.
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Example 4.11

The compression member shown in Figure 4.12 is pinned at both ends and sup-
ported in the weak direction at midheight. A service load of 400 kips, with equal
parts of dead and live load, must be supported. Use F, = 50 ksi and select the
lightest W-shape.

Factored load = P, = 1.2(200) + 1.6(200) = 560 kips

Assume that the weak direction controls and enter the column load table (Table 4-1a,
for F\, = 50 ksi) with L, = 9 feet. Beginning with the smallest shapes, the first one found
that will work is a W8 X 58 with a design strength of 634 kips.

Check the strong axis:

L
o 18 10.34 ft > 9 ft
rx/ry 1.74

.. L., controls for this shape.

Enter the table with L, = 10.34 feet. A W8 X 58 has an interpolated strength of
¢.P, = 596 kips > 560 kips (OK)
Next, investigate the W10 shapes. Try a W10 X 49 with a design strength of 568 kips.

Check the strong axis:

Lee _ 18 _ 10.53 ft > 9 ft
rry, 171 ’

.. L, controls for this shape.
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Answer

ASD
solution

Enter the table with L, = 10.53 feet. A W10 X 54 is the lightest W10, with an inter-
polated design strength of 594 kips.
Continue the search and investigate a W12 X 53 (¢, P, = 611 kips for L = 9 ft):
L, 18

=——=853ft<9ft
ryr, 211

=L, controls for this shape, and ¢.P, = 611 kips.

Determine the lightest W14. The lightest one with a possibility of working is a
W14 X 61. Itis heavier than the lightest one found so far, so it will not be considered.

Use a W12 X 53.
The required load capacity is P = 400 kips. Assume that the weak direction controls

and enter the column load tables with L, = 9 feet. Beginning with the smallest shapes,
the first one found that will work is a W8 X 58 with an allowable strength of 422 kips.

Check the strong axis:
iL
e _ 18 o3>0
T, /ry 1.74

.. L., controls for this shape.
Enter the table with L_ = 10.34 feet. A W8 X 58 has an interpolated strength of

P
—% =397 kips <400 kips  (N.G.)

QC
The next lightest W8 that will work is a W8 X 67.
Lo 18

=——=1029ft>9ft
ryr, 175

The interpolated allowable strength is

P
~ — 460 kips > 400 kips ~ (OK)

QC
Next, investigate the W10 shapes. Try a W10 X 60.
ch 18

=——=10.53ft > 9f
rx/ry 1.71 USERE AT

The interpolated strength is

P
o = 444kips > 400kips  (OK)

@
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Check the W12 shapes: Try a W12 X 53 (P,/Q, = 407 kips for L, = 9 ft).

L, 18
rx/ry 2.11

=8.531ft <9ft

. L., controls for this shape, and P, /). = 407 kips.

Find the lightest W14. The lightest one with a possibility of working is a W14 X 61.
Since it is heavier than the lightest one found so far, it will not be considered.

Answer Use a W12 X 53.

Whenever possible, the designer should provide extra support for the weak direc-
tion of a column. Otherwise, the member is inefficient: It has an excess of strength
in one direction. When L, and L., are different, L., will control unless r,/r, is
smaller than L, /L ,. When the two ratios are equal, the column has equal strength
in both directions. For most of the W-shapes in the column load tables, rx/ry ranges
between 1.6 and 1.8, but it is as high as 3.1 for some shapes.

Example 4.12

The column shown in Figure 4.13 is subjected to a service dead load of 140 kips and
a service live load of 420 kips. Use A992 steel and select a W-shape.

FIGURE 4.13 ¢

T
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Support in Support in
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Solution

LRFD
solution

L, =20 ft and maximum L, = 8 ft. The effective length L , will control whenever

cx
r/r,

> L,

or
cx
L,
In this example,
L 20

L, 8

so L, will control if 7 /r, < 2.5. Since this is true for almost every shape in the col-
umn load tables, L ., probably controls in this example.

rry <

=25

Assume r,/r, = 1.7:

L, 20
=—=1176 > L
rx/ry 1.7 2

P,=12D + 1.6L = 1.2(140) + 1.6(420) = 840 kips

Enter the column load tables with L . = 12 feet. There are no W8 shapes with enough
load capacity.

Try a W10 x 88 (¢.P, = 940 kips):

L
o 20 11.56 ft < 12 ft

Actual % =
e T3

.. ¢ P, > required 840 kips.
(By interpolation, ¢, P, = 955 kips.)

Check a W12 x 79:

Ly 20
=——=1143ft
rr, 175

¢ P, = 900 kips > 840 kips (OK)

Investigate W14 shapes. For r,/r, = 2.44 (the approximate ratio for all likely
possibilities),
Ly 20

=_—=8197ft>L,, =8f
rr, 244 81971t o =81
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For L, = 9 ft, a W14 X 74, with a capacity of 854 kips, is the lightest W14-shape.
Since 9 feet is a conservative approximation of the actual effective length, this shape
is satisfactory.

Use a W14 X 74 (lightest of the three possibilities).
P,=D + L =140 + 420 = 560 kips

Enter the column load tables with L. = 12 feet. There are no W8 shapes with enough
load capacity.

Investigate a W10 x 88 (for L = 12 ft, P, /Q = 625 kips):
L, 20

Actual =
cua ryr, 173

=11.56 ft <12 ft

P
En > required 560 kips.

@

(By interpolation, P, /€, = 635 kips.)

Check a W12 x 79:

L. 20
=——=1143ft> L, = 8ft
ryry, 175 4

P
5” =599 kips > 560 kips ~ (OK)

@

Investigate W14 shapes. Try a W14 X 74:

Lo _ 20
=——=820>L, =8ft
rr, 244 e

For L, = 8.20 ft,

P
6" = 582 kips > 560 kips  (OK)

@

Use a W14 X 74 (lightest of the three possibilities).

For isolated columns that are not part of a continuous frame, Table C-A-7.1 in
the Commentary to Specification Appendix 7 will usually suffice. Consider, how-
ever, the rigid frame in Figure 4.14. The columns in this frame are not independent
members but part of a continuous structure. Except for those in the lower story,
the columns are restrained at both ends by their connection to beams and other
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FIGURE 4.14
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columns. This frame is also unbraced, meaning that horizontal displacements of the
frame are possible and all columns are subject to sidesway. If Table C-A-7.1 is used
for this frame, the lower-story columns are best approximated by condition (f), and
a value of K = 2 might be used. For a column such as AB, a value of K = 1.2, cor-
responding to condition (c), could be selected. A more rational procedure, however,
will account for the degree of restraint provided by connecting members.

The rotational restraint provided by the beams, or girders, at the end of a
column is a function of the rotational stiffnesses of the members intersecting at
the joint. The rotational stiffness of a member is proportional to EI/L, where I
is the moment of inertia of the cross section with respect to the axis of bending.
Gaylord, Gaylord, and Stallmeyer (1992) show that the effective length factor K
depends on the ratio of column stiffness to girder stiffness at each end of the
member, which can be expressed as

_ EE Icol/Lcol _ EIcol/L

col
_ (4.12)
SE /L, SI/L,

col
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where

2E 1./L., = sum of the stiffnesses of all columns at the end of the column
under consideration.
3E,l,/L, = sum of the stiffnesses of all girders at the end of the column
under consideration.

= E, = E, the modulus of elasticity of structural steel.

Ecol g

If a very slender column is connected to girders having large cross sections, the
girders will effectively prevent rotation of the column. The ends of the column are
approximately fixed, and K is relatively small. This condition corresponds to small
values of G given by Equation 4.12. However, the ends of stiff columns connected
to flexible beams can more freely rotate and approach the pinned condition, giving
relatively large values of G and K.

The relationship between G and K has been quantified in the Jackson—-Mooreland
Alignment Charts (Johnston, 1976), which are reproduced in Figures C-A-7.1 and
C-A-7.2 in the Commentary. To obtain a value of K from one of these nomogrames,
first calculate the value of G at each end of the column, letting one value be G, and
the other be Gz. Connect G, and Gy with a straight line, and read the value of K
on the middle scale. The effective length factor obtained in this manner is with
respect to the axis of bending, which is the axis perpendicular to the plane of the
frame. A separate analysis must be made for buckling about the other axis. Normally
the beam-to-column connections in this direction will not transmit moment; sidesway
is prevented by bracing; and K can be taken as 1.0.

Example 4.13

The rigid frame shown in Figure 4.15 is unbraced. Each member is oriented so that
its web is in the plane of the frame. Determine the effective length factor K, for
columns AB and BC.

Solution Column AB:

For joint A,
_ DT /Lol _ 833/12 + 1070/12 _ 1586 _ 0.94
Ejg/Lg 1350/20 + 1830/18  169.2
For joint B,
_ 21/ _1070/12 + 1070/15 _ 160.5 — 0095

Elg/Lg 169.2 169.2
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FIGURE 4.15
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From the alignment chart for sidesway uninhibited (AISC Figure C-A-7.2), with
G, =0.94and G = 0.95, K, = 1.3 for column AB.

Column BC:
For joint B, as before,

G =0.95

For joint C, a pin connection, the situation is analogous to that of a very stiff
column attached to infinitely flexible girders—that is, girders of zero stiffness.
The ratio of column stiffness to girder stiffness would therefore be infinite for a
perfectly frictionless hinge. This end condition can only be approximated in prac-
tice, so the discussion accompanying the alignment chart recommends that G
be taken as 10.0.

From the alignment chart with G, = 0.95 and G = 10.0, K, = 1.85 for column BC.

As pointed out in Example 4.13, for a pinned support, G should be taken as
10.0; for a fixed support, G should be taken as 1.0. The latter support condition
corresponds to an infinitely stiff girder and a flexible column, corresponding to a
theoretical value of G = 0. The discussion accompanying the alignment chart in
the Commentary recommends a value of G = 1.0 because true fixity will rarely be
achieved.

Unbraced frames are able to support lateral loads because of their moment-
resisting joints. Often the frame is augmented by a bracing system of some sort;
such frames are called braced frames. The additional resistance to lateral loads can
take the form of diagonal bracing or rigid shear walls, as illustrated in Figure 4.16.
In either case, the tendency for columns to sway is blocked within a given panel,
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(a) Diagonal Bracing

NAS

(b) Shear Walls
(masonry, reinforced concrete,
or stecl plate)

or bay, for the full height of the frame. This support system forms a cantilever
structure that is resistant to horizontal displacements and also provides horizontal
support for the other bays. Depending on the size of the structure, more than one
bay may require bracing.

A frame must resist not only the tendency to sway under the action of lateral
loads but also the tendency to buckle, or become unstable, under the action of
vertical loads. Bracing to stabilize a structure against vertical loading is called
stability bracing. Appendix 6 of the AISC Specification, “Member Stability
Bracing,” covers this type of bracing. Two categories are covered: relative and
nodal. With relative bracing, a brace point is restrained relative to adjacent brace
points. A relative brace is connected not only to the member to be braced but
also to other members, as with diagonal bracing. With relative bracing, both the
brace and other members contribute to stabilizing the member to be braced.
Nodal bracing provides isolated support at specific locations on the member and
is not relative to other brace points or other members. The provisions of AISC
Appendix 6 give equations for the required strength and stiffness (resistance
to deformation) of stability bracing. The provisions for columns are from the
Guide to Stability Design Criteria (Galambos, 1998). The required strength
and stiffness for stability can be added directly to the requirements for brac-
ing to resist lateral loading. Stability bracing is discussed further in Chapter 5,
“Beams,” and Chapter 6, “Beam—Columns.”
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Columns that are members of braced rigid frames are prevented from sidesway
and have some degree of rotational restraint at their ends. Thus they are in a cate-
gory that lies somewhere between cases (a) and (d) in Table C-A-7.1 of the Commen-
tary, and K is between 0.5 and 1.0. A value of 1.0 is therefore always conservative for
members of braced frames and is the value prescribed by AISC Appendix 7.2.3(a)
unless an analysis is made. Such an analysis can be made with the alignment chart
for braced frames. Use of this nomogram would result in an effective length factor
somewhat less than 1.0, and some savings could be realized.”

As with any design aid, the alignment charts should be used only under the con-
ditions for which they were derived. These conditions are discussed in Section 7.2
of the Commentary to the Specification and are not enumerated here. Most of the
conditions will usually be approximately satisfied; if they are not, the deviation will
be on the conservative side. One condition that usually is not satisfied is the require-
ment that all behavior be elastic. If the slenderness ratio L./r = KL/r is less than
4.71v E/Fy, the column will buckle inelastically, and the effective length factor ob-
tained from the alignment chart will be overly conservative. A large number of
columns are in this category. A convenient procedure for determining K for in-
elastic columns allows the alignment charts to be used (Yura, 1971; Disque, 1973;
Geschwindner, 2010). To demonstrate the procedure, we begin with the critical
buckling load for an inelastic column given by Equation 4.6b. Dividing it by the
cross-sectional area gives the buckling stress:

P TE,
o (KL/r)?

The rotational stiffness of a column in this state would be proportional to E,I. /L.,
and the appropriate value of G for use in the alignment chart is

_ EEtIcol/L Et

col _ 1t

inelastic — - elastic
SELJL, E

Because E,is less than E, Gy .j,qic 18 Iess than G- and the effective length factor K
will be reduced, resulting in a more economical design. To evaluate E,/E, called the

stiffness reduction factor (denoted by 7,), consider the following relationship.
Fcr(inelastic) _ 7T2E[/(I<L/r)2 N 5

= — =7
Fcr(elastic) 7TZE/(KVL/”)Z E b

From Galambos (1998), F; (inclastic) a0d Fer (elasticy €an be expressed as

Az
Fcr(inelastic) =\1- Z Fy (4.13)

F,

Y
Fcr(elastic) = F

“If a frame is braced against sidesway, the beam-to-column connections need not be moment-resisting,
and the bracing system could be designed to resist all sidesway tendency. If the connections are not
moment-resisting, however, there will be no continuity between columns and girders, and the align-
ment chart cannot be used. For this type of braced frame, K should be taken as 1.0.
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where
L_KL1 \F
roa E
Since
_ Fet (inelastic)
"TF, cr (elastic)
then

Fy
Fcr (inelastic) = Tchr(elastic) =T F

AZ _ Tbe
F cr (inelastic)
From Equation 4.13,

)\2 Tbe
Fcr(inelastic) = (1 - 4>Fy - <1 B 4F>Fy

cr (inelastic)

Using the notation F,, = F,

cr (inelastic

{2
Fy Fy

This can be written in terms of forces as follows:
g T A () Faa
Fy A Fy A

Pn Pn
“a)02)

P, = nominal inelastic compressive strength = F A = F, (irclasticyA
P, = elastic load, or “squash” load = F| A
A = gross area, A, for nonslender element shapes
= reduced effective area, A,, for slender element shapes, computed accord-
ing to AISC E7 (We covered this in Section 4.4, “Local Stability.”)

) and solving for 7, we obtain

where

Substituting the required strength, aP,, for the available strength, P,, we have

)
T, = -
b PIZS PIZS

where o = 1.0 for LRFD and 1.6 for ASD. (The required strength is computed at
the factored load level, and the 1.6 factor is used to adjust the ASD service load to
a factored load level.)
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AISC permits the reduction to be neglected when aP, /P, is small, resulting in
the following provision:

‘V —=0.
P ’

ns

T, = 1.0 (AISC Equation C2-2a)
When “7r = 035
en P 5,
aP, aP, )
T, =4 P 1- P (AISC Equation C2-2b)

The stiffness reduction factor, 7, is also used to adjust member stiffnesses for
frame analysis. This is discussed in Chapter 6, “Beam-Columns.”

Example 4.14

A W10 X 54 of A992 steel is used as a column. It is subjected to a service dead load of
100 kips and a service live load of 200 kips. What is the stiffness reduction factor, 7,?

Solution A W10 X 54 is a nonslender shape (no footnote in the Dimensions and Properties
table).

A=A,=158 in.?
P, = F,A =50(15.8) = 790 kips

LRFD P, =P,=12D + 1.6L = 1.2(100) + 1.6(200) = 440 kips

solution
aP,  1.0(440)

P 790

ns

= 0.5570 > 0.5

Therefore, from AISC Equation C2-2b,

. aP,><1 aP, . 1.0(440) <1 1.0(440))_0 -
() )

ns ns

Answer 7, =0.987

ASD P,=P,=D + L =100 + 200 = 300 kips
solution P, 1.6(300)
P, 79

ns

= 0.6076 > 0.5
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Therefore, from AISC Equation C2-2b,

aP, aP,
T, = 4 = il = 2 = 4(0.6076)(1 — 0.6076) = 0.954

ns ns

Answer 7, =0.954

If the end of a column is fixed (G = 1.0) or pinned (G = 10.0), the value of G
at that end should not be multiplied by the stiffness reduction factor. Values of the
stiffness reduction factor 7, as a function of P, /A, and P /A, are given in Table 4-13
in Part 4 of the Manual.

Example 4.15

A rigid unbraced frame is shown in Figure 4.17. All members are oriented so that
bending is about the strong axis. Lateral support is provided at each joint by simply
connected bracing in the direction perpendicular to the frame. Determine the ef-
fective length factors with respect to each axis for member AB. The service dead
load is 35.5 kips, and the service live load is 142 kips. A992 steel is used.

FIGURE 4.17 W12 X 14 A W12Xx 14
o 4\
o
g 12/
W14x22 21B W14x22 y
o
o
X ,
S 12
=
A
12’
Y
A
15’

)
=2

18’ 18’

-
o
+ e
H
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Solution

LRFD
solution

Answer

Compute elastic G factors:

For joint A,
Ee/Le) _ 17112 1425 _
E(Ig/Lg) 88.6/20 + 88.6/18 9352
For joint B,
2(Icol/Lcol) _ 2(171/12) _ 28.5 —136

S(I/L,)  199/20 +199/18  21.01

From the alignment chart for unbraced frames, K, = 1.45 based on elastic behav-
ior. Determine whether the column behavior is elastic or inelastic.

L, KL 14512x12)

P o = 4983
E 29,000
47147 = 4714 [—t— =113
F, 50

Since

L
X <471 \/E
Iy Fy

behavior is inelastic, and the inelastic K factor can be used.

The factored load is
P,=12D + 1.6L = 1.2(35.5) + 1.6(142) = 269.8 kips

A W10 X 33 is nonslender,

A= Ag = 971 in.2, so enter Table 4-13 in Part 4 of the Manual with
P, 2698

A, 971

= 27.79 ksi

and obtain the stiffness reduction factor 7, = 0.9877 by interpolation.

For joint A,

Ginelastic =T, X Gelastic = 09877(152) =1.50
For joint B,

Gine]astic = 0.9877(1.36) = 1.34

From the alignment chart, K, = 1.43. Because of the support conditions normal to
the frame, Ky can be taken as 1.0.



ASD
solution

Answer

4.8
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The applied load is
P,=D + L =355+ 142 = 177.5 kips
Enter Table 4-13 in Part 4 of the Manual with

P, 1715
—— = . = 1828 ksi
A, 971 ot
and obtain the stiffness reduction factor 7, = 0.9703 by interpolation.
For joint A,
Ginelastic = Ta X Gelastic = 0.9703(1.52) = 1.47
For joint B,
Crienio — 0.9703(1.36) = 1.32

From the alignment chart, K = 1.43. Because of the support conditions normal to
the frame, Ky can be taken as 1.0.

AISC Appendix 7 states that the effective length factor, K, for members in
moment-resisting frames should be determined by a “sidesway buckling analysis.”
However, the use of the alignment charts is acceptable (Nair, 2005).

TORSIONAL AND FLEXURAL-TORSIONAL BUCKLING

When an axially loaded compression member becomes unstable overall (that is, not
locally unstable), it can buckle in one of three ways, as shown in Figure 4.18).

1. Flexural buckling. We have considered this type of buckling up to now. It
is a deflection caused by bending, or flexure, about the axis corresponding to
the largest slenderness ratio (Figure 4.18a). This is usually the minor principal
axis—the one with the smallest radius of gyration. Compression members
with any type of cross-sectional configuration can fail in this way.

2. Torsional buckling. This type of failure is caused by twisting about the
longitudinal axis of the member. It can occur only with doubly symmetrical
cross sections with very slender cross-sectional elements (Figure 4.18b).
Standard hot-rolled shapes are not susceptible to torsional buckling, but
members built up from thin plate elements may be and should be investig-
ated. The cruciform shape shown is particularly vulnerable to this type of
buckling. This shape can be fabricated from plates as shown in the figure,
or built up from four angles placed back to back.

3. Flexural-torsional buckling. This type of failure is caused by a combin-
ation of flexural buckling and torsional buckling. The member bends and
twists simultaneously (Figure 4.18c). This type of failure can occur only with
unsymmetrical cross sections, both those with one axis of symmetry—such
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FIGURE 4.18

-«
0 €—
20—

S~

(a) (b) (c)
Flexural Torsional Flexural-torsional
Buckling Buckling (cruciform Buckling

shape shown)

as channels, structural tees, double-angle shapes, and equal-leg single
angles—and those with no axis of symmetry, such as unequal-leg single
angles.

The AISC Specification requires an analysis of torsional or flexural-
torsional buckling when appropriate. The analysis is based on determining a
value of F, that can be used with AISC Equations E3-2 and E3-3 to determine
the critical stress, F,.. The stress F, can be defined as the elastic buckling stress
corresponding to the controlling mode of failure, whether flexural, torsional, or
flexural-torsional.

The equations for F, given in AISC E4 are based on well-established theory
given in Theory of Elastic Stability (Timoshenko and Gere, 1961). Except for some
changes in notation, they are the same equations as those given in that work, with no
simplifications. For doubly symmetrical shapes (torsional buckling),

F = [WZECW + Gﬂ 1
(L) I, +1,

(AISC Equation E4-2)

For singly symmetrical shapes (flexural-torsional buckling),

F = F€y+F€z|: _ 4FeyFezH :|

= — AISC Equation E4-3
e~ o (F,, + F, ) ( d )

where y is the axis of symmetry.
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For shapes with no axis of symmetry (flexural-torsional buckling),
2 X \?
(Fe_Fex)(Fe_Fey)(Fe_Fez) _Fe(Fe_Fey) 7
0

2
— FXF,—F,) <y°> =0 (AISC Equation E4-4)
To

This last equation is a cubic; F, is the smallest root.
In the above equations, the z-axis is the longitudinal axis. The previously unde-
fined terms in these three equations are defined as

C,, = warping constant (in.®)
L., = K_L = effective length for torsional buckling, which is based on the
amount of end restraint against twisting about the longitudinal axis
G = shear modulus (ksi) = 11,200 ksi for structural steel
J = torsional constant (equal to the polar moment of inertia only for circu-
lar cross sections) (in.*)

(Lex/ry)
N

where y is the axis of symmetry for singly symmetrical shapes.

(AISC Equation E4-5)

(AISC Equation E4-6)

[#ECW + GJ} 1 (AISC Equation E4-7)
= Iy quation E4-
“ L (L)? ATS
x5+ 3 :
H=1-—= (AISC Equation E4-8)
o

where z is the longitudinal axis and x, y, are the coordinates of the shear
center of the cross section with respect to the centroid (in inches). The shear
center is the point on the cross section through which a transverse load on a
beam must pass if the member is to bend without twisting.

I+1,

Ag

FE=x3+ Y2+ (AISC Equation E4-9)

Values of the constants used in the equations for F, can be found in the dimen-
sions and properties tables in Part 1 of the Manual. Table 4.1 shows which constants
are given for various types of shapes. Table 4.1 shows that the Manual does not give
the constants r, and H for tees, although they are given in the AISC shapes database
(AISC 2016c¢). They are easily computed, however, if x,, and y, are known. Since x,,
and y, are the coordinates of the shear center with respect to the centroid of the cross
section, the location of the shear center must be known. For a tee shape, it is located at
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TABLE 4.1 Shape Constants

W, M, S, HP, WT, MT, ST J, C,, (In addition, the AISC shapes database
(AISC2016c) gives values of 7, and H for
WT, MT, and ST shapes.)

C J,C,, 1o, H

MC, Angles J, C,, 1y (In addition, the AISC shapes
database (AISC 2016c¢) gives values of H for
MC and angle shapes.)

Double Angles 7o, H (J and C,, are double the values given

for single angles.)

the intersection of the centerlines of the flange and the stem. Example 4.16 illustrates
the computation of r, and H.

The need for a torsional buckling analysis of a doubly symmetric shape will
be rare. Similarly, the only shape with no axis of symmetry that is likely to be used
as a compression member is the single angle. The Specification provides for this
shape, but we do not cover it here (Part 4 of the Manual contains tables for the
strength of single-angle compression members). For these reasons, we limit further
consideration to flexural-torsional buckling of shapes with one axis of symmetry.
Furthermore, the most commonly used of these shapes, the double angle, is a built-
up shape, and we postpone consideration of it until Section 4.9.

For singly symmetrical shapes, the flexural-torsional buckling stress, F,, is
found from AISC Equation E4-5. In this equation, y is defined as the axis of sym-
metry (regardless of the orientation of the member), and flexural-torsional buckling
will take place only about this axis (flexural buckling about this axis will not occur).
The x-axis (the axis of no symmetry) is subject only to flexural buckling. There-
fore, for singly symmetrical shapes, there are two possibilities for the strength: either
flexural-torsional buckling about the y-axis (the axis of symmetry) or flexural buck-
ling about the x-axis (Timoshenko and Gere, 1961 and Zahn and Iwankiw, 1989).
To determine which one controls, compute the strength corresponding to each axis
and use the smaller value.

The User Note in AISC E4(c) suggests omitting the C,, term in AISC Equation
E4-7 and setting x,, to zero when computing F,_ for tees and double angles. If we
omit the C,, term, we get

GJ

F,_=—— 4.14)
“ Agr(z,
Since
I +1
S
g

and x,, is already zero for tees and double angles; no further simplification is needed.



Solution

4.8: Torsional and Flexural-Torsional Buckling 155

The nominal strength can then be computed as

P =FA (AISC Equation E4-1)

crelg

where F_, is computed using either AISC Equation E3-2 or E3-3 (flexural buckling
equations).

Example 4.16

Compute the compressive strength of a WT12 X 81 of A992 steel. The effective length
with respect to the x-axis is 25 feet 6 inches, the effective length with respect to the
y-axis is 20 feet, and the effective length with respect to the z-axis is 20 feet.

First, compute the flexural buckling strength for the x-axis (the axis of no symmetry):

L, 255x12
T, 3.50

mE  7(29,000)
¢ (L IR (87.43)

471w/ =471 29000

Slnce —~ <47 \ / 7 , AISC Equation E3-2 applies:
y

= 87.43

= 37.44ksi

F,, = 0.6585/5) F = 0.658003749) (50) = 28.59 ksi

The nominal flexural buckling strength is

P, =F, A, = 28.59(23.9) = 683.3 kips

Compute the flexural-torsional buckling strength about the y-axis (the axis of
symmetry):

Ly 20x12

r. 3.05

y
. wE _ 7(29,000)
e 2 2
y (Lcy/r ) (78.69)
From Equation 4.14,
GJ
F =

A

= 78.69

= 46.22 ksi
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Because the shear center of a tee is located at the intersection of the centerlines of the
flange and the stem,

x=0
ot 1.22
Yo =3 =5 =270 = =5 = 2.09in.
I+1 293 + 221
=X+ yi+——= =0+ (2.090) + g = 2587in’

4
X5+yp . 0 + (2.090)?
7 25.87
F oGl _ 11,200(9.22)
“AFE 23.9(25.87)
F,, +F, =31.79 + 167.0 = 198.8 ksi

G 2H (Fey+Fez)2

H=1- = 0.8312

= 167.0 ksi

198.8 4(31.79)(167.0)(0.8312) _
= 1- 41~ = 30.63k
2(0.8312)[ \/ (198.8)? S0.63ksi
Fy, 50

F 3063 0%

Since 1.632 < 2.25, use AISC Equation E3-2:
F,, = 0.658"/F, = 0.658"62(50) = 25.25 ksi
P, = F, A, =2525(23.9) = 603.5 kips

The flexural-torsional buckling strength controls, and the nominal strength is
603.5 kips.

Answer For LRFD, the design strength is ¢.P, = 0.90(603.5) = 543 kips.

For ASD, the allowable stress is F,, = 0.6F,. = 0.6(25.25) = 15.15 ksi, and the allowable
strength is F, A, = 15.15(23.9) = 362 Kips.

Example 4.17

Compute the compressive strength of a C15 X 50 of A36 steel. The effective lengths
with respect to the x, y, and z axes are each 13 feet.

Solution Check the flexural buckling strength about the y-axis (this is the axis of no sym-
metry for a channel):
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Ly 13x12

r, 0865
_ wE _ 7(29,000)
© (LJr?*  (180.3)°

E 29,000
47147 = 4714 [——=1337
F, 36

L |E
Since TC >4.71 R AISC Equation E3-2 applies:
y

= 180.3

= 8.805ksi

F.. = 0.877F, = 0.877(8.805) = 7.722 ksi

The nominal strength is

P, = F, A, = 7722(147) = 113.5 kips

Compute the flexural-torsional buckling strength about the axis of symmetry. For a
channel, the axis of symmetry is the x axis as shown in the Manual Dimensions
and Properties table. But in AISC Equation E4-3, the axis of symmetry is called
the y axis, so the x and y subscripts need to be reversed. See also the User Note in
AISC E4(b).
L, 13x12
T, 5.24
P TE _ 7%(29,000)
& (L r)? (29.77)*

F,_ = [ﬂzECW + GJ}I

“L(L)? Arg

B [%(29,000)(492)
(13 X 12)?

F,, + F, =323.0 + 80.06 = 403.1ksi

¢ 2H (F,, +F,)

4031 [1 N \/1 _ 4(323.0)(80.06)(0.937)
~2(0.937) (403.1)2

=29.77

= 323.0ksi

4 11,200(2.65)} = 80.06ksi (7, is tabulated)

14.7(5.49)?

] = 78.46ksi (Histabulated)

Since

L, |E
—£ <4714 ]|=—=1337
Iy Fy
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Answer

4.9

use AISC Equation E3-2:
F,, = 0.6585/F)F, = 0.658C¢/7840)(36) = 2971 ksi
The nominal strength is
P, =F A, =2971(14.7) = 436.7 kips
The flexural buckling strength controls, and the nominal strength is 113.5 Kips.
For LRFD, the design strength is ¢ P, = 0.90(113.5) = 102 kips.

For ASD, the allowable stress is F, = 0.6F,. = 0.6(7.722) = 4.633 ksi, and the allowable
strength is F, A, = 4.633(14.7) = 68.1 kips.

In practice, the strength of most double angles and tees can be found in the
column load tables. These tables give two sets of values of the available strength,
one based on flexural buckling about the x-axis and one based on flexural-torsional
buckling about the y axis.

Available compressive strength tables are also provided for single-angle
members. The values of strength in these tables are based on the provisions of
AISC Es.

When using the column load tables for unsymmetrical shapes, there is no need to
account for slender compression elements, because that has already been done. If an
analysis is being done for a member not in the column load tables, then any element
slenderness must be accounted for.

BUILT-UP MEMBERS

If the cross-sectional properties of a built-up compression member are known,
its analysis is the same as for any other compression member, provided the
component parts of the cross section are properly connected. AISC E6 con-
tains many details related to this connection, with separate requirements for
members composed of two or more rolled shapes and for members composed of
plates or a combination of plates and shapes. Before considering the connection
problem, we will review the computation of cross-sectional properties of built-
up shapes.

The design strength of a built-up compression member is a function of the
slenderness ratio L /r. Hence the principal axes and the corresponding radii of
gyration about these axes must be determined. For homogeneous cross sections,
the principal axes coincide with the centroidal axes. The procedure is illustrated
in Example 4.18. The components of the cross section are assumed to be properly
connected.
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Solution

TABLE 4.2
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Example 4.18

The column shown in Figure 4.19 is fabricated by welding a ¥s-inch by 4-inch cover
plate to the flange of a W18 X 65. Steel with F, = 50 ksi is used for both components.
The effective length is 15 feet with respect to both axes. Assume that the compo-
nents are connected in such a way that the member is fully effective and compute the
strength based on flexural buckling.

y /%HX 4//

W18 X 65

With the addition of the cover plate, the shape is slightly unsymmetrical, but the
flexural-torsional effects will be negligible.

The vertical axis of symmetry is one of the principal axes, and its location
need not be computed. The horizontal principal axis will be found by application
of the principle of moments: The sum of moments of component areas about any
axis (in this example, a horizontal axis along the top of the plate will be used)
must equal the moment of the total area. We use Table 4.2 to keep track of the
computations.

Ay 1832
y=<=-———=28893in.
YT 34 T 2060 -
Component A y Ay
Plate 1.500 0.1875 0.2813
W 19.10 9.575 182.9
> 20.60 183.2

With the location of the horizontal centroidal axis known, the moment of iner-
tia with respect to this axis can be found by using the parallel-axis theorem:

I=1+ Ad?
where

[ = moment of inertia about the centroidal axis of a component area
A = area of the component



160 Chapter 4: Compression Members

I = moment of inertia about an axis parallel to the centroidal axis of the com-

ponent area

d = perpendicular distance between the two axes

The contributions from each component area are computed and summed to
obtain the moment of inertia of the composite area. These computations are shown
in Table 4.3, which is an expanded version of Table 4.2. The moment of inertia about

the x-axis is

I, = 1193 in.*
TABLE 4.3 Component A y Ay T d I+Ad
Plate 1.500 0.1875 0.2813 0.01758 8.706 113.7
W 19.10 9.575 182.9 1070 0.6820 1079
> 20.60 183.2 1193

For the vertical axis,

1/(3 3 .y
=—\ = + 54.8 = 56. 5
I, 12<8>(4) 54.8 = 56.80 in

Since 1, < I, the y-axis controls.

I /56.80
— . — Yy _ — g
Fmin = Ty = \/7 =\ 2060 1.661 in.

L. 15x12
roo 1661
mE  m(29,000)
Fe= (Lr)* (108.4)

E 29,000
4714 |7 =471 [—t— =113
F, 50
L E

= 108.4

= 24.36 ksi

Since TC <4714/ o use AISC Equation E3-2.
y

F,, = 0.658F5/F)F, = 0.6580C02436)(50) = 21.18 ksi

The nominal strength is
P, =F, A, =21.18(20.60) = 436.3 kips

critg

LRFD The design strength is
solution 4 b _ ,90(436.3) = 393 kips



ASD
solution

Answer

FIGURE 4.20
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From Equation 4.7, the allowable stress is
F,=0.6F, = 0.6(21.18) = 12.71 ksi
The allowable strength is
F,A, = 12.71(20.60) = 262 kips
Design compressive strength = 393 kips. Allowable compressive strength = 262 kips.

Connection Requirements for Built-Up Members Composed of Rolled Shapes
The most common built-up shape is one that is composed of rolled shapes, namely,
the double-angle shape. This type of member will be used to illustrate the require-
ments for this category of built-up members. Figure 4.20 shows a truss compression
member connected to gusset plates at each end. To maintain the back-to-back sepa-
ration of the angles along the length, fillers (spacers) of the same thickness as the
gusset plate are placed between the angles at equal intervals. The intervals must be
small enough that the member functions as a unit. If the member buckles about the
x-axis (flexural buckling), the connectors are not subjected to any calculated load,
and the connection problem is simply one of maintaining the relative positions of
the two components. To ensure that the built-up member acts as a unit, AISC E6.2
requires that the slenderness of an individual component be no greater than three-
fourths of the slenderness of the built-up member; that is,

o 4r

where
a = spacing of the connectors
r; = smallest radius of gyration of the component

L
L_/r = maximum slenderness ratio of the built-up member

-

o] o o} (oo o)

=
S
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FIGURE 4.21

. |
»

a

S &

If the member buckles about the axis of symmetry—that is, if it is subjected to
flexural-torsional buckling about the y-axis—the connectors are subjected to shear-
ing forces. This condition can be visualized by considering two planks used as a
beam, as shown in Figure 4.21. If the planks are unconnected, they will slip along
the surface of contact when loaded and will function as two separate beams. When
connected by bolts (or any other fasteners, such as nails), the two planks will behave
as a unit, and the resistance to slip will be provided by shear in the bolts. This behav-
ior takes place in the double-angle shape when bending about its y-axis. If the plank
beam is oriented so that bending takes place about its other axis (the b-axis), then
both planks bend in exactly the same manner, and there is no slippage and hence no
shear. This behavior is analogous to bending about the x-axis of the double-angle
shape. When the fasteners are subjected to shear, a modified slenderness ratio larger
than the actual value may be required.

AISC E6 considers two categories of intermediate connectors: (1) snug-tight
bolts and (2) welds or fully-tensioned bolts. We cover these connection methods in
detail in Chapter 7, “Simple Connections.”

When the connectors are snug-tight bolts, the modified slenderness ratio is

L, LN [a\? .
Ze) = ) £ (= (AISC Equation E6-1)
r ) r ) r;

where

L.
<;> = original unmodified slenderness ratio
0

When the connectors are welds or fully-tensioned bolts, the modified slenderness
ratio depends on the value of a/r;:
When a/r; = 40, the slenderness ratio is not modified; that is,

<C> = <°> (AISC Equation E6-2a)
m 0

2 a\2
<LC> = \/<LC> + (Kla> (AISC Equation E6-2b)
r m r 0 rl-
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where

K; = 0.5 for angles back-to-back
= (.75 for channels back-to-back

= (.86 for all other cases

The column load tables for double angles are based on the use of welds or fully tight-
ened bolts. These tables show the number of intermediate connectors required for the
given y-axis flexural-torsional buckling strength. The number of connectors needed
for the x-axis flexural buckling strength must be determined from the requirement of
Equation 4.15 that the slenderness of one angle between connectors must not exceed
three-fourths of the overall slenderness of the double-angle shape.

Example 4.19

Compute the available strength of the compression member shown in Figure 4.22.
Two angles, 5 X 3 X 12, are oriented with the long legs back-to-back (2L5 X 3 X
73 LLBB) and separated by 34 inch. The effective length, L, is 16 feet, and there
are three fully tightened intermediate connectors. A36 steel is used.

FIGURE 4.22 y

lOO o o (o] 00]
| 1

u

X

Solution Compute the flexural buckling strength for the x-axis:

L, 16(12)
r, 158 - 1213
mE  7%(29,000)

© T (L? (12150
E 29,000
471 | =—=4T714|—— =134
\'F, V36
L E

Since TC <471 \/;, use AISC Equation E3-2:
y

= 19.39 ksi

F,, = 0.658F:/F)F, = 0.658391939)(36) = 16.55 ksi
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The nominal strength is

P, = F, A, =16.55(7.50) = 124.1 kips

cr‘lg

To determine the flexural-torsional buckling strength for the y-axis, use the
modified slenderness ratio, which is based on the spacing of the connectors. The
unmodified slenderness ratio is

L L, 16(12
<C> =—C=¥=154.8
0

r ry 1.24
The spacing of the connectors is
16(12) )
=——=48in.
4 spaces

Then, from Equation 4.15,

a_a 48
—=—= = 7477 < 0.75(154.8) = 116.1 K
P Y 74.77 < 0.75(154.8) 6 (OK)
Compute the modified slenderness ratio, (L,/7),,:
a 48 .
== =/4.[1 > -20.
r = 0.642 74.77 > 40 Use AISC Equation E6-2b
K;a 0.5(48) e
r,o 0642 T

<Lr> = \/ <I;>2 + (5”)2 = V/(154.8)? + (37.38)2 = 159.2

This value should be used in place of L./r, for the computation of F,
mE  7%(29,000)

= = = 11.29 ksi
@ (L (159.2)°
From Equation 4.14,
11,200(2 X 0.322
= G{Z = ( . ) = 152.6 ksi
Agrs 7.50(2.51)

F,, + F,, =11.29 + 152.6 = 163.9 ksi

g 2H (Fey+Fez)2

163.9 4(11.29)(152.6)(0.646) } ,
=———" 11— |1— =10.99k
2(0.646)[ \/ (163.9)2 099 ki
F, 36

F. 1099

e

= 3.276



LRFD
solution

ASD
solution

Answer

LRFD
solution
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Since 3.276 > 2.25, use AISC Equation E3-3:
F.. = 0.877F, = 0.877(10.99) = 9.638 ksi

The nominal strength is

P, = F,A, = 9.638(7.50) = 72.29 kips

Therefore the flexural-torsional buckling strength controls.

The design strength is
¢ P, = 0.90(72.29) = 65.1 kips
From Equation 4.7, the allowable stress is

F,=0.6F, = 0.6(9.638) = 5.783 ksi
The allowable strength is
F,A, = 5.783(7.50) = 43.47 kips

Design compressive strength = 65.1 kips. Allowable compressive
strength = 43.4 kips.

Example 4.20

Design a 14-foot-long compression member to resist a service dead load of 12 kips
and a service live load of 23 kips. Use a double-angle shape with the short legs back-
to-back, separated by ¥z-inch. The member will be braced at midlength against
buckling about the x-axis (the axis parallel to the long legs). Specify the number of
intermediate connectors needed (the midlength brace will provide one such con-
nector). Use A36 steel.

The factored load is
P,=12D + 1.6L = 1.2(12) + 1.6(23) = 51.2 kips

From the column load tables (Table 4-10 for double angles with the short legs
back-to-back), select 2L 312 X 3 X 14 SLBB, weighing 10.8 1b/ft. The capacity of
this shape is 53.2 kips, based on buckling about the y-axis with an effective length
of 14 feet. (The strength corresponding to flexural buckling about the x-axis is
65.2 kips, based on an effective length of %2 = 7 feet.) Note that this shape is a
slender-element cross section, but this is taken into account in the tabular values.



166 Chapter 4: Compression Members

Answer

ASD
solution

Answer

Bending about the y-axis subjects the fasteners to shear, so a sufficient number
of fasteners must be provided to account for this action. The table reveals that three
intermediate connectors are required. (This number also satisfies Equation 4.15.)

Use 2L 3% % 3 x 4 SLBB with three intermediate connectors within the 14-foot
length.

The total load is
P,=D + L =12 + 23 = 35 kips

From the column load tables, select 2L 34 x 3 X 4 SLBB, weighing 10.8 Ib/ft.
The capacity is 35.4 kips, based on buckling about the y axis, with an effective
length of 14 feet. (The strength corresponding to flexural buckling about the x axis is
43.4 kips, based on an effective length of %2 = 7 feet.) Note that this shape is a
slender-element section, but this is taken into account in the tabular values.
Bending about the y axis subjects the fasteners to shear, so a sufficient number of
fasteners must be provided to account for this action. The table reveals that three
intermediate connectors are required. (This number also satisfies Equation 4.15.)

Use 2L 315 % 3 x 14 SLBB with three intermediate connectors within the 14-foot
length.

Connection Requirements for Built-Up Members Composed of Plates

or Both Plates and Shapes

When a built-up member consists of two or more rolled shapes separated by a
substantial distance, plates must be used to connect the shapes. AISC E6 contains
many details regarding the connection requirements and the proportioning of the
plates. Additional connection requirements are given for other built-up compres-
sion members composed of plates or plates and shapes.
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PROBLEMS

AISC Requirements
4.3-1 Use AISC Equation E3-2 or E3-3 and determine the nominal axial com-
pressive strength for the following cases:

a. L =101t

b. L =30 ft
5

W10 X 100
A992 steel

R

FIGURE P4.3-1

4.3-2 Compute the nominal axial compressive strength of the member shown in
Figure P4.3-2. Use AISC Equation E3-2 or E3-3.

;

%

Pipe 10 std.
ASTM A53 Grade B
(Fy, = 35 ksi)

5

FIGURE P4.3-2

4.3-3 Compute the nominal compressive strength of the member shown in
Figure P4.3-3. Use AISC Equation E3-2 or E3-3.
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15’ HP10 X 57
A572 Grade 50

R
FIGURE P4.3-3
4.3-4 Determine the available strength of the compression member shown in
Figure P4.3-4, in each of the following ways:
a. Use AISC Equation E3-2 or E3-3. Compute both the design strength for
LRFD and the allowable strength for ASD.
b. Use Table 4-14 from Part 4 of the Manual. Compute both the design
strength for LRFD and the allowable strength for ASD.

'

I, 7//A

HSS 10 X 6 X 112

15 ASTM A500, Grade C steel
- 7z
FIGURE P4.3-4
4.3-5 Determine the available axial compressive strength by each of the following

methods:

a. Use AISC Equation E3-2 or E3-3. Compute both the design strength for
LRFD and the allowable strength for ASD.

b. Use Table 4-14 from Part 4 of the Manual. Compute both the design
strength for LRFD and the allowable strength for ASD.

'

7771

13’ W14 X 82
A992 steel

B

FIGURE P4.3-5
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4.3-6 A W18 X 119 is used as a compression member with one end fixed and the
other end pinned. The length is 12 feet. What is the available compressive
strength if A992 steel is used?

a. Use AISC Equation E3-2 or E3-3. Compute both the design strength for
LRFD and the allowable strength for ASD.

b. Use Table 4-14 from Part 4 of the Manual. Compute both the design
strength for LRFD and the allowable strength for ASD.

4.3-7 Determine the maximum axial compressive service load that can be sup-
ported if the live load is twice as large as the dead load. Use AISC Equa-
tion E3-2 or E3-3.

a. Use LRFD.
b. Use ASD.

10’ HSS 8 X 4 X /4
ASTM A500 Grade B

T

FIGURE P4.3-7

4.3-8 Determine whether the compression member shown in Figure P4.3-8 is
adequate to support the given service loads.

a. Use LRFD.
b. Use ASD.

D =110k
L =280k

30’ W12 X 87
A992 steel

-

FIGURE P4.3-8
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Local Stability

4.4-1 AnHSS 10 X 8 X ¥ is used as a compression member with one end pinned
and the other end fixed against rotation but free to translate. The length
is 12 feet. Compute the nominal compressive strength for A500 Grade B
steel (F), = 46 ksi). Note that this is a slender-element compression member,
and the equations of AISC Section E7 must be used.

4.4-2 A W21 X 101 is used as compression member with one end fixed and the
other end free. The length is 10 feet. What is the nominal compressive
strength if F, = 50 ksi? Note that this is a slender-element compression
member, and the equations of AISC Section E7 must be used.

Design

4.6-1 a. Select a W14 of A992 steel. Use the column load tables.
1. Use LRFD.
2. Use ASD.
b. Select a W16 of A572 Grade 60 steel. Use the trial-and-error approach
covered in Section 4.6.

1. Use LRFD.
2. Use ASD.
D =265k
l L =130k
18’
FIGURE P4.6-1

4.6-2 A 20-foot long column is pinned at the bottom and fixed against rotation but
free to translate at the top. It must support a service dead load of 110 kips
and a service live load of 110 kips.

a. Select a W12 of A992 steel. Use the column load tables.
1. Use LRFD.
2. Use ASD.
b. Select a W18 of A529 Grade 55 steel. Use the trial-and-error approach
covered in Section 4.6.
1. Use LRFD.
2. Use ASD.
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4.6-3 Seclect a rectangular (not square) HSS of A500 Grade C steel.
a. Use LRFD.
b. Use ASD.

D =100k
L =300k

77
FIGURE P4.6-3

4.6-4 Select a steel pipe of A53 Grade B steel (Fy = 35 ksi). Specify whether your
selection is Standard, Extra-Strong, or Double-Extra Strong.
a. Use LRFD.
b. Use ASD.

D =42k
L =42k

B

FIGURE P4.6-4

4.6-5 Select an HP-shape for the conditions of Problem 4.6-3. Use F,, = 50 ksi.
a. Use LRFD.
b. Use ASD.

4.6-6 Select a rectangular (not square) HSS for the conditions of Problem 4.6-4.
a. Use LRFD.
b. Use ASD.

4.6-7 For the conditions shown in Figure P4.6-7, use LRFD and
a. select a W16 of A992 steel.
b. select a steel pipe.
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c. select a square HSS.
d. select a rectangular HSS.

D =90k
L =260k

15! _ 4/1

7z

T

FIGURE P4.6-7
4.6-8 Same as Problem 4.6-7, but use ASD.
4.6-9 For the conditions shown in Figure P4.6-7, select an A992 W-shape with a
nominal depth of 21 inches.
a. Use LRFD.
b. Use ASD.

Effective Length
4.7-1 A W16 X 100 with F, = 60 ksi is used as a compression member. The length
is 13 feet. Compute the nominal strength for K, = 2.1 and K, = 1.0.

4.7-2 AnHSS 10 X 6 X Y16 with F, = 46 ksiis used as a column. The length is 15 feet.
Both ends are pinned, and there is support against weak axis buckling at a point
6 feet from the top. Determine

a. the design strength for LRFD.
b. the allowable stress for ASD.

Yy o ¥
T

b

y-axis X-axis
FIGURE P4.7-2
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A W12 X 79 of A572 Grade 60 steel is used as a compression member. It
is 28 feet long, pinned at each end, and has additional support in the weak
direction at a point 12 feet from the top. Can this member resist a service
dead load of 180 kips and a service live load of 320 kips?

a. Use LRFD.
b. Use ASD.

Use A992 steel and select a W14 shape for an axially loaded column to meet
the following specifications: The length is 22 feet, both ends are pinned, and
there is bracing in the weak direction at a point 10 feet from the top. The
service dead load is 142 kips, and the service live load is 356 kips.

a. Use LRFD.

b. Use ASD.
4.7-5 Use A992 steel and select a W shape.
a. Use LRFD.
b. Use ASD.
D =380k
L=1140k
10
35 15’
7
-+ P
10

B Z

Strong axis Weak axis

FIGURE P4.7-5

4.7-6 Select a rectangular (not square) HSS for use as a 15-foot-long compression

member that must resist a service dead load of 35 kips and a service live load
of 80 kips. The member will be pinned at each end, with additional support
in the weak direction at midheight. Use A500 Grade C steel.

a. Use LRFD.
b. Use ASD.
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4.7-7 Select the best rectangular (not square) HSS for a column to support a ser-
vice dead load of 33 kips and a service live load of 82 kips. The member is
27 feet long and is pinned at the ends. It is supported in the weak direction
at a point 12 feet from the top. Use F,, = 46 ksi.

a. Use LRFD.
b. Use ASD.

¥ ¥

R
12’
27’ — 7Y
15’
I
Xx-axis y-axis
FIGURE P4.7-7

4.7-8 The frame shown in Figure P4.7-8 is unbraced, and bending is about the x-axis
of the members. All beams are W18 X 35, and all columns are W10 X 54.
a. Determine the effective length factor K for column AB. Do not consider
the stiffness reduction factor.
b. Determine the effective length factor K, for column BC. Do not consider
the stiffness reduction factor.
c. If F, = 50ksi, is the stiffness reduction factor applicable to these columns?

20’ 20"
f
12/
c
12/
B
12/
1 A

FIGURE P4.7-8
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4.7-9 The given frame is unbraced, and bending is about the x axis of each mem-
ber. The axial dead load supported by column A B is 204 kips, and the axial
live load is 408 kips. F), = 50 ksi. Determine K, for member AB. Use the
stiffness reduction factor if possible.

a. Use LRFD.
b. Use ASD.
25’
W18 X 50
& 5N
= W18 X 50 =
o B (]
i s
13’ X X
® ®
=, =
- 777 77
FIGURE P4.7-9

4.7-10 The rigid frame shown in Figure P4.7-10 is unbraced. The members are ori-
ented so that bending is about the strong axis. Support conditions in the dir-
ection perpendicular to the plane of the frame are such that K, = 1.0. The
beams are W18 X 50, and the columns are W12 X 72. A992 steel is used. The
axial compressive dead load is 50 kips, and the axial compressive live load is

150 kips.

a. Determine the axial compressive design strength of column AB. Use the
stiffness reduction factor if applicable.

b. Determine the allowable axial compressive strength of column AB. Use
the stiffness reduction factor if applicable.

IEERE

AHiH

} 18’

} 20’

FIGURE P4.7-10
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4.7.11 The frame shown in Figure P4.7-11 is unbraced against sidesway. Relative
moments of inertia of the members have been assumed for preliminary
design purposes. Use the alignment chart and determine K, for members
AB, BC, DE, and EF.

30’ 30’ 30’
C 1.51 D 1.51 1.51
13’ 1 1 1 1
B 21 E 21 21
13’ 1 1 1 1
4o .
% 77 777. %

FIGURE P4.7-11

4.7-12 The frame shown in Figure P4.7-12 is unbraced against sidesway. Assume

that all columns are W14 X 61 and that all girders are W18 X 76. ASTM

A992 steel is used for all members. The members are oriented so that bend-

ing is about the x-axis. Assume that K, = 1.0

a. Use the alignment chart to determine K for member GF. Use the stiff-
ness reduction factor if applicable. For member GF, the service dead load
is 80 kips and the service live load is 159 kips.

b. Compute the nominal compressive strength of member GF.

c. Estimate K, from Table C-C2.2 in the Commentary and compare your
estimate with the results of part (a).

%

%

FIGURE P4.7-12

%

30 30 30
_T_ D E L M
15’
e ; c v
15’
WL P G J 0
15’
1. , ,

»

4.7-13 The frame shown in Figure P4.7-13 is unbraced against sidesway. The columns
are HSS 6 X 6 X 73, and the beams are W12 X 22. ASTM A500 grade B steel
(F), = 46 ksi) is used for the columns, and F, = 50 ksi for the beams. The
beams are oriented so that bending is about the x-axis. Assume that K, = 1.0.
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| 20’ | 20’ | 20’
| | | |
T B
13’
L A
7 7 7 7

FIGURE P4.7-13

a. Use the alignment chart to determine K for column AB. Use the stiff-
ness reduction factor if applicable. For column A B, the service dead load
is 17 kips and the service live load is 50 kips.

b. Compute the nominal compressive strength of column AB.

4.7-14 The rigid frame shown in Figure P4.7-14 is unbraced in the plane of the
frame. In the direction perpendicular to the frame, the frame is braced
at the joints. The connections at these points of bracing are simple
(moment-free) connections. Roof girders are W14 X 30, and floor girders
are W16 X 36. Member BC is a W10 X 45. Use A992 steel and select a
W-shape for AB. Assume that the controlling load combination causes no
moment in AB. The service dead load is 25 kips and the service live load

is 75 kips.
a. Use LRFD.
b. Use ASD.
_ A
14’
v B
14’
v C
18’
18’
18’

N % £, % %

| 4 @20 |

FIGURE P4.7-14
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Torsional and Flexural-Torsional Buckling

4.8-1 Compute the nominal compressive strength for a WT10.5 X 91 with an
effective length of 18 feet with respect to each axis. Use A992 steel and the
procedure of AISC Section E4 (not the column load tables).

4.8-2 Use A572 Grade 50 steel and compute the nominal strength of the column
shown in Figure P4.8-2. The member ends are fixed in all directions (x, y,

and z).

127 C12 X 30

B\

FIGURE P4.8-2

4.8-3 Select a WT section for the compression member shown in Figure P4.8-3.
The load is the total service load, with a live-to-dead load ratio of 2.5:1.

Use Fy = 50 ksi.

a. Use LRFD.
b. Use ASD.
175k
_ l&

21

B

FIGURE P4.8-3

4.8-4 Selectan AmericanStandard Channelfor the compression membershownin
Figure P4.8-4. Use A36 steel. The member ends are fixed in all directions

(%, y, and z).
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lDzSOk

L=70k
_ NN\
12’
R\
FIGURE P4.8-4
a. Use LRFD.
b. Use ASD.

Built-Up Members

4.9-1 Verify the value of r, given in Part 1 of the Manual for the double-angle
shape 2L5 X 3% X Y2 LLBB. The angles will be connected to a ¥s-inch-
thick gusset plate.

4.9-2 Verify the values of y,, r,, and r,, given in Part 1 of the Manual for the com-
bination shape consisting of a W12 X 26 with a C10 X 15.3 cap channel.

4.9-3 A column is built up from four 6 X 6 X ¥s angle shapes as shown in Figure
P4.9-3. The plates are not continuous but are spaced at intervals along the
column length and function to maintain the separation of the angles. They
do not contribute to the cross-sectional properties. Compute r, and r,,.

1!_61/
%

| | Section

FIGURE P4.9-3

4.9-4 An unsymmetrical compression member consists of ¥2 X 12 top flange, a 2 X
7 bottom flange, and a ¥ X 16 web (the shape is symmetrical about a vertical
centroidal axis). Compute the radius of gyration about each of the principal axes.
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4.9-5 A column for a multistory building is fabricated from ASTM AS588 plates
as shown in Figure P4.9-5. Compute the nominal axial compressive strength
based on flexural buckling (do not consider torsional buckling). Assume
that the components of the cross section are connected in such a way that
the section is fully effective.

e T

T 12

2/_3//

" A

Plates are 6" thick

FIGURE P4.9-5

4.9-6 Compute the nominal compressive strength based on flexural buckling for
the built-up shape shown in Figure P4.9-6 (do not consider torsional buck-
ling). Assume that the components of the cross section are connected in
such a way that the section is fully effective. ASTM A242 steel is used.

-

1 X 18 A T
13’
N\
! WR
13’
1% 18 Y : JL :
Support in Support in
strong direction weak direction
FIGURE P4.9-6

4.9-7 Two plates %16 X 10 are welded to a W10 X 49 to form a built-up shape, as
shown in Figure P4.9-7. Assume that the components are connected so that
the cross section is fully effective. F,, = 50 ksi, and K, L = K,L = 25 ft.

FIGURE P4.9-7
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Problems 181

a. Compute the nominal axial compressive strength based on flexural buck-
ling (do not consider torsional bucking).

b. What is the percentage increase in strength from the unreinforced
W10 X 49?

A structural tee shape is fabricated by splitting an HP14 X 117, as shown in
Figure P4.9-8. Compute the nominal axial compressive strength based on
flexural buckling (do not consider flexural-torsional buckling). Account
for the area of the fillets at the web-to-flange junction. A572 Grade so
steel is used. The effective length is 10 feet with respect to both axes.

1’,' \206”|
T

FIGURE P4.9-8

A column cross section is built up from four L5 X 5 X ¥4, as shown in
Figure P4.9-9. The angles are held in position by lacing bars, whose
primary function is to hold the angles in position. The lacing is not con-
sidered to contribute to the cross-sectional area, which is why it is shown
by dashed lines. AISC Section E6 covers the design of lacing. The ef-
fective length is 30 feet with respect to both axes, and A572 Grade 50
steel is used. Investigate flexural buckling only (no torsional buckling)
and compute

a. the design strength for LRFD.
b. the allowable strength for ASD.

I
|
I
1’-6" :
I
I
I

FIGURE P4.9-9
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4.9-10 Compute the available strengths (for both LRFD and ASD) for the fol-
lowing double-angle shape: 216 X 4 X ¥, long legs ¥s-inch back-to-back,
F, = 50 ksi. The effective length L is 18 feet for all axes, and there are two
intermediate fully tightened bolts. Use the procedure of AISC E4 (not the
column load tables). Compare the flexural and the flexural-torsional buck-
ling strengths.

4.9-11 For the conditions shown in Figure P4.9-11, select a double-angle section
(¥s-inch gusset plate connection). Use A36 steel. Specify the number of in-
termediate connectors.

a. Use LRFD.
b. Use ASD.

16

AN

FIGURE P4.9-11

4.9-12 Use LRFD and select a double-angle shape for the top chord of the truss
of Problem 3.8-2. Use K, = K, =1.0. Assume ¥s-inch gusset plates, and
use A36 steel.







This structure uses both
hot-rolled beams and

open-web steel joists.

These members are subjected
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chapter 5

Beams

INTRODUCTION

Beams are structural members that support transverse loads and are therefore
subjected primarily to flexure, or bending. If a substantial amount of axial load
is also present, the member is referred to as a beam—column (beam—columns are
considered in Chapter 6). Although some degree of axial load will be present in
any structural member, in many practical situations this effect is negligible and the
member can be treated as a beam. Beams are usually thought of as being oriented
horizontally and subjected to vertical loads, but that is not necessarily the case. A
structural member is considered to be a beam if it is loaded so as to cause bending.

Commonly used cross-sectional shapes include the W, S, and M shapes. Channel
shapes are sometimes used, as are beams built up from plates, in the form of I or
box shapes. For reasons to be discussed later, doubly symmetric shapes such as the
standard rolled W, M, and S shapes are the most efficient.

Coverage of beams in the AISC Specification is spread over two chapters:
Chapter F, “Design of Members for Flexure,” and Chapter G, “Design of Members
for Shear.” Several categories of beams are covered in the Specification; in this book,
we cover the most common cases in the present chapter, and we cover a special case,
plate girders, in Chapter 10.

Figure 5.1 shows two types of beam cross sections; a hot-rolled doubly symmetric
I shape and a welded doubly symmetric built-up I shape. The hot-rolled I shape
is the one most commonly used for beams. Welded shapes usually fall into the
category classified as plate girders.

For flexure (shear will be covered later), the required and available strengths
are moments. For load and resistance factor design (LRFD), Equation 2.6 can be
written as

M,= oM, (5.1)
where

M,, = required moment strength = maximum moment caused by the
controlling load combination from ASCE 7

¢,, = resistance factor for bending (flexure) = 0.90

M, = nominal moment strength

185
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FIGURE 5.1
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The right-hand side of Equation 5.1 is the design strength, sometimes called the design
moment.
For allowable strength design (ASD), Equation 2.7 can be written as

M, =" (5.2)

M, = required moment strength = maximum moment corresponding to the
controlling load combination from ASCE 7
Q, = safety factor for bending = 1.67

Equation 5.2 can also be written as

M=~ o6m

= =0.

¢ 1.67 "

Dividing both sides by the elastic section modulus S (which will be reviewed in the

next section), we get an equation for allowable stress design:
M, 0.6M,
="

a
s S
or

h=F
where

f» = maximum computed bending stress
F, = allowable bending stress

BENDING STRESS AND THE PLASTIC MOMENT

To be able to determine the nominal moment strength M,,, we must first examine the
behavior of beams throughout the full range of loading, from very small loads to the
point of collapse. Consider the beam shown in Figure 5.2a, which is oriented so that
bending is about the major principal axis (for an I shape, it will be the x—x axis). For a
linear elastic material and small deformations, the distribution of bending stress will
be as shown in Figure 5.2b, with the stress assumed to be uniform across the width of
the beam. (Shear is considered separately in Section 5.8.) From elementary mechan-
ics of materials, the stress at any point can be found from the flexure formula:

f = ? (5.3)

X
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where M is the bending moment at the cross section under consideration, y is the
perpendicular distance from the neutral plane to the point of interest, and /, is the
moment of inertia of the area of the cross section with respect to the neutral axis. For a
homogeneous material, the neutral axis coincides with the centroidal axis. Equation 5.3
is based on the assumption of a linear distribution of strains from top to bottom, which
in turn is based on the assumption that cross sections that are plane before bending
remain plane after bending. In addition, the beam cross section must have a vertical
axis of symmetry, and the loads must be in the longitudinal plane containing this axis.
Beams that do not satisfy these criteria are considered in Section 5.15. The maximum
stress will occur at the extreme fiber, where y is maximum. Thus there are two max-
ima: maximum compressive stress in the top fiber and maximum tensile stress in the
bottom fiber. If the neutral axis is an axis of symmetry, these two stresses will be equal
in magnitude. For maximum stress, Equation 5.3 takes the form:
Mc M M

fmax:T:m:? G4
X X X

where c is the perpendicular distance from the neutral axis to the extreme fiber, and
S, is the elastic section modulus of the cross section. For any cross-sectional shape,
the section modulus will be a constant. For an unsymmetrical cross section, .S, will
have two values: one for the top extreme fiber and one for the bottom. Values of S,
for standard rolled shapes are tabulated in the dimensions and properties tables in
the Manual.
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FIGURE 5.3

Equations 5.3 and 5.4 are valid as long as the loads are small enough that the
material remains within its linear elastic range. For structural steel, this means that

the stress f,,,, must not exceed £, and that the bending moment must not exceed

M, = F,S,

where M, is the bending moment that brings the beam to the point of yielding.

In Figure 5.3, a simply supported beam with a concentrated load at midspan is
shown at successive stages of loading. Once yielding begins, the distribution of stress
on the cross section will no longer be linear, and yielding will progress from the
extreme fiber toward the neutral axis. At the same time, the yielded region will extend
longitudinally from the center of the beam as the bending moment reaches M, at more
locations. These yielded regions are indicated by the dark areas in Figure 5.3c and d.
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™ Plastic hinge

In Figure 5.3b, yielding has just begun. In Figure 5.3c, the yielding has progressed
into the web, and in Figure 5.3d the entire cross section has yielded. The additional
moment required to bring the beam from stage b to stage d is 10 to 20% of the yield
moment, M|, for W shapes. When stage d has been reached, any further increase in
the load will cause collapse, since all elements of the cross section have reached the
yield plateau of the stress—strain curve and unrestricted plastic flow will occur. A
plastic hinge is said to have formed at the center of the beam, and this hinge along
with the actual hinges at the ends of the beam constitute an unstable mechanism. Dur-
ing plastic collapse, the mechanism motion will be as shown in Figure 5.4. Structural
analysis based on a consideration of collapse mechanisms is called plastic analysis. An
introduction to plastic analysis and design is presented in the Appendix of this book.
The plastic moment capacity, which is the moment required to form the plastic
hinge, can easily be computed from a consideration of the corresponding stress
distribution. In Figure 5.5, the compressive and tensile stress resultants are shown,
where A, is the cross-sectional area subjected to compression, and A, is the area in
tension. These are the areas above and below the plastic neutral axis, which is not
necessarily the same as the elastic neutral axis. From equilibrium of forces,

C=T
ACFy = Asz
A = A,

Thus the plastic neutral axis divides the cross section into two equal areas. For
shapes that are symmetrical about the axis of bending, the elastic and plastic neutral
axes are the same. The plastic moment, M , is the resisting couple formed by the two
equal and opposite forces, or

A
M, =F(A)a = F,(A)a= Fy<2>a =z

where

A = total cross-sectional area
a = distance between the centroids of the two half-areas

A
VA <)a = plastic section modulus

2
F,
: C = A.F,
AA‘- J— —_— a
Plastic / -
neutral axis T = AF.
| S | ey




190 Chapter 5: Beams

Example 5.1

For the built-up shape shown in Figure 5.6, determine (a) the elastic section modu-
lus § and the yield moment M, and (b) the plastic section modulus Z and the plastic
moment M,,. Bending is about the x-axis, and the steel is A572 Grade 50.

FIGURE 5.6 8"
m+

l/l

1//

Solution a. Because of symmetry, the elastic neutral axis (the x-axis) is located at middepth
of the cross section (the location of the centroid). The moment of inertia of the
cross section can be found by using the parallel axis theorem, and the results of
the calculations are summarized in Table 5.1.

TABLE 5.1 Component 1 A d I+Ad
Flange 0.6667 8 6.5 338.7
Flange 0.6667 8 6.5 338.7
Web 72 - = 72.0
Sum 749.4

The elastic section modulus is

I 7494 7494
=== = =107 in3
ST ir a2y 7 07m

and the yield moment is
M, = F,§ = 50(107) = 5350 in.-kips = 446 ft-kips
Answer S =107 in.” and M, = 446 ft-kips.

b. Because this shape is symmetrical about the x-axis, this axis divides the cross
section into equal areas and is therefore the plastic neutral axis. The centroid
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of the top half-area can be found by the principle of moments. Taking moments

about the x-axis (the neutral axis of the entire cross section) and tabulating the
computations in Table 5.2, we get

__ XAy 6l

== = 5.545 in.

YTsa 1 i

TABLE 5.2 Component A y Ay

Flange 8 6.5 52

Sum 11 61

FIGURE 5.7 (_Fy»
% A
& W=~ Centroid of P
y half-area .
2 | R
y
—— --=> v
<—F;)—)

Figure 5.7 shows that the moment arm of the internal resisting couple is
a =2y =2(5.545) = 11.09 in.

and that the plastic section modulus is

A
(2)51 =11(11.09) = 122 in.3
The plastic moment is
M, = F,Z = 50(122) = 6100 in.-kips = 508 ft-kips

Answer Z =122in.* and M, = 508 ft-kips.
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Solution

FIGURE 5.8

Answer

5.3

Example 5.2
Compute the plastic moment, M, for a W10 X 60 of A992 steel.

From the dimensions and properties tables in Part 1 of the Manual,

A =1771in2

A 177
—=-—""=2885in?
2 2

The centroid of the half-area can be found in the tables for WT shapes, which are
cut from W shapes. The relevant shape here is the WTS5 X 30, and the distance from
the outside face of the flange to the centroid is 0.884 inch, as shown in Figure 5.8.

0.884" i J

—u_ d =10.2"

a=d—2(0.884) = 10.2 — 2(0.884) = 8.432 in.
Z = (‘;)a = 8.85(8.432) = 74.62 in.}

This result, when rounded to three significant figures, is the same as the value given
in the dimensions and properties tables.

M, = F,Z = 50(74.62) = 3731 in.kips = 311 ft-Kips.

STABILITY

If a beam can be counted on to remain stable up to the fully plastic condition, the
nominal moment strength can be taken as the plastic moment capacity; that is,
M,=M,

Otherwise, M,, will be less than M,,.
As with a compression member, instability can be in an overall sense or it can
be local. Overall buckling is illustrated in Figure 5.9a. When a beam bends, the
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compression region (above the neutral axis) is analogous to a column, and in a man-
ner similar to a column, it will buckle if the member is slender enough. Unlike a
column, however, the compression portion of the cross section is restrained by the
tension portion, and the outward deflection (flexural buckling) is accompanied by
twisting (torsion). This form of instability is called lateral-torsional buckling (LTB).
Lateral-torsional buckling can be prevented by bracing the beam against twisting at
sufficiently close intervals. This can be accomplished with either of two types of sta-
bility bracing: lateral bracing, illustrated schematically in Figure 5.9b, and torsional
bracing, represented in Figure 5.9c. Lateral bracing, which prevents lateral transla-
tion, should be applied as close to the compression flange as possible. Torsional bra-
cing prevents twist directly; it can be either nodal or continuous, and it can take the
form of either cross frames or diaphragms. The nodal and relative categories were
defined in Chapter 4, “Compression Members.” Appendix 6 of the AISC Specifica-
tion gives the strength and stiffness requirements for beam bracing. These provisions
are based on the work of Yura (2001). As we shall see, the moment strength depends
in part on the unbraced length, which is the distance between points of bracing.
Whether the beam can sustain a moment large enough to bring it to the fully
plastic condition also depends on whether the cross-sectional integrity is main-
tained. This integrity will be lost if one of the compression elements of the cross sec-
tion buckles. This type of buckling can be either compression flange buckling, called
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FIGURE 5.10

9.4
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flange local buckling (FLB), or buckling of the compression part of the web, called
web local buckling (WLB). As discussed in Chapter 4, “Compression Members,”
whether either type of local buckling occurs will depend on the width-to-thickness
ratios of the compression elements of the cross section.

Figure 5.10 further illustrates the effects of local and lateral-torsional buckling.
Five separate beams are represented on this graph of load versus central deflection.
Curve 1 is the load-deflection curve of a beam that becomes unstable (in any way)
and loses its load-carrying capacity before first yield (see Figure 5.3b) is attained.
Curves 2 and 3 correspond to beams that can be loaded past first yield but not far
enough for the formation of a plastic hinge and the resulting plastic collapse. If
plastic collapse can be reached, the load-deflection curve will have the appearance
of either curve 4 or curve 5. Curve 4 is for the case of uniform moment over the
full length of the beam, and curve 5 is for a beam with a variable bending moment
(moment gradient). Safe designs can be achieved with beams corresponding to any
of these curves, but curves 1 and 2 represent inefficient use of material.

CLASSIFICATION OF SHAPES

AISC classifies cross-sectional shapes as compact, noncompact, or slender, de-
pending on the values of the width-to-thickness ratios. For I shapes, the ratio for
the projecting flange (an unstiffened element) is b /2tf, and the ratio for the web
(a stiffened element) is h/t,,. The classification of shapes is found in Section B4 of the
Specification, “Member Properties,” in Table B4.1b (Table B4.1a is for compression
members). It can be summarized as follows. Let

A = width-to-thickness ratio
A, = upper l%m%t for compact category
A, = upper limit for noncompact category

Then
if A = A, and the flange is continuously connected to the web, the shape is compact;

if A, <A =A,, the shape is noncompact; and
if A > A,, the shape is slender.
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Element A A, A,
Flange b,
A 0.38 £ 1.0 £
21, F, F,
Web h
E E
Do E sy E
t
w Fy Fy

*For hot-rolled I shapes in flexure.

The category is based on the worst width-to-thickness ratio of the cross section. For
example, if the web is compact and the flange is noncompact, the shape is classified
as noncompact. Table 5.3 has been extracted from AISC Table B4.1b and is special-
ized for hot-rolled I-shaped cross sections.

Table 5.3 also applies to channels, except that A for the flange is b/z;.

BENDING STRENGTH OF COMPACT SHAPES

A beam can fail by reaching M, and becoming fully plastic, or it can fail by

1. lateral-torsional buckling (LTB), either elastically or inelastically;
2. flange local buckling (FLB), elastically or inelastically; or
3. web local buckling (WLB), elastically or inelastically.

If the maximum bending stress is less than the proportional limit when buckling
occurs, the failure is said to be elastic. Otherwise, it is inelastic. (See the related dis-
cussion in Section 4.2, “Column Theory.”)

For convenience, we first categorize beams as compact, noncompact, or slender,
and then determine the moment resistance based on the degree of lateral support.
The discussion in this section applies to two types of beams: (1) hot-rolled I shapes
bent about the strong axis and loaded in the plane of the weak axis, and (2) channels
bent about the strong axis and either loaded through the shear center or restrained
against twisting. (The shear center is the point on the cross section through which a
transverse load must pass if the beam is to bend without twisting.) Emphasis will be
on I shapes. C-shapes are different only in that the width-to-thickness ratio of the
flange is b,/t,rather than b./2t;.

We begin with compact shapes, defined as those whose webs are continuously
connected to the flanges and that satisfy the following width-to-thickness ratio
requirements for the flange and the web:

b E h E
L 2038+/= and L=376 \/7
21, \F, L, F,

The web criterion is met by all standard I and C shapes listed in the Manual for
F, = 65 ksi; therefore, in most cases only the flange ratio needs to be checked (note
that built-up welded I shapes can have noncompact or slender webs). Most shapes
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will also satisfy the flange requirement and will therefore be classified as compact.
The noncompact shapes are identified in the dimensions and properties table with
a footnote (footnote f). Note that compression members have different criteria than
flexural members, so a shape could be compact for flexure but slender for compres-
sion. As discussed in Chapter 4, shapes with slender compression elements are iden-
tified with a footnote (footnote c). If the beam is compact and has continuous lateral
support, or if the unbraced length is very short, the nominal moment strength, M,,,
is the full plastic moment capacity of the shape, M,. For members with inadequate
lateral support, the moment resistance is limited by the lateral-torsional buckling
strength, either inelastic or elastic.

The first category, laterally supported compact beams, is quite common and
is the simplest case. For a doubly symmetric, compact I- or C-shaped section bent
about its major axis, AISC F2.1 gives the nominal strength as

M,=M, (AISC Equation F2-1)
where

M,=FZ,
Example 5.3

The beam shown in Figure 5.11 is a W16 X 31 of A992 steel. It supports a reinforced
concrete floor slab that provides continuous lateral support of the compression
flange. The service dead load is 450 Ib/ft. This load is superimposed on the beam; it
does not include the weight of the beam itself. The service live load is 550 Ib/ft. Does
this beam have adequate moment strength?

FIGURE 5.11 w, = 450 1b/ft
é\b v v U v I}I} w, =550 Ib/ft
I I
I I

Solution First, determine the nominal flexural strength. Check for compactness.

b
sz =6.28 (from Part 1 of the Manual)
f

E 29,000 .

0.384 /= =0.38 =9.15>6.28 .. The flange is compact.
F, 50

L <3.76 £ .. The web is compact.

L, \/ F,

(The web is compact for all shapes in the Manual for F,, =< 65 ksi.)
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This shape can also be identified as compact because there is no footnote in
the dimensions and properties tables to indicate otherwise. Because the beam is
compact and laterally supported, the nominal flexural strength is

M, = M, = F,Z, = 50(54.0) = 2700 in.-kips = 225.0 ft kips.

Compute the maximum bending moment. The total service dead load, including
the weight of the beam, is

wp, = 450 + 31 = 481 Ib/ft

For a simply supported, uniformly loaded beam, the maximum bending moment
occurs at midspan and is equal to

1
M = 5 wL?

max 8

where w is the load in units of force per unit length, and L is the span length. Then

1 1
Mp =g wp 12 = 3 (0.481)(30)* = 54.11 ft-kips

1
M, = 5 (0.550)(30)? = 61.88 ft-kips

The dead load is less than 8 times the live load, so load combination 2 controls:
M,=12M, + 1.6M,; = 1.2(54.11) + 1.6(61.88) = 164 ft-kips.
Alternatively, the loads can be factored at the outset:

w, = 12w, + 16w, = 1.2(0.481) + 1.6(0.550) = 1.457 kips/ft

1 1 :
M, = S 2= g(1,457)(30)2 = 164 ft-kips

The design strength is
d,M, = 0.90(225.0) = 203 ft-kips > 164 ft-kips (OK)
The design moment is greater than the factored-load moment, so the W16 X 31 is
satisfactory.
ASD load combination 2 controls.
M,= M, + M, =54.11 + 61.88 = 116.0 ft-kips
Alternatively, the loads can be added before the moment is computed:

w, =wp +w; = 0481 + 0.550 = 1.031 kips/ft

1 1
M, = gw,L? = £ (1.031)(30)? = 116.0 fi-kips
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Answer

The allowable moment is
M

M,
— = —"2=0.6M, = 0.6(225.0) = 135 ft-kips > 116 ft-kips ~ (OK)
Q, 167

Allowable Stress Solution.

The applied stress is
M, 116.0(12) 205 i
W=, T Tamy PR

X
The allowable stress is

_0.6M,  0.6(225.0)(12)
b 47.2

X

= 34.3 ksi

Since f;, < F,, the beam has enough strength.

The W16 X 31 is satisfactory.

The allowable stress solution can be simplified if a slight approximation is
made. The allowable stress can be written as

0.6M, O.6Fny
F=—g"="%

X X

If an average value of Z, /S, = 1.1 is used (this is conservative),
F,, = 0.6F,(1.1) = 0.66F,

If this value is used in Example 5.3,
F, =0.66(50) = 33.0 ksi

which is conservative by about 4%. Thus, for compact, laterally-supported beams,
the allowable stress can be conservatively taken as 0.66F). (This value of allowable
stress has been used in AISC allowable stress design specifications since 1963.)

We can formulate an allowable stress approach that requires no approximation
if we use the plastic section modulus instead of the elastic section modulus. From

% = M
and
Mn FyZy
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The required plastic section modulus is
M

7z ="
* 0.6Fy

Thus, if the bending stress is based on the plastic section modulus Z,

Ma

X

This approach is useful when designing compact, laterally-supported beams.

The moment strength of compact shapes is a function of the unbraced length,
L,, defined as the distance between points of lateral support, or bracing. In this
book, we indicate points of lateral support with an “X,” as shown in Figure 5.12.
The relationship between the nominal strength, M,, and the unbraced length is
shown in Figure 5.13. If the unbraced length is no greater than L, to be defined
presently, the beam is considered to have full lateral support, and M,, = M,,. If L is
greater than L, but less than or equal to the parameter L,, the strength is based on
inelastic LTB. If L is greater than L, the strength is based on elastic LTB.

ES & T
e L

& &
S
I
MII
M,
Compact
shapes
M, L
| L, L, L,
‘ No Inelastic | Elastic

nstability | >
instability LTB LTB
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The equation for the theoretical elastic lateral-torsional buckling strength can
be found in Theory of Elastic Stability (Timoshenko and Gere, 1961). With some
notational changes, the nominal moment strength is

Mn = Fchx

where F, is the elastic buckling stress and is given by

E 2
F, = % ELGI + (L) 1,C,, ksi (.5)

where

L, = unbraced length (in.)

I, = moment of inertia about the weak axis of the cross section (in.%)
G = shear modulus of structural steel = 11,200 ksi

J = torsional constant (in.*)

C,, = warping constant (in.%)

(The constants G, J, and C,, were defined in Chapter 4 in the discussion of torsional
and lateral-torsional buckling of columns.)

Equation 5.5 is valid as long as the bending moment within the unbraced
length is uniform (nonuniform moment is accounted for with a factor C,, which
is explained later). The AISC Specification gives a different, but equivalent, form
for the elastic buckling stress F,.. AISC gives the nominal moment strength as

Mn = Fchx = MP (AISC Equation F2-3)
where

_GmE [ gors e (Lef ALSC Eauation F2.4

T (Ly/ry) 08 g\ 7y ( quation F2-4)

and

C, = factor to account for nonuniform bending within the unbraced length L,.
This factor will be covered following Example 5.4.

VI,
= S (AISC Equation F2-7)
¢ = 1.0 for doubly symmetric I shapes (AISC Equation F2-8a)
hy |1, .
5\ for channels (AISC Equation F2-8b)

w

h, = distance between flange centroids = d — ¢,
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If the moment when lateral-torsional buckling occurs is greater than the moment
corresponding to first yield, the strength is based on inelastic behavior. The moment
corresponding to first yield is

M, = 0.7F,S,

where the yield stress has been reduced by 30% to account for the effect of residual
stress. As shown in Figure 5.13, the boundary between elastic and inelastic behavior
will be for an unbraced length of L, which is the value of L, obtained from AISC
Equation F2-4 when F, is set equal to 0.7F, with C,, = 1.0. The following equation
results:

0.7F \2
=195 -7 AISC Equation F2-6
Tis vmp 0.7F, \/S hy \/ S ho 6.76( Z ) ( quation )

As with columns, inelastic buckling of beams is more complicated than elastic buck-
ling, and empirical formulas are often used. The following equation is used by AISC:

L p

L, - L, .
M, = Cb{Mp — (M, - 0.7Fysx)<Lr_pﬂ =M (AISC Equation F2-2)

where the 0.7F S, term is the yield moment adjusted for residual stress, and

E .
L,=176r, Fy (AISC Equation F2-5)

Summary of Nominal Flexural Strength
The nominal bending strength for compact I and C-shaped sections can be summar-
ized as follows:

ForL,=L,
M,=M, (AISC Equation F2-1)
ForL,<L,=L,

Ly~ L, .
= Cb{ - (M, - 0.7Fny)<L_Lﬂ =M, (AISC Equation F2-2)
r p
ForL,> L,
M,=F,S. =M, (AISC Equation F2-3)
where
poo GmE \/ T 0.078-%¢ ( )2 (AISC Equation F2-4)
= —— quation F2-
(Ly/r)? Scho\
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Solution

LRFD
solution

ASD
solution

Example 5.4
Determine the flexural strength of a W14 X 68 of A572 Grade 50 steel subject to

a. Continuous lateral support.
b. An unbraced length of 20 ft with C, = 1.0.
c. An unbraced length of 30 ft with C, = 1.0.

To determine the yield stress of a W14 X 68 of A572 Grade 50 steel, we refer to
Table 2-4 in Part 2 of the Manual. As the designation implies, the yield stress, Fy,
is 50 ksi. Next, determine whether this shape is compact, noncompact, or slender:

b
—': = 6.97 (from Part 1 of the Manual)

2
E 29,000

038+/==038/——=9.15>697 .. The flange is compact.
F, N 50

The web is compact for all shapes in the Manual for F,, = 65 ksi; therefore, a W14 X 68
is compact for F, = 50 ksi. (This determination could also be made by observing
that there is no footnote in the dimensions and properties tables to indicate that the
shape is not compact.)

a. Because the beam is compact and laterally supported, the nominal flexural
strength is

M, =M, = F,Z = 50(115) = 5750 in.-kips = 479.2 ft-kips
The design strength is
¢,M,, = 0.90(479.2) = 431 ft-kips

The allowable moment strength is

M, _ M, = 0.6M, = 0.6(479.2) = 288 ft-ki
0, 167 0OM.= .6(479.2) = -kips

b. L, =20 ftand C;, = 1.0. First, determine L, and L,:

29,000

L, =176r, = 176(2.46) | =¢— = 1043 in. = 8.692 ft

==

The following terms will be needed in the computation of L,:

, VLG, 121(5380) .,
A= m 3 - 8Bin.

X

7, = \/7.833 = 2.799 in.
s

r
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(r,, can also be found in the dimensions and properties tables. For a W14 X 68,
it is given as 2.80 in.)

h,=d —t; =14.0 = 0.720 = 13.28 in.
(h, can also be found in the dimensions and properties tables. For a W14 X 68,

it is given as 13.3 in.)
For a doubly symmetric I shape, ¢ = 1.0. From AISC Equation F2-6,

0.7F,\2
L =1. z
.= 1.95r, 0'7 7, 6.76( £ )
Je 3.01(1.0)
= (.002201
S.h, 10313, 28)
000 0.7(50) |?
L, =19502. 799) 0.002201 + . Z+6.
. 7(50) (0.002201)% + 6.76 29.000

= 351.3 in. = 29.28 ft

Since L, <L, <L,

L,-L,
M, = Cb[ — (M, — 0.7F,S )(Lﬂ =M,

r p
20 — 8.692
29.28 — 8.692
= 4572 in.-kips = 381.0 ft-kips < M, = 479.2 ft.-kips

= 1.0[5,750 — (5,750 — 0.7 X 50 X 103)(

LRFD The design strength is
solution é,M, = 0.90(381.0) = 343 ft-kips
ASD The allowable moment strength is

solution

ng = 0.6M,, = 0.6(381.0) = 229 ft-kips
b

c. L, =301t and C, = 1.0. So L, > L, = 29.28 ft, and elastic lateral-torsional
buckling controls.

From AISC Equation F2-4,

C,7*E L, \2
Fcr = ’ 2 \/1 : di <b>
(Lh/rts) tho rts
1.072(29,000 3.01(1.0) /30 x 12\?
_ 1077 29,000) [ o7g 0L )( 5700 ) = 33.90 ksi

30 x 122 77 103(13.28)
2.799
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LRFD
solution

ASD
solution

Solution

From AISC Equation F2-3,
M, = F,S, = 33.90(103) = 3492 in.-kips = 291.0 ft-kips < M, = 479.2 ft-kips
¢, M, = 0.90(291.0) = 262 ft-kips

M, /Q, = 0.6M, = 0.6(291.0) = 175 ft-kips

If the moment within the unbraced length L, is uniform (constant), there is
no moment gradient and C, = 1.0. If there is a moment gradient, the value of C, is
given by

- 12.5M,,
C25M,, +3M, + 4Mg + 3M,

C, (AISC Equation F1-1)

where

M. = absolute value of the maximum moment within the unbraced length
(including the end points of the unbraced length)
M , = absolute value of the moment at the quarter point of the
unbraced length
Mg = absolute value of the moment at the midpoint of the unbraced length
M = absolute value of the moment at the three-quarter point of the
unbraced length

AISC Equation F1-1 is valid for doubly symmetric members and for singly symmetric
members in single curvature.
When the bending moment is uniform, the value of C, is

12.5M

= =1.
Co 2.5M + 3M + 4M + 3M 0

Example 5.5

Determine C,, for a uniformly loaded, simply supported W shape with lateral sup-
port at its ends only.

Because of symmetry, the maximum moment is at midspan, so

1
Moy = Mp = gwL?
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Also because of symmetry, the moment at the quarter point equals the moment at
the three-quarter point. From Figure 5.14,

wL(L\ wL({L\ wL?> wL? 3
M,=M,=—=Z)|-=Z)="0 - 22 = =12
a=%c 2(4) (8) g 32 3"

FIGURE 5.14

Since this is a W shape (doubly symmetric), AISC Equation (F1-1) is applicable.

~ 12.5M
C25M, +3M, +4My + 3M,

Cy

_ 12.5(Y .y
25() +3(%) + 4(5) +3()

Answer C,=1.14

Figure 5.15 shows the value of C, for several common cases of loading and lateral
support. Values of C,, for other cases can be found in Part 3 of the Manual, “Design
of Flexural Members.”

For unbraced cantilever beams, AISC specifies a value of C, of 1.0 (if there is
no warping at the support). A value of 1.0 is always conservative, regardless of beam
configuration or loading, but in some cases it may be excessively conservative.

The effect of C, on the nominal strength is illustrated in Figure 5.16.
Although the strength is directly proportional to C,, this graph clearly shows the
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FIGURE 5.15 TEEEEEERRN ii#{@%#%#%#
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‘4 L, = | l L,=L/2
Cp=1.14 J Cy=1.30
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Lb L Lb :L/2
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(© (d)
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importance of observing the upper limit of M , regardless of which equation is
used for M,,.

Part 3 of the Steel Construction Manual, “Design of Flexural Members,”
contains several useful tables and charts for the analysis and design of beams.
For example, Table 3-2, “W Shapes, Selection by Z,,” (hereafter referred to as
the “Z, table”), lists shapes commonly used as beams, arranged in order of avail-
able flexural strength—both ¢,M,,, and M,,,/€),,. Other useful constants that are
tabulated include L, and L, (which is particularly tedious to compute). These
two constants can also be found in several other tables in Part 3 of the Manual.
We cover additional design aids in other sections of this chapter.

BENDING STRENGTH OF NONCOMPACT SHAPES

As previously noted, most standard W, M, S, and C shapes are compact. A few
are noncompact because of the flange width-to-thickness ratio, but none are
slender.

In general, a noncompact beam may fail by lateral-torsional buckling, flange
local buckling, or web local buckling. Any of these types of failure can be in
either the elastic range or the inelastic range. The strength corresponding to
each of these three limit states must be computed, and the smallest value will
control.

From AISC F3, for flange local buckling, if A, <A = A,, the flange is noncom-
pact, buckling will be inelastic, and

A—A
D .
M,=M,- M, - 0.7Fny)<)\r — )\p) (AISC Equation F3-1)
where
_ by
Ao
Iy

The webs of all hot-rolled shapes in the Manual are compact, so the noncom-
pact shapes are subject only to the limit states of lateral-torsional buckling and
flange local buckling. Built-up welded shapes, however, can have noncompact or
slender webs as well as noncompact or slender flanges. These cases are covered in
AISC Sections F4 and F5. Built-up shapes, including plate girders, are covered in
Chapter 10 of this textbook.
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Example 5.6

A simply supported beam with a span length of 45 feet is laterally supported at its
ends and is subjected to the following service loads
Dead load = 400 Ib/ft (including the weight of the beam)
Live load = 1000 Ib/ft
If £, = 50 ksi, is a W14 X 90 adequate?

Solution Determine whether the shape is compact, noncompact, or slender

A, =038 [£ — 038 29000 =9.15
F,
:101/£= 29000_241

Since A, < A < A, this shape is noncompact. Check the capacity based on the limit

state of flange local buckling:
M, = F,Z, = 50(157) = 7850 in.-kips
A — )\p
M,=M,—- M, - O.7Fny)</\r — )‘p>

10.2 — 9.15
= 7850 — (7850 — 0.7 X 50 X 143)(241_915>

= 7650 in.-kips = 637.5 ft-kips
Check the capacity based on the limit state of lateral-torsional buckling. From the

Z, table,

L,=1511t and L, = 42.5ft

=451t > L, *. Failure is by elastic LTB.

From Part 1 of the Manual,

I, = 362in*
r =411 in.
h, =133 in.
J =4.06in*
C,, = 16,000 in.5
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For a uniformly loaded, simply supported beam with lateral support at the ends,
C, =114 (Fig.5.15a)

For a doubly symmetric I shape, ¢ = 1.0. AISC Equation F2-4 gives

Cb772E Jc <Lb>2
F,.=———4/1+0.078 —
“ (Lh/rts)2 \/ tho Tt

1.1472(29,000) 4.06(1.0) (45 x 12)2
=T 140078 — 37.20 ksi
45 X 122 143(133)\ 411 o
411

From AISC Equation F2-3,
M, = FS, = 37.20(143) = 5320 in.-kips < M,, = 7850 in.-Kips

This is smaller than the nominal strength based on flange local buckling, so lateral-
torsional buckling controls.

LRFD The design strength is

solution b, M,, = 0.90(5320) = 4788 in.-kips = 399 ft-kips

The factored load and moment are

w, = 12w, + 16w, = 1.2(0.400) + 1.6(1.000) = 2.080 kips/ft

1 1
M, = gwuL2 = §(2.080)(45)2 = 527 ft-kips > 399 ft-kips ~ (N.G.)

Answer Since M, > ¢,M,, the beam does not have adequate moment strength.

ASD The allowable stress is

solution - _ 065, = 0.637.20) = 22.3 ksi

The applied bending moment is

1 1
M, = gwaL2 = §(0-400 + 1.000)(45)* = 354.4 ft-kips

and the applied stress is
M, 354.4(12)
s, 143

X

£ = = 29.7 ksi > 22.3 ksi (N.G.)

Answer Since f, > F,, the beam does not have adequate moment strength.
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9.7

Noncompact shapes are identified in the Z, table by an “f” footnote (this same
identification is used in the dimensions and properties tables). Noncompact shapes
are also treated differently in the Z, table in the following way. The tabulated value
of L, is the value of unbraced length at which the nominal strength based on in-
elastic lateral-torsional buckling equals the nominal strength based on flange local
buckling, that is, the maximum unbraced length for which the nominal strength can
be taken as the strength based on flange local buckling. (Recall that L, for com-
pact shapes is the maximum unbraced length for which the nominal strength can
be taken as the plastic moment.) For the shape in Example 5.6, equate the nominal
strength based on FLB to the strength based on inelastic LTB (AISC Equation F2-2),
with C, = 1.0:

(5.6)

M,=M,— (M, - O.7Fny)<>

L—L,

The value of L, was given in Example 5.6 and is unchanged. The value of L ,, how-
ever, must be computed from AISC Equation F2-5:

29,000
50

L,=1.76r, = 1.76(3.70) = 156.8in. = 13.07 ft

SE

Returning to Equation 5.6, we obtain

42.6 — 13.07

L, —13.07
7650 = 7850 — (7850 — 0.7 X 50 X 143)

L,=1521t

This is the value tabulated as Lp for a W14 X 90 with Fy = 50 ksi. Note that

E
Lp = 1.76ry \/;y

could still be used for noncompact shapes. If doing so resulted in the equation for
inelastic LTB being used when L, was not really large enough, the strength based
on FLB would control anyway.

In addition to the different meaning of L, for noncompact shapes in the Z,
table, the available strength values, d)bMpx and Mp/Qb, are based on flange local
buckling rather than the plastic moment.

SUMMARY OF MOMENT STRENGTH

The procedure for computation of nominal moment strength for I and C-shaped sec-
tions bent about the x axis will now be summarized. All terms in the following equa-
tions have been previously defined, and AISC equation numbers will not be shown.
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This summary is for compact and noncompact shapes (noncompact flanges) only (no
slender shapes).

1. Determine whether the shape is compact.
2. If the shape is compact, check for lateral-torsional buckling as follows.
IfL, = Lp, there isno LTB, and M, = Mp
If Lp < L, = L,, there is inelastic LTB, and
Mn = Cb Mp - (Mp - O7Fny)<Lr—Lp> = Mp
If L, > L,, there is elastic LTB, and
M,=F,S,=M,

where

C,m*E Je (L, \2
F, = 1’2\/1 + 0078 (”)
(Lyp/ry) S ho\ I

3. If the shape is noncompact because of the flange, the nominal strength will
be the smaller of the strengths corresponding to flange local buckling and
lateral-torsional buckling.

a. Flange local buckling:
IfA = /\p, there is no FLB
If A, <A = A,, the flange is noncompact, and

A=A,
M,=M,— (M, - O.7Fny)<)\r — A,,)

b. Lateral-torsional buckling:
IfL,= Lp, there is no LTB
If L, <L, =L, thereisinelastic LTB, and

L,— L

Mn = Cb|:Mp — (Mp — 0.7Fny)<L_Lp>:| = Mp
r p

If L, > L,, there is elastic LTB, and
M,=F,S = Mp

where

C,mE Je [L,\2
F, = }’2\/1 +0.078—— (”)
(Lb/rts) th() Tis
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5.8

FIGURE 5.17

SHEAR STRENGTH

Beam shear strength is covered in Chapter G of the AISC Specification, “Design
of Members for Shear.” Both hot-rolled shapes and welded built-up shapes are
covered. We discuss hot-rolled shapes in the present chapter of this book and built-
up shapes in Chapter 10, “Plate Girders.” The AISC provisions for hot-rolled shapes
are covered in Section G2.1.

Before covering the AISC provisions for shear strength, we will first review
some basic concepts from mechanics of materials. Consider the simple beam of
Figure 5.17. At a distance x from the left end and at the neutral axis of the cross sec-
tion, the state of stress is as shown in Figure 5.17d. Because this element is located
at the neutral axis, it is not subjected to flexural stress. From elementary mechanics
of materials, the shearing stress is

4¢

L= s S.7)

where

f, = vertical and horizontal shearing stress at the point of interest
V = vertical shear force at the section under consideration
QO = first moment, about the neutral axis, of the area of the cross section
between the point of interest and the top or bottom of the cross section
I = moment of inertia about the neutral axis
b = width of the cross section at the point of interest

v

E— -

S S

£, =
150,

(d)
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Equation 5.7 is based on the assumption that the stress is constant across
the width b, and it is therefore accurate only for small values of b. For a rectangular
cross section of depth d and width b, the error for d/b = 2 is approximately 3%. For
d/b = 1, the error is 12% and for d/b = 4, it is 100% (Higdon, Ohlsen, and Stiles,
1960). For this reason, Equation 5.7 cannot be applied to the flange of a W-shape in
the same manner as for the web.

Figure 5.18 shows the shearing stress distribution for a W shape. Superimposed
on the actual distribution is the average stress in the web, V/A,, which does not dif-
fer much from the maximum web stress. Clearly, the web will completely yield long
before the flanges begin to yield. Because of this, yielding of the web represents one
of the shear limit states. Taking the shear yield stress as 60% of the tensile yield
stress, we can write the equation for the stress in the web at failure as

V}’l
f =" = 06F,

w

where A,, = area of the web. The nominal strength corresponding to this limit state

is therefore
Vv, = O.6FyAW (5.8)

and will be the nominal strength in shear provided that there is no shear buckling of
the web. Whether that occurs will depend on 4/, the width-to-thickness ratio of the
web. If this ratio is too large —that is, if the web is too slender —the web can buckle in
shear, either inelastically or elastically.

AISC Specification Requirements for Shear
For LRFD, the relationship between required and available strength is

VL{ S d) 1% Vn
where

V, = maximum shear based on the controlling combination of factored loads
¢, = resistance factor for shear
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For ASD, the relationship is
%

~n
V, 0,

where

V, = maximum shear based on the controlling combination of service loads
), = safety factor for shear

As we will see, the values of the resistance factor and safety factor will depend on
the web width-to-thickness ratio.

Section G2.1 of the AISC Specification covers both beams with stiffened webs
and beams with unstiffened webs. In most cases, hot-rolled beams will not have
stiffeners, and we will defer treatment of stiffened webs until Chapter 10. The basic
strength equation is

V,=06F,A,C, (AISC Equation G2-1)
where

A,, = area of the web = dt,,
d = overall depth of the beam
C,, = ratio of critical web stress to shear yield stress*

The value of C,; depends on whether the limit state is web yielding or web buckling.

Case 1: For hot-rolled I shapes with

h
— =224 \/E
t, F,

The limit state is shear yielding, and

C, =10 (AISC Equation G2-2)
b, = 1.00
Q, =150

Most W shapes with F, = 50 ksi fall into this category (see User Note in AISC G2.1[a]).

Case 2: For all other I shapes and channels,

b, = 0.90
Q, =167

*Since there is a C,,, there is obviously a C,,. The constant C , is used in the shear equations for plate

girders in Chapter 10 of this book.



FIGURE 5.19

and C, is determined as follows:

h k,E . . .
For —=1.10 , there is no web instability, and
L, F,

C, =10

(This corresponds to Equation 5.8 for shear yielding.)

h k,E
For — >1.10 ,

w Fy

1.10 kE
: F.

y
cC, =——"

vl h/tw
where

k, =534
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(AISC Equation G2-3)

(AISC Equation G2-4)

This value of k, is for unstiffened webs. Webs with stiffeners are covered in

Chapter 10, “Plate Girders.”

AISC Equation G2-3 is based on the limit state of web shear yielding. AISC
Equation G2-4 accounts for the web buckling and post-buckling strengths. The web
buckling strength is the shear that brings the web to the point of buckling, and the
post-buckling strength is the extra strength available after web buckling has occurred.
The relationship between web width-to-thickness ratio and strength (which is a
function of C,,) is shown in Figure 5.19. The flat portion corresponds to web shear
yielding, and the curved part corresponds to buckling and post-buckling strength.

1.2+

0.8 +

C,i 0.6 1

041

0.2+

T
0 50 100 150
hft,,

300



216 Chapter 5: Beams

Solution

Allowable Stress Formulation
The allowable strength relation

Vi=g,

v
can also be written in terms of stress as

f,=F,

where

f, = —= = applied shear stress
AW

v,/Q, 06F,A,C,/Q,

yiwy

v A A

w w

= allowable shear stress

For the most common case of hot-rolled I shapes with 4/t,, = 2.24\VE/F,,
B O.6FyAw(1.0)/1.50 —04F
v Aw - YTy

Shear is rarely a problem in rolled steel beams; the usual practice is to design a
beam for flexure and then to check it for shear.

Example 5.7
Check the beam in Example 5.6 for shear.

From the dimensions and properties tables in Part 1 of the Manual, the web width-to-
thickness ratio of a W14 X 90 is

Lo 25.9

w

and the web area is A, = dt,, = 14.0(0.440) = 6.160 in.?

E 29,000
22447 =224, [—F— =540
F, 50

Since

LYY \/E
‘, F,

the strength is governed by shear yielding of the web and C,; = 1.0. (As pointed out in
the Specification User Note, this will be the case for most W shapes with F,, = 50 ksi.)
The nominal shear strength is

V, = 0.6F,A,C, = 0.6(50)(6.160)(1.0) = 184.8 kips




LRFD
solution

ASD
solution

Answer

5.8: Shear Strength 217

Determine the resistance factor ¢,.

Since R <2.24 E,
t, \/ Fy

b, = 1.00

and the design shear strength is
¢V, = 1.00(184.8) = 185 kips

From Example 5.6, w, = 2.080 kips/ft and L = 45 ft. For a simply supported, uni-
formly loaded beam, the maximum shear occurs at the support and is equal to the
reaction.
v w, L 2.080(45)
“T2 2

= 46.8 kips < 185 kips  (OK)

Determine the safety factor ().

E
Since R <224, [—,
t, Fy

Q, =1.50

and the allowable shear strength is
V, 1848
—=——=123ki
0, 150 Bk

From Example 5.6, the total service load is
w, =wp + w; =0.400 + 1.000 = 1.4 kips/ft
The maximum shear is
_w,L 1.4(45)
“ 2 2

Alternately, a solution in terms of stress can be done. Since shear yielding con-
trols (C,; = 1.0) and ), = 1.50, the allowable shear stress is

= 31.5kips < 123kips ~ (OK)

F, = 04F, = 0.4(50) = 20 ksi

The required shear strength (stress) is

f_Va_£_511ki<20ki (OK)
T A, 6160 O i

w

The required shear strength is less than the available shear strength, so the beam is
satisfactory.
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FIGURE 5.20

Values of ¢V, and V, /Q,, are given in several tables in Part 3 of the Manual,
including the Z, table, so computation of shear strength is unnecessary for hot-
rolled shapes.

Block Shear

Block shear, which was considered earlier in conjunction with tension member con-
nections, can occur in certain types of beam connections. To facilitate the connec-
tion of beams to other beams so that the top flanges are at the same elevation, a
short length of the top flange of one of the beams may be cut away, or coped. If a
coped beam is connected with bolts as in Figure 5.20, segment ABC will tend to
tear out. The applied load in this case will be the vertical beam reaction, so shear
will occur along line AB and there will be tension along BC. Thus the block shear
strength will be a limiting value of the reaction.

We covered the computation of block shear strength in Chapter 3, but we will
review it here. Failure is assumed to occur by rupture (fracture) on the shear area
(subject to an upper limit) and rupture on the tension area. AISC J4.3, “Block Shear
Strength,” gives the following equation for block shear strength:

R, =06F,A,, + U,F,A, =06FA,, + U,F,A, (AISC Equation J4-5)

nt —
where

A,, = gross area in shear (in Figure 5.20, length A B times the web thickness)
A, = net area along the shear surface or surfaces
A,, = net area along the tension surface (in Figure 5.20, along BC)
U,, = 1.0 when the tensile stress is uniform (for most coped beams)
= 0.5 when the tension stress is not uniform (coped beams with two lines
of bolts or with nonstandard distance from bolts to end of beam) (Ricles

and Yura, 1983)

For LRFD, ¢ = 0.75. For ASD, Q) = 2.00.
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Solution

LRFD
solution

Answer
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Example 5.8

Determine the maximum reaction, based on block shear, that can be resisted by the
beam shown in Figure 5.21.

IIA "
25 |
$
3 " 9 W18 X 35
@3 o A992 stecl
® % -in.- diameter bolts
-

3 1 7
The effective hole diameter is 1 4= 3 = 3 in. The shear areas are

Ag = 1,(2+ 3 + 3 + 3) = 0.300(11) = 3.300 in.2
7
A, = 0.300[11 - 3.5(8” = 2381 in2

The net tension area is

1(7
A= 0.300[1.25 - 2(8)} = 0.2438 in.2

Since the block shear will occur in a coped beam with a single line of bolts,
U,, = 1.0. From AISC Equation J4-5,

R,=06FA,, + U,F,A, =0.6(65)2.381) + 1.0(65)(0.2438) = 108.7 kips
with an upper limit of

0.6F,A,, + Uy F,A, = 0.6(65)(3.300) + 1.0(65)(0.2438) = 144.5 kips

The nominal block shear strength is therefore 108.7 kips.

The maximum factored load reaction is the design strength: $R, = 0.75(108.7) =
81.5 kips.

Design strength = 81.5 kips
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ASD
solution

Answer

5.9

FIGURE 5.22

R, 108.7
The maximum service load reaction is the allowable strength: 6" =500 54.4 kips.

Allowable strength = 54.4 kips

DEFLECTION

In addition to being safe, a structure must be serviceable. A serviceable structure is
one that performs satisfactorily, not causing any discomfort or perceptions of un-
safety for the occupants or users of the structure. For a beam, being serviceable usu-
ally means that the deformations, primarily the vertical sag, or deflection, must be
limited. Excessive deflection is usually an indication of a very flexible beam, which
can lead to problems with vibrations. The deflection itself can cause problems if
elements attached to the beam can be damaged by small distortions. In addition,
users of the structure may view large deflections negatively and wrongly assume
that the structure is unsafe.

For the common case of a simply supported, uniformly loaded beam such as
that in Figure 5.22, the maximum vertical deflection is

5 wLt
T 384 EI

Deflection formulas for a variety of beams and loading conditions can be found
in Part 3, “Design of Flexural Members,” of the Manual. For more unusual situ-
ations, standard analytical methods such as the method of virtual work may be used.
Deflection is a serviceability limit state, not one of strength, so deflections should
always be computed with service loads.

The appropriate limit for the maximum deflection depends on the function
of the beam and the likelihood of damage resulting from the deflection. The
AISC Specification furnishes little guidance other than a statement in Chapter L,
“Design for Serviceability,” that deflections should not be excessive. There is,
however, a more detailed discussion in the Commentary to Chapter L. Appropri-
ate limits for deflection can usually be found from the governing building code,
expressed as a fraction of the span length L, such as L/360. Sometimes a nu-
merical limit, such as 1 inch, is appropriate. The limits given in the International
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Deflection
Limits

FIGURE 5.23

Solution
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Max. live Max. dead + Max. snow or
Type of member load defl. live load defl. wind load defl.
Roof beam:
Supporting plaster ceiling L/360 L/240 L/360
Supporting nonplaster ceiling L/240 L/180 L/240
Not supporting a ceiling L/180 L/120 L/180
Floor beam L/360 L/240 —

Building Code (ICC, 2015) are typical. Table 5.4 shows some of the deflection
limits given by that code.

The limits shown in Table 5.4 for deflection due to dead load plus live load do
not apply to steel beams, because the dead load deflection is usually compensated
for by some means, such as cambering. Camber is a curvature in the opposite dir-
ection of the dead load deflection curve and can be accomplished by bending the
beam, with or without heat. When the dead load is applied to the cambered beam,
the curvature is removed, and the beam becomes level. Therefore, only the live
load deflection is of concern in the completed structure. Dead load deflection can
also be accounted for by pouring a variable depth slab with a level top surface, the
variable depth being a consequence of the deflection of the beam (this is referred
to as ponding of the concrete). Detailed coverage of control of dead load deflection
is given in an AISC seminar series (AISC, 1997a) and several papers (Ruddy, 1986;
Ricker, 1989; and Larson and Huzzard, 1990).

Example 5.9

Compute the dead load and live load deflections for the beam shown in Figure 5.23.
If the maximum permissible /ive load deflection is L /360, is the beam satisfactory?

Wp = 500 lb/ft
W, = 550 lb/ft

EEEEERENEE
& W18 X 35 =&
30/

) ]

It is more convenient to express the deflection in inches than in feet, so units of
inches are used in the deflection formula. The dead load deflection is
_ 5 wpl® 5 (0.500/12)(30 x 12)*

A, = = = 0.616 in.
D384 EI 384 29,000(510) m
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Answer

5.10

The live load deflection is
P wLL4= 5 (0550/12)(30 X 12)*
L 384 EI 384 29,000(510)
The maximum permissible live load deflection is
L 30(12)
360 360

= (0.678 in.

— 1.0in. > 0.678in.  (OK)

The beam satisfies the deflection criterion.

Ponding is one deflection problem that does affect the safety of a structure. Itis a
potential hazard for flat roof systems that can trap rainwater. If drains become clogged
during a storm, the weight of the water will cause the roof to deflect, thus provid-
ing a reservoir for still more water. If this process proceeds unabated, collapse can
occur. The AISC specification requires that the roof system have sufficient stiffness to
prevent ponding, and it prescribes limits on stiffness parameters in Appendix 2,
“Design for Ponding.”

DESIGN

Beam design entails the selection of a cross-sectional shape that will have enough
strength and that will meet serviceability requirements. As far as strength is con-
cerned, flexure is almost always more critical than shear, so the usual practice is to
design for flexure and then check shear. The design process can be outlined as follows.

1. Compute the required moment strength (i.e., the factored load moment
M, for LRFD or the unfactored moment M, for ASD). The weight of the
beam is part of the dead load but is unknown at this point. A value may be
assumed and verified after a shape is selected, or the weight may be ignored
initially and checked after a shape has been selected. Because the beam
weight is usually a small part of the total load, if it is ignored at the beginning
of a design problem, the selected shape will usually be satisfactory when the
moment is recomputed. We use the latter approach in this book.

2. Compute the moment of inertia required to meet the deflection limit. Use
the service load for this computation.

3. Select a shape that meets the strength requirement, then check the
moment of inertia. Select a different shape if necessary.

4. Compute the required moment strength and moment of inertia using the
actual beam weight. If necessary, select a different shape.

5. Check the shear strength.

The trial shape can be easily selected in only a limited number of situations
(as in Example 5.10). In most cases, design aids, such as the beam design charts in
Part 3 of the Manual, can be used.



FIGURE 5.24

LRFD
solution
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Example 5.10

Select a standard hot-rolled shape of A992 steel for the beam shown in Figure 5.24.
The beam has continuous lateral support and must support a uniform service live
load of 4.5 kips/ft. The maximum permissible live load deflection is L /240.

Ignore the beam weight initially then check for its effect after a selection is made.

w, = 12wy + 16w, = 1.2(0) + 1.6(4.5) = 7.2 kips/ft

1 1
Required moment strength M, = gwuL2 =3 (7.2)(30)? = 810.0 ft-kips
= required ¢, M,

The maximum permissible live load deflection is

L 30(12) s
240 240 ™
5 wL* . . .
-
From A = 384 Bl the required moment of inertia is

=5 wL* 5 (45/12)(30 X 12)*

W™ _ 4
T 384 EA 384 29,000(1.5) 1890 in.

Assume that the shape will be compact. For a compact shape with full lateral support,
M,=M,=FZ,

From ¢, M, =M,
dpFZ, =M,

_ M, _810.0(12)

7= E = = 216 in3
© = goF,  0.90(50) i

The Z, table lists hot-rolled shapes normally used as beams in order of decreasing
plastic section modulus. Furthermore, they are grouped so that the shape at the top
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of each group (in bold type) is the lightest one that has enough section modulus to
satisfy a required section modulus that falls within the group. In this example, the
shape that comes closest to meeting the section modulus requirement is a W21 X 93,
with Z, = 221 in.3, but the lightest one is a W24 X 84, with Z_ = 224 in.3. Because
section modulus is not directly proportional to area, it is possible to have more sec-
tion modulus with less area, and hence less weight.

Try a W24 x 84: This shape is compact, as assumed (noncompact shapes are marked
as such in the table); therefore M, = Mp, as assumed. From the Dimensions and
Properties Table, the moment of inertia about the axis of bending is

I,=2370in*>1890in.*  (OK)
Account for the beam weight:

w, = 12w, + 1.ow, = 1.2(0.084) + 1.6(4.5) = 7.301 kips/ft
1 1
Required moment strength = M, = S w, L% = §(7.301)(30)2 = 821.4 ft-kips

The required section modulus is

, oM, _821412)
* T ¢pF,  0.90(50)

=219in3<224in3 (OK)

In lieu of basing the search on the required section modulus, the design strength
¢, M, could be used, because it is directly proportional to Z, and is also tabulated.
The required moment of inertia is unchanged, because the deflection is for live
loads, which are unchanged. Next, check the shear.
7 = w, L 7.301(30)
“2 2

From the Z, table,

= 110 kips

¢,V, = 340 kips > 110 kips (OK)

Answer Use a W24 X 84.

ASD Ignore the beam weight initially, then check for its effect after a selection is made.

solution

w,=wp+w, =0+ 4.5 =45Kkips/ft

1 1
Required moment strength = M, = gwaL2 = §(4.5)(30)2 = 506.3 ft-kips

= required Q,
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The maximum permissible live load deflection is

L 30(12) 5
240 240 ™
wL?
_ . S
From A = 84 EI the required moment of inertia is

e 5 wL* 5 (4.5/12)(30 X 12)*

= > Wh — 1890 in.*
384 EA 384 29,000(1.5) 8901n

Assume that the shape will be compact. For a compact shape with full lateral support,
M,=M,=F,Z,
M,
F — =M
rom 0, o
FZ,
Q,

=M,

7 - O,M, 1.67(506.3 X 12) 205
TF 50 Bt
The Z, table lists hot-rolled shapes normally used as beams in order of decreasing
plastic section modulus. They are arranged in groups, with the lightest shape in
each group at the top of that group. For the current case, the shape with a section
modulus closest to 203 in.? is a W18 X 97, but the lightest shape with sufficient sec-

tion modulus is a W24 X 84, with Z_ = 224 in.?

Try a W24 X 84: This shape is compact, as assumed (if it were noncompact, there
would be a footnote in the Z, table). Therefore, M, = M, as assumed. From
the Dimensions and Properties Table, the moment of inertia about the axis of
bending is

I, =2370in.* > 1890 in.* (OK)
Account for the beam weight:

w,=wp +w, =0.084 + 4.5 = 4584 kips/ft
1

1
M, = gw,L? = S(4.584)(30)" = 515.7 fi-kips

The required plastic section modulus is
M, 1.67(515.7 X 12)

*~ F, 50

The required moment of inertia is unchanged, because the deflection is for live
loads, which are unchanged. Instead of searching for the required section modulus,

=207in3<224in3  (OK)
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Answer

the search could be based on the required value of M,/(},,, which is also tabulated.
Because M,/Q), is proportional to Z,, the results will be the same.

Another approach is to use the allowable stress for compact laterally suppor-
ted shapes. From Section 5.5 of this book, with the flexural stress based on the
plastic section modulus,

F,, = 0.6F, = 0.6(50) = 30.0 ksi
and the required section modulus (before the beam weight is included) is

M, 5063 X 12
" F, 30

=203 in.?

Next, check the shear. The required shear strength is
. w,L  4.584(30)
a2 2

= 68.8 kips

From the Z, table, the available shear strength is

1%
Q—" =227 kips > 688 kips (OK)

v

Use a W24 X 84.

In Example 5.10, it was first assumed that a compact shape would be used, and
then the assumption was verified. However, if the search is made based on available
strength (¢,M,, or M,,/Q);,) rather than section modulus, it is irrelevant whether the
shape is compact or noncompact. This is because for noncompact shapes, the tablu-
lated values of ¢, M, and M p/Qb are based on flange local buckling and not the plastic
moment (see Section 5.6). This means that for laterally supported beams, the Z  table
can be used for design without regard to whether the shape is compact or noncompact.

Beam Design Charts
Many graphs, charts, and tables are available for the practicing engineer, and these
aids can greatly simplify the design process. For the sake of efficiency, they are
widely used in design offices, but you should approach their use with caution and not
allow basic principles to become obscured. It is not our purpose to describe in this
book all available design aids in detail, but some are worthy of note, particularly the
curves of moment strength versus unbraced length given in Part 3 of the Manual.
These curves will be described with reference to Figure 5.25, which shows a
graph of nominal moment strength as a function of unbraced length L, for a particu-
lar compact shape. Such a graph can be constructed for any cross-sectional shape and
specific values of F, and C,, by using the appropriate equations for moment strength.
The design charts in the Manual comprise a family of graphs similar to the
one shown in Figure 5.25. Two sets of curves are available, one for W shapes with



FIGURE 5.25

FIGURE 5.26
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M,
W24 X 146, F, = 50 ksi (compact)
M, C,=1.0
M,
LI,, L Ly

F,, = 50 ksi and one for C and MC shapes with F, = 36 ksi. Each graph gives the flex-
ural strength of a standard hot-rolled shape. Instead of giving the nominal strength M,,,
however, both the allowable moment strength M,,/(), and the design moment strength
¢, M, are given. Two scales are shown on the vertical axis —one for M,, /), and one for
¢, M,,. All curves were generated with C, = 1.0. For other values of C,, simply multiply
the moment from the chart by C,. However, the strength can never exceed the value
represented by the horizontal line at the left side of the graph. For a compact shape,
this represents the strength corresponding to yielding (reaching the plastic moment
Mp). If the curve is for a noncompact shape, the horizontal line represents the flange
local buckling strength.

Use of the charts is illustrated in Figure 5.26, where two such curves are shown.
Any point on this graph, such as the intersection of the two dashed lines, represents
an available moment strength and an unbraced length. If the moment is a required
moment capacity, then any curve above the point corresponds to a beam with a
larger moment capacity. Any curve to the right is for a beam with exactly the re-
quired moment capacity, although for a larger unbraced length. In a design prob-
lem, therefore, if the charts are entered with a given unbraced length and a required
strength, curves above and to the right of the point correspond to acceptable beams.

¢b M, n
or
MQ,

Ly
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If a dashed portion of a curve is encountered, then a curve for a lighter shape lies
above or to the right of the dashed curve. Points on the curves corresponding to L,
are indicated by a solid circle; L, is represented by an open circle.

In the LRFD solution of Example 5.10, the required design strength was
810.0 ft-kips, and there was continuous lateral support. For continuous lateral support,
L, can be taken as zero. From the charts, the first solid curve above the 810.0 ft-kip
mark is for a W24 X 84, the same as selected in Example 5.10. Although L, = 0 is not
on this particular chart, the smallest value of L, shown is less than L, for all shapes
on that page.

The beam curve shown in Figure 5.25 is for a compact shape, so the value of M, for
sufficiently small values of L, is M. As discussed in Section 5.6, if the shape is noncom-
pact, the maximum value of M, will be based on flange local buckling. The maximum
unbraced length for which this condition is true will be different from the value of L,
obtained with AISC Equation F2-5. The moment strength of noncompact shapes is
illustrated graphically in Figure 5.27, where the maximum nominal strength is denoted
M, and the maximum unbraced length for which this strength is valid is denoted L.

FIGURE 5.27 M

n

M; =nominal strength based on FLB

R L B

Lh
L L’ L
)4 )4 r
by M, or M,,/€Yy,
by M,
or
M, :
' N L

L' L
P

r

Form of the strength curve in the charts
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Although the charts for compact and noncompact shapes are similar in
appearance, M, and L, are used for compact shapes, whereas M, and L, are used
for noncompact shapes. (This notation is not used in the charts or in any of the
other design aids in the Manual.)) Whether a shape is compact or noncompact is
irrelevant to the use of the charts.

Example 5.11

The beam shown in Figure 5.28 must support two concentrated /ive loads of
20 kips each at the quarter points. The maximum live load deflection must not
exceed L /240. Lateral support is provided at the ends of the beam. Use A992 steel
and select a W shape.

If the weight of the beam is neglected, the central half of the beam is subjected to a
uniform moment, and

My=Mp=Mc=Mg,
Even if the weight is included, it will be negligible compared to the concentrated

loads, and C, can still be taken as 1.0, permitting the charts to be used without
modification.

5 Cy=10

X

Temporarily ignoring the beam weight, the factored-load moment is

M, = 6(1.6 X 20) = 192 ft-kips
From the charts, with L, = 24 ft, try W12 X 53:

¢, M, = 209 ft-kips > 192 ft-kips (OK)
Now, we account for the beam weight:

1

M, =192 + §(1.2 X 0.053)(24)% = 197 ft-kips < 209 ft-kips (OK)

The shear is

1.2(0.053)(24) ,
V, = 16(20) + —————=—"= 328 ft-kips
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Answer

ASD
solution

From the Z, table (or the uniform load table),
¢,V, = 125 kips > 32.8 kips (OK)

The maximum permissible live load deflection is
L 24(12)
240 240

From Table 3-23, “Shears, Moments, and Deflections,” in Part 3 of the Manual, the
maximum deflection (at midspan) for two equal and symmetrically placed loads is

Pa )
24EI(3L 4a°)

= 1.20 in.

A =
where

P = magnitude of concentrated load
a = distance from support to load
L = span length

20(6 X 12) 13.69 x 10°
=— 7 X 2 _ X 2 /<2 -
SAEI [3(24 X 12)? — 4(6 X 12)?] I

~ 13.69 X 10°

= OO X 1in.<120in.  (OK
29,000(425) i in. (OK)

Use a W12 X 53.

The required flexural strength (not including the beam weight) is
M, = 6(20) = 120 ft-kips
From the charts, with L, = 24 ft, try W12 X 53.

M
o = 139ftkips > 120 fikips  (OK)
b

Account for the beam weight:
1
M, = 6(20) + §(0.053)(24)2 = 124 ft-kips < 139 ft-kips (OK)

The required shear strength is

0.053(24) .
V,=20+ — - 20.6 kips

a

From the Z, table (or the uniform load table),

1%
ng = 83.2 kips > 20.6 kips  (OK)

v
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Since deflections are computed with service loads, the deflection check is the same
for both LRFD and ASD. From the LRFD solution,

A =111in. < 1.201in. (OK)
Use a W12 X 53.

Although the charts are based on C, = 1.0, they can easily be used for design
when C, is not 1.0; simply divide the required strength by C, before entering the
charts. We illustrate this technique in Example 5.12.

Example 5.12

Use A992 steel and select a rolled shape for the beam in Figure 5.29. The con-
centrated load is a service live load, and the uniform load is 30% dead load and
70% live load. Lateral bracing is provided at the ends and at midspan. There is no
restriction on deflection.

Neglect the beam weight and check it later.
wp = 0.30(3) = 0.9 kips/ft
w; = 0.70(3) = 2.1 kips/ft

w, = 1.2(0.9) + 1.6(2.1) = 4.44 kips/ft
P,=1.6(9) = 14.4 kips
The factored loads and reactions are shown in Figure 5.30. Next, determine the

moments required for the computation of C,. The bending moment at a distance x
from the left end is

M = 60.48x — 4.44x(’2“> = 60.48x —2.22x>  (for x = 12 ft)
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FIGURE 5.30

For x = 3 ft, M, = 60.48(3) — 2.22(3)? = 161.5 ft-kips
For x = 6 ft, M = 60.48(6) — 2.22(6)> = 283.0 ft-kips
For x = 9 ft, M = 60.48(9) — 2.22(9)? = 364.5 ft-kips
Forx = 12 ft, M, = M, = 60.48(12) — 2.22(12)* = 406.1 ft-kips

125M,,

T 25M,. +3M, + 4My + 3M,

) 12.5(406.1) o
2.5(406.1) + 3(161.5) + 4(283.0) + 3(364.5)

Gy

Enter the charts with an unbraced length L, = 12 ft and a bending moment of

M,  406.1
“u = TP 299 fi-ki
c, 136 s

Try W21 X 48:
¢, M, = 311 ft-kips (for C, =1)

Since C;, = 1.36, the actual design strength is 1.36(311) = 423 ft-kips. But the design
strength cannot exceed ¢, M,,, which is only 398 ft-kips (obtained from the chart),
so the actual design strength must be taken as

by M, = d,M, = 398 ft-kips < M, = 406.1 ft-kips  (N.G.)

For the next trial shape, move up in the charts to the next solid curve and try
W18 X 55. For L, = 12 ft, the design strength from the chart is 335 ft-kips for
C, = 1. The strength for C, = 1.36 is

$pM,, = 1.36(335) = 456 ft-kips > ¢, M,, = 420 ft-kips
s oM, = &, M, = 420 ft-kips > M, = 406.1 ft-kips (OK)
Check the beam weight.

1
M, =406.1 + (1.2 X 0.055)(24)” = 411 fukips < 420 fi-kips  (OK)
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The maximum shear is

1.2(0.055) .
V, = 6048 + ~———(24) = 61.3 kips

From the Z, tables,
¢V, =212kips > 61.3kips  (OK)
Answer Use a W18 X 55.

ASD The applied loads are
solution , _ 3kips/tt and P, = 9kips
The left-end reaction is
w,L +P, 3(24)+9
2 2

= 40.5 kips

and the bending moment at a distance x from the left end is

X
2

Compute the moments required for the computation of C:

For x = 3 ft, M, = 40.5(3) — 1.5(3)? = 108.0 ft-kips
For x = 6 ft, M = 40.5(6) — 1.5(6)% = 189.0 ft-kips
For x = 9 ft, M, = 40.5(9) — 1.5(9)? = 243.0 ft-kips
Forx = 12 ft, M, ,, = 40.5(12) — 1.5(12)? = 270.0 ft-kip

12.5M,, .,

T 25M, +3M, +4My + 3M,.
12.5(270)

~ 2.5(270) + 3(108) + 4(189) + 3(243)

M = 40.5x — 3x( ) =40.5x — 1.5x*  (forx = 12 ft)

Cy

=1.36

Enter the charts with an unbraced length L, = 12 ft and a bending moment of
M, 270

0= 2 199 ft ki
C, 136 =

Try W21 X 48: For C, =1,
M, /Q, =207 ft-kips

For C, = 1.36, the actual allowable strength is 1.36(207) = 282 ft-kips, but the
strength cannot exceed M,/€),,, which is only 265 ft-kips (this can be obtained from
the chart), so the actual allowable strength must be taken as

Mn MP . 9

— = — =265 ft-kips < M, = 270 ft-kips (N.G.)

Q, 9,
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Answer

Move up in the charts to the next solid curve and try W18 X 55. For L, = 12 ft, the
allowable strength for C, = 1 is 223 ft-kips. The strength for C, = 1.36 is

My

M
—* = 1.36(223) = 303 ft-kips >
Qb

= 280 ft-ki
Q, 80 ft-kips

Mn MP . .
— = — =280 ft-kips > M, = 270 ft-kips (OK)
Q, Q

Account for the beam weight.

1
M, =270 + £ (0.055)(24)? = 274 fi-kips < 280 fu-kips  (OK)

The maximum shear is
9 + 3.055(24)

a= f
From the Z, table (or the uniform load table)

= 41.2 kips

1%
Q—" = 141 kips > 41.2kips ~ (OK)

v

Use a W18 X 55.

In Example 5.12, the value of C, is the same (to three significant figures) for
both the factored and the unfactored moments. The two computed values will al-
ways be nearly the same, and for this reason, it makes no practical difference which
moments are used.

If deflection requirements control the design of a beam, a minimum required
moment of inertia is computed, and the lightest shape having this value is sought.
This task is greatly simplified by the moment of inertia selection tables in Part 3 of
the Manual. We illustrate the use of these tables in Example 5.15, following a dis-
cussion of the design procedure for a beam in a typical floor or roof system.

Manual Table 6-2 for Beam Analysis and Design

Manual Table 6-2 was discussed in Chapter 4 in connection with compressive
strength. This table also can be used to determine the flexural and shear strengths
of W shapes with F,, = 50 ksi. The table includes all W shapes, including those not
covered in other tables or curves, so it can be used in lieu of those other design aids
(for F, = 50 ksi).

Most pages of the table cover three shapes. The headings for each shape are
listed twice; once on the left side of the page and once on the right side. The right
side is used to determine the available flexural strength, M, /Q, or ¢, M, . To
obtain the strength, enter the middle column with the unbraced length, L,. In the
corresponding row, the flexural strength for bending about the x axis is given below
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the shape designation. All strength values account for local buckling for noncom-
pact shapes.

The strength values correspond to C, = 1. For other values of C,, multiply
the tabulated values by C,, just as you would when using the beam design curves.
To be sure that this increased strength does not exceed M, /Q, or $,M,,, com-
pare it with the strength corresponding to L, = 0. This strength corresponds to
M, /Q, or $,M, . The increased strength should not exceed this value.

Other useful values are given at the bottom of the table. On the left side, you
will find the available strength in tension yielding, the available strength in tension
rupture (based on A4, = O.75Ag), the available strength in shear, and the available
flexural strength for bending about the y axis. On the right side, values include L,
L, Ag, I, Iy, and Iy

The use of Manual Table 6-2 is illustrated in Examples 5.13 and 5.14.

Example 5.13

A W12 X 50 of A992 steel has a simply supported span length of 14 ft with lateral
bracing only at the ends and at midspan. There is a concentrated live load of 40 kips
at midspan. The only dead load is the beam weight. Use Manual Table 6-2 and de-
termine whether this beam has enough strength.

Use Figure 5.15 to determine C,. Since the dead load is so much smaller than the
live load, we can approximate the loading as shown in Figure 5.15b. Therefore, use
C, = 1.67.

P, = 1.6(40) = 64 kips, w, = 1.2(0.050) = 0.060 kips/ft

w,L? P,L  0.060(14)> 64(14) _
M, = 3 4 A" 3 ¥ 4 = 226 ft-kips

From Manual Table 6-2, for L, = 7 ft,
oM, = 269 ft-kips > 226 ft-kips  (OK)

Since this beam is adequate in flexure with C, = 1, it will be adequate with C, = 1.67
(or any other value, since the minimum value of C, is 1).

Check shear: From Manual Table 6-2, the available shear strength is
¢,V, = 135 kips
The required shear strength is

P L 0.060(14
ot kG BRI

— 30 4 kips < :
W= > > 7 32.4 kips < 135 kips (OK)

The beam has enough strength.
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ASD
solution

Answer

FIGURE 5.31

Solution

P,=40kips, w, = 0.050 kips/ft

w,L? . P,L 0.050(14)? N 40(14)
8 4 8 4
From Manual Table 6-2, for L, = 7 ft,

M, . /Q, =179 ft-kips > 141 ft-kips (OK)

M, = = 141 ft-kips

Since this beam is adequate in flexure with C, = 1, it will be adequate with C; = 1.67.
Check shear: From Manual Table 6-2, the available shear strength is

V"—903k'
@ 1ps

The required shear strength is
P, w,L 40 0.050(14)

V,=""+

=20.3 ki < 3 ki
a= 3 > > > 20.3 kips < 90.3 kips (OK)

The beam has enough strength.

Example 5.14

The beam shown in Figure 5.31 has lateral support only at the ends. The uniform load
is a superimposed dead load, and the concentrated load is a live load. Use A992 steel
and select a W shape. The live load deflection must not exceed L/360. Use LRFD.

25k

2 k/ft
NEEEREEEREEERERRERY
2

7. 7.

20’ I 20’

40’

w, = 12w, + 1.6w, = 1.2(2) = 2.4 kips/ft (neglect beam weight and check it later)
P,=12P, + 1.6P, = 1.6(25) = 40 kips

. 40 + 2.4(40) .
Left reaction = - 68.0 kips
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For L, = 40 ft, compute C, by dividing the 40-foot unbraced length into four 10-foot
segments. This places A, B, and C at distances of 10, 20, and 30 feet from the left end,
respectively.

M, = M = 68(10) — 2.4(10)%2 = 560.0 ft-kips
My =M, = 68(20) — 2.4(20)%/2 = 880.0 ft-kips
12.5M
T 25M,, +3M, + 4My + 3M,.
12.5(880)
 2.5(880) + 3(560) + 4(880) + 3(560)

Cy

=1.211

Enter Manual Table 6-2 with L, = 40 ft and search along this same row for a flex-
ural strength of at least

d)anx _ d)meax _ 880.0

C, c, 1211

= 727 ft-kips

Try a W24 x 146, with $,M, /C, = 771 ft-kips.

For C, = 1.211,

oM, = 1.211(771) = 934 ft-kips > 880 ft-kips (OK)
For an unbraced length of zero,

dpM,, = ¢,M,,, = 1570 ft-kips < 934 ft-kips (OK)

Check beam weight:

1
M, = 880 + (1.2 X 0.146)(40)? = 915 fi-kips < 1570 ft-kips  (OK)

Check deflection:

L 40(12
Maximum A, = 360 - 3(60)

From the bottom right side of Manual Table 6-2, I, = 4580 in, so
5 P, L? 2540 x 12)°

 48EI  48(29,000)(4580)
Check shear: From the bottom left side of Table 6-2, ¢V, = 482 kips, so

40, 1.2(24 + 0.146)(40)
2 2

=1.331in.

Ap

=0434in. <133in.  (OK)

V,= = 81.1 kips < 482 kips (OK)

Answer Use a W24 X 146.
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5.11 FLOOR AND ROOF FRAMING SYSTEMS

When a distributed load acts on an area such as a floor in a building, certain portions
of that load are supported by various components of the floor system. The actual
distribution is difficult to determine, but it can be approximated quite easily. The
basic idea is that of tributary areas. In the same way that tributaries flow into a river
and contribute to the volume of water in it, the loads on certain areas of a structural
surface “flow” into a structural component. The concept of tributary areas was first
discussed in Section 3.8 in the coverage of tension members in roof trusses.

Figure 5.32 shows a typical floor framing plan for a multistory building. Part (a)
of the figure shows one of the rigid frames comprising the building. Part (b) shows
what would be seen if a horizontal section were cut through the building above
one of the floors and the lower portion viewed from above. The gridwork thus
exposed consists of the column cross sections (in this case, wide-flange structural
steel shapes), girders connecting the columns in the east-west direction, and inter-
mediate floor beams such as EF spanning between the girders. Girders are defined
as beams that support other beams, although sometimes the term is applied to
large beams in general. The floor beams, which fill in the panels defined by the
columns, are sometimes called filler beams. The columns and girders along any of
the east-west lines make up an individual frame. The frames are connected by the
beams in the north-south direction, completing the framework for the building.
There may also be secondary components, such as bracing for stability, that are not
shown in Figure 5.32.

Figure 5.32c shows a typical bay of the floor framing system. When columns are
placed in a rectangular grid, the region between four columns is called a bay. The
bay size, such as 30 ft X 40 ft, is a measure of the geometry of a building. Figure 5.32d
is a cross section of this bay, showing the floor beams as wide-flange steel shapes
supporting a reinforced concrete floor slab.

The overall objective of a structure is to transmit loads to the foundation. As far
as floor loads are concerned, this transmission of loads is accomplished as follows:

1. Floor loads, both live and dead, are supported by the floor slab.

2. The weight of the slab, along with the loads it supports, is supported by the
floor beams.

3. The floor beams transmit their loads, including their own weight, to the
girders.

4. The girders and their loads are supported by the columns.

5. The column loads are supported by the columns of the story below. The
column loads accumulate from the top story to the foundation.

(The route taken by the loads from one part of the structure to another is sometimes
called the load path.) This is a fairly accurate representation of what happens, but it
is not exact. For example, part of the slab and its load will be supported directly by
the girders, but most of it will be carried by the floor beams.

Figure 5.32c shows a shaded area around floor beam EF. This is the tributary area
for this member, and it consists of half the floor between beam EF and the adjacent
beam on each side. Thus, the total width of floor being supported is equal to the beam
spacing s if the spacing is uniform. If the load on the floor is uniformly distributed,
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we can express the uniform load on beam EF as a force per unit length (for example,
pounds per linear foot [plf]) by multiplying the floor load in force per unit area (for
example, pounds per square foot [pst]) by the tributary width s. Figure 5.32e shows the
final beam model (for the usual floor framing connections, the beams can be treated
as simply supported).
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FIGURE 5.33

For convenience, the weight of a reinforced concrete floor slab is usually
expressed in pounds per square foot of floor surface. This way, the slab weight can
be combined with other loads similarly expressed. If the floor consists of a metal
deck and concrete fill, the combined weight can usually be obtained from the deck
manufacturer’s literature. If the floor is a slab of uniform thickness, the weight can
be calculated as follows. Normal-weight concrete weighs approximately 145 pounds
per cubic foot. If 5 pcf is added to account for the reinforcing steel, the total weight
is 150 pcf. The volume of slab contained in one square foot of floor is 1 ft> X the slab
thickness ¢. For a thickness expressed in inches, the slab weight is therefore (¢/12)
(150) pst. For lightweight concrete, a unit weight of 115 pounds per cubic foot can
be used in lieu of more specific data.

Example 5.15

Part of a floor framing system is shown in Figure 5.33. A 4-inch-thick reinforced
concrete floor slab of normal-weight concrete is supported by floor beams spaced at
7 feet. The floor beams are supported by girders, which in turn are supported by the
columns. In addition to the weight of the structure, loads consist of a uniform live load
of 80 psf and moveable partitions, to be accounted for by using a uniformly distributed
load of 20 pounds per square foot of floor surface. The maximum live load deflection
must not exceed 1/360 of the span length. Use A992 steel and design the floor beams.
Assume that the slab provides continuous lateral support of the floor beams.

X §

301_011

\L T —1

_\\—’\J_//\
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LRFD
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The slab weight is
t 4
Wiab = 5(150) kT (150) = 50 psf

Assume that each beam supports a 7-ft width (tributary width) of floor.
Slab: 50(7) = 350 Ib/ft
Partitions: 20(7) = 140 1b/ft
Live load: 80(7) = 560 1b/ft

The beam weight will be accounted for once a trial selection has been made.

Since the partitions are moveable, they will be treated as live load. This is
consistent with the provisions of the International Building Code (ICC, 2015). The
dead and live loads are, therefore,

wp = 0.350 1b/ft (excluding the beam weight)
w; = 0.560 + 0.140 = 0.700 Ib/ft

The total factored load is
w, = 12w, + L.6w, = 1.2(0.350) + 1.6(0.700) = 1.540 kips/ft

The typical floor beam connection will provide virtually no moment restraint, and
the beams can be treated as simply supported. Therefore,

1 1
M, = gWuLz - §(1'540)(30)2 = 173 ft-kips

The maximum permissible live-load deflection is

L 2w,
360 360 o
5 w Lt . . .
From A; = 384 El the required moment of inertia is

Sw,L* 5(0.700/12)(30 x 12)* ;
= = 440 in.*
384(29,000)(1.0)

Irequired = 384EA

required

Since the beams have continuous lateral support, the Z, table can be used to select
a trial shape that will satisfy the moment requirement.

Try a W14 X 30:
oM, = 177 ft-kips > 173 ft-kips (OK)
Check the beam weight:

1
M,=173 + g(1.2 X 0.030)(30)%> = 177 ft-kips ~ (OK)
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Answer

ASD
solution

Part 3 of the Manual contains selection tables for both I, and /,. These tables
are organized in the same way as the Z, table, so selection of the lightest shape with
sufficient moment of inertia is simple. From the /, table, we see that a W18 X 35 is
the lightest shape that satisfies our requirement.

Try a W18 x 35:

I, =510in.* > 440 in.* (OK)
From the Z, table,

b M, . = 249 ft-kips > 177 ft-kips (OK)
The maximum shear is

v w,L  1.540(30)
)

= 23.1 kips

From the Z, table, the available shear strength is
¢V, = 159 kips > 23.1 kips (OK)
Use a W18 X 35.

Account for the beam weight after a selection has been made.
w, =wp + w, = 0.350 + 0.700 = 1.05 kips/ft

If we treat the beam connection as a simple support, the required moment strength
is
1 1 M
M, = -w,L?> = =(1.05)(30)> = 118 ft-kips = required —"
8 8 Q,
The maximum permissible live-load deflection is

L 30(12)

R = 1.0in.
360 360 0in
oy, = S e,
rom L= 384 EI 5 erequlre moment or 1nertia 18
5w, L* 5(0.700/12)(30 X 12)*
I - _ 2(0.700/12X ' 440in

required 384 FEA 384(29,000)(1.0)

required

Part 3 of the Manual contains selection tables for both , and /. These tables are
organized in the same way as the Z, table, so selection of the lightest shape with suf-
ficient moment of inertia is simple. From the 7, table, we see that a W18 X 35 is the
lightest shape that satisfies our requirement.
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Try a W18 x 35:
I.=510in*>440in*  (OK)

M
o = 166 ftkips > 118 fi-kips  (OK)
b

The maximum shear is

w,L (105 + 0.031)(30)
2 2

From the Z, table, the available shear strength is

Vv, = = 16.2 kips

1%
6” = 87.5 kips > 16.2 kips (OK)

v

Use a W18 X 35.

Note that in Example 5.15, the design was controlled by serviceability rather
than strength. This is not unusual. Although there is no limit on the dead load de-
flection in this example, this deflection may be needed if the beam is to be cambered.

5 Waab+beanl 5 [(0350 +0.035)/12](30 X 12)*
384 El T 384 29,000(510)

Ap= = 0.474 in.

HOLES IN BEAMS

If beam connections are made with bolts, holes will be punched or drilled in the
beam web or flanges. In addition, relatively large holes are sometimes cut in beam
webs to provide space for utilities such as electrical conduits and ventilation ducts.
Ideally, holes should be placed in the web only at sections of low shear, and holes
should be made in the flanges at points of low bending moment. That will not always
be possible, so the effect of the holes must be accounted for.

For relatively small holes such as those for bolts, the effect will be small, partic-
ularly for flexure, for two reasons. First, the reduction in the cross section is usually
small. Second, adjacent cross sections are not reduced, and the change in cross sec-
tion is actually more of a minor discontinuity than a “weak link.”

Holes in a beam flange are of concern for the tension flange only, since bolts
in the compression flange will transmit the load through the bolts. This is the same
rationale that is used for compression members, where the net area is not considered.
The AISC Specification requires that bolt holes in beam flanges be accounted for
when the nominal tensile rupture strength (fracture strength) of the flange is less
than the nominal tensile yield strength—that is, when

F A, < F A, (5.9)
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where

Ay, = net tension flange area
Ay, = gross tension flange area

IfF, /F, > 0.8, the Specification requires that the right hand side of Equation 5.9 be
increased by 10%. Equation 5.9 can be written more generally as follows:

FuAfn < Y,FyAfg (5.10)
where

Y,=10for F,/F,=0.8
= L1for F,/F,>0.8

Note that, for A992 steel, the preferred steel for W shapes, the maximum value of
F,/F, is 0.85. This means that unless more information is available, use Y, = 1.1.
If the condition of Equation 5.10 exists—that is, if

F Ay < Y,F A,

then AISC F13.1 requires that the nominal flexural strength be limited by the condi-
tion of flexural rupture. This limit state corresponds to a flexural stress of

_L_F 511
fb_Sx(Afn/Afg)_ u ( )

where §,(A,/A,) can be considered to be a “net” elastic section modulus. The rela-
tionship of Equation 5.11 corresponds to a nominal flexural strength of
FuAfn

M, = S
n Afg X

The AISC requirement for holes in beam flanges can be summarized as follows:
It

FyAp < YFyAg

The nominal flexural strength cannot exceed

F,Ag,
M, = =S, (AISC Equation F13-1)
Ag

where
Y,=10for F,/F,=0.8
= L.1for F,/F,>0.8

The constant Y, should be taken as 1.1 for A992 steel or if the maximum value of
F,/F, is not known.
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Example 5.16

The shape shown in Figure 5.34 is a W18 X 71 with holes in each flange for
1-inch-diameter bolts. The steel is A992. Compute the nominal flexural strength for
an unbraced length of 10 feet. Use C, = 1.0.

by=7.64"

a0

A
(=0810" —__ [ W1

T

W18 X 71

To determine the nominal flexural strength M, , all applicable limit states must be
checked. From the Z  table, a W18 X 71 is seen to be a compact shape (no footnote to
indicate otherwise). Also from the Z table, Lp = 6.00 ft and L, = 19.6 ft. Therefore,
for an unbraced length L, = 10 ft,

L,<L,<L,

and the beam is subject to inelastic lateral-torsional buckling. The nominal strength
for this limit state is given by

M, = Cb[Mp - (M, - 0.7Fny(II:I::Z:>] =M, (AISC Equation F2-2)
where

M, = F,Z, = 50(146) = 7300 in.-kips

M, = 1.0[7300 — (7300 — 0.7 X 50 X 127)(11906_—66)} = 6460 in.-kips

Check to see if the flange holes need to be accounted for. The gross area of one
flange is

Ag, = ;b= 0.810(7.64) = 6.188 in.?
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Answer

9.13

For a 1-inch diameter bolt, the standard hole size is
1 1.
= + — = 1— .
d,=1 P 1 3 n

The effective hole diameter is

1 1 1 .
+—=1-+—==1. .
dy + 1 =15+ 1= 11881in

and the net flange area is
Ap = Ay — thdh = 6.188 — 0.810(2 X 1.188) = 4.263 in.?
F,Ag = 65(4.263) = 277.1 kips

Determine Y,. For A992 steel, the maximum F,/F, ratio is 0.85. Since this is
greater than 0.8, use Y, = 1.1.

Y,F, A = 1.1(50)(6.188) = 340.3 kips
Since F, Ay, <Y,F Ay, the holes must be accounted for. From AISC Equation F13-1,

F,A
Ap 2771 -
M,=—""8 = 127) = 5687 ink

"= A, S 6ass 12D e

This value is less than the LTB value of 6460 in.-kips, so it controls.

M, = 5687 in.-kips = 474 ft-kips.

Beams with large holes in their webs will require special treatment and are beyond
the scope of this book. Design of Steel and Composite Beams with Web Openings is
a useful guide to this topic (Darwin, 1990).

OPEN-WEB STEEL JOISTS

Open-web steel joists are prefabricated trusses of the type shown in Figure 5.35. Many
of the smaller ones use a continuous circular bar to form the web members and are
commonly called bar joists. They are used in floor and roof systems in a wide variety
of structures. For a given span, an open-web joist will be lighter in weight than a rolled
shape, and the absence of a solid web allows for the easy passage of duct work and
electrical conduits. Depending on the span length, open-web joists may be more eco-
nomical than rolled shapes, although there are no general guidelines for making this
determination.

Open-web joists are available in standard depths and load capacities from vari-
ous manufacturers. Some open-web joists are designed to function as floor or roof
joists, and others are designed to function as girders, supporting the concentrated
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reactions from joists. The AISC Specification does not cover open-web steel joists;
a separate organization, the Steel Joist Institute (SJI), exists for this purpose. All
aspects of steel joist usage, including their design and manufacture, are addressed
in the publication Standard Specifications, Load Tables, and Weight Tables for
Steel Joists and Joist Girders (SJ1, 2010).

An open-web steel joist can be selected with the aid of the standard load tables
(SJI, 2010). These tables give load capacities in pounds per foot of length for various
standard joists. Tables are available for both LRFD and ASD, in either U.S. Custom-
ary units or metric units. One of the LRFD tables is reproduced in Figure 5.36. For
each combination of span and joist, a pair of load values is given. The top number is
the total load capacity in pounds per foot. The bottom number is the live load per
foot that will produce a deflection of 1/360 of the span length. For span lengths in the
shaded areas, special bridging (interconnection of joists) is required. The ASD tables
use the same format, but the loads are unfactored. The first number in the designation
is the nominal depth in inches. The table also gives the approximate weight in pounds
per foot of length. Steel fabricators who furnish open-web steel joists must certify that
a particular joist of a given designation, such as a 10K1 of span length 20 feet, will
have a safe load capacity of at least the value given in the table. Different manufac-
turers’ 10K1 joists may have different member cross sections, but they all must have
a nominal depth of 10 inches and, for a span length of 20 feet, a factored load capacity
of at least 361 pounds per foot.

The open-web steel joists that are designed to function as floor or roof joists (in
contrast to girders) are available as open-web steel joists (K-series, both standard and
KCS), longspan steel joists (LH-series), and deep longspan steel joists (DLH-series).
Standard load tables are given for each of these categories. The higher you move up the
series, the greater the available span lengths and load-carrying capacities become.
At the lower end, a 10K1 is available with a span length of 10 feet and a factored load
capacity of 825 pounds per foot, whereas a 72DLH19 can support a load of 745 pounds
per foot on a span of 144 feet.

With the exception of the KCS joists, all open-web steel joists are designed as
simply supported trusses with uniformly distributed loads on the top chord. This load-
ing subjects the top chord to bending as well as axial compression, so the top chord
is designed as a beam—column (see Chapter 6). To ensure stability of the top chord,
the floor or roof deck must be attached in such a way that continuous lateral support
is provided.
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FIGURE 5.36

LRFD

STANDARD LOAD TABLE FOR OPEN WEB STEEL JOISTS, K-SERIES
Based On A 50 ksi Maximum Yield Strength - Loads Shown In Pounds Per Linear Foot (plf)

Joist ot 12k1 | 12K3 | 12K5| 14K1 | 14K3 | 14K4 | 14K6 ] 16K2 | 16K3 | 16K4 | 16K5 | 16K6 | 16K7 | 16K9
Designation
Depth (in.) | 10 12 2| 2| 4 14 | 14 | 14| 16 16 | 16 |16 | 16 | 16 | 16
Approx- W | s s | 57| 70| 52| 60| 67|77 55| 63| 70| 75| 81 | 86 | 100
(Ibs./ft.)
Span (ft.)
v
825
10 550
825
1 542
12 825 || 825 | 825 | 825
455 | 550 | 550 | 550
3 718 | 825 | 825 | 825
363 | s10 | 510 | s10
M 618 | 750 | 825 | 825 | 825 | 825 | 825 | 825
289 | 425 | 463 | 463 | 550 | 550 | 550 | 550
I5 537 | 651 | 814 | 825 | 766 | 825 | 825 | 825
234 | 344 | 428 | 434 || 475 | 507 | 507 | 507
16 469 | 570 | 714 | 825 || 672 | 825 | 825 | 825 | 825 | 825 | 825 | 825 | 825 | 825 | 825
192 | 282 | 351 | 396 || 390 | 467 | 467 | 467 | 550 | 550 | 550 | 550 | 550 | 550 | 550
17 415 | 504 | 630 | 825 | 592 | 742 | 825 | 825 | 768 | 825 | 825 | 825 | 825 | 825 | 825
159 | 234 | 291 | 366 || 324 | 404 | 443 | 443 || 488 | 526 | 526 | 526 | 526 | 526 | 526
18 369 | 448 | 561 | 760 || 528 | 661 | 795 | 825 || 684 | 762 | 825 | 825 | 825 | 825 | 825
134 | 197 | 245 | 317 | 272 | 339 | 397 | 408 | 409 | 456 | 490 | 490 | 490 | 490 | 490
19 331 || 402 | 502 | 681 [ 472 | 592 | 712 | 825 || 612 | 682 | 820 | 825 | 825 | 825 | 825
13 | 167 | 207 | 269 | 230 | 287 | 336 | 383 | 347 | 386 | 452 | 455 | 455 | 455 | 455
0 208 || 361 | 453 | 613 || 426 | 534 | 642 | 787 || 552 | 615 | 739 | 825 | 825 | 825 | 825
97 || 142 | 177 | 230 || 197 | 246 | 287 | 347 || 297 | 330 | 386 | 426 | 426 | 426 | 426
o 327 | 409 | 555 | 385 | 483 | 582 | 712 || 499 | 556 | 670 | 754 | 822 | 825 | 825
123 | 153 | 198 | 170 | 212 | 248 | 299 | 255 | 285 | 333 | 373 | 405 | 406 | 406
” 298 | 373 | 505 || 351 | 439 | 529 | 648 | 454 | 505 | 609 | 687 | 747 | 825 | 825
106 | 132 | 172 | 147 | 184 | 215 | 259 || 222 | 247 | 289 | 323 | 351 | 385 | 385
3 340 | 462 || 321 | 402 | 483 | 592 [ 415 | 462 | 556 | 627 | 682 | 760 | 825
116 | 150 | 128 | 160 | 188 | 226 | 194 | 216 | 252 | 282 | 307 | 339 | 363
2 312 | 423 | 294 | 367 | 442 | 543 | 381 | 424 | 510 | 576 | 627 | 697 | 825
101 | 132 113 | 141 | 165 | 199 | 170 | 189 | 221 | 248 | 269 | 298 | 346
25 270 | 339 | 408 | 501 || 351 | 390 | 469 | 529 | 576 | 642 | 771
100 | 124 | 145 | 175 | 150 | 167 | 195 | 219 | 238 | 263 | 311
26 249 | 313 | 376 | 462 | 324 | 360 | 433 | 489 | 532 | 592 | 711
110 | 129 | 156 || 133 | 148 | 173 | 194 | 211 | 233 | 276
7 289 | 349 | 427 | 300 | 334 [ 402 | 453 | 493 | 549 | 658
98 | 115 | 139 | 119 | 132 | 155 | 173 | 188 | 208 | 246
28 270 | 324 [ 397 [ 279 | 310 | 373 | 421 | 459 | 510 | 612
88 | 103 | 124 168 | 186 | 220
2 427 | 475 | 570
151 | 167 | 198
30 399 | 444 [ 532
137 | 151 | 178
3 373 | 415 | 498
124 | 137 | 161
32 349 | 388 | 466
112 | 124 | 147

Standard Specifications, Load Tables, and Weight Tables for Steel Joists and Joist Girders. Myrtle
Beach, S.C.: Steel Joist Institute, 2005. Reprinted with permission.

KCS joists are designed to support both concentrated loads and distributed
loads (including nonuniform distributions). To select a KCS joist, the engineer
must compute the maximum moment and shear in the joist and enter the KCS
tables with these values. (The KCS joists are designed to resist a uniform moment
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and a constant shear.) If concentrated loads must be supported by an LH or a
DLH joist, a special analysis should be requested from the manufacturer.

Both top and bottom chord members of K-series joists must be made of steel
with a yield stress of 50 ksi, and the web members may have a yield stress of either
36 ksi or 50 ksi. All members of LH- and DLH-series joists can be made with steel
of any yield stress between 36 ksi and 50 ksi inclusive. The load capacity of K-series
joists must be verified by the manufacturer by testing. No testing program is re-
quired for LH- or DLH-series joists.

Joist girders are designed to support open-web steel joists. For a given span, the
engineer determines the number of joist spaces, then from the joist girder weight
tables selects a depth of girder. The joist girder is designated by specifying its depth,
the number of joist spaces, the load at each loaded top-chord panel point of the joist
girder, and a letter to indicate whether the load is factored (“F”) or unfactored (“K”).
For example, using LRFD and U.S. Customary units, a 52G9N10.5F is 52 inches
deep, provides for nine equal joist spaces on the top chord, and will support 10.5 kips
of factored load at each joist location. The joist girder weight tables give the weight in
pounds per linear foot for the specified joist girder for a specific span length.

Example 5.17

Use the load table given in Figure 5.36 to select an open-web steel joist for the
following floor system and loads:

Joist spacing = 3 ft 0 in.
Span length = 20 ft 0 in.

The loads are

3-in. floor slab
Other dead load: 20 psf
Live load: 50 psf

The live load deflection must not exceed L /360.

Solution For the dead loads of

3
Slab: 150(12> = 37.5 pst

Other dead load: =20 psf
Joist weight: = 3 psf(est)

Total: = 60.5 psf

wp = 60.5(3) = 181.5 Ib/ft
For the live load of 50 psf,

w; = 50(3) = 150 Ib/ft
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Answer

9.14

FIGURE 5.37

The factored load is
w, = 12w, + L.ow, = 1.2 (181.5) + 1.6(150) = 458 1b/ft

Figure 5.36 indicates that the following joists satisfy the load requirement: a 12KS5,
weighing approximately 7.1 Ib/ft; a 14K3, weighing approximately 6.0 Ib/ft; and a
16K 2, weighing approximately 5.5 Ib/ft. No restriction was placed on the depth, so
we choose the lightest joist, a 16K2.

To limit the live load deflection to L /360, the live load must not exceed

297 Ib/ft > 150 Ib/ft  (OK)
Use a 16K2.

The standard load tables also include a K-series economy table, which facilit-
ates the selection of the lightest joist for a given load.

BEAM BEARING PLATES AND COLUMN
BASE PLATES

The design procedure for column base plates is similar to that for beam bearing
plates, and for that reason we consider them together. In addition, the determina-
tion of the thickness of a column base plate requires consideration of flexure, so it
logically belongs in this chapter rather than in Chapter 4. In both cases, the function
of the plate is to distribute a concentrated load to the supporting material.

Two types of beam bearing plates are considered: one that transmits the beam
reaction to a support such as a concrete wall and one that transmits a load to the top
flange of a beam. Consider first the beam support shown in Figure 5.37. Although
many beams are connected to columns or other beams, the type of support shown here
is occasionally used, particularly at bridge abutments. The design of the bearing plate
consists of three steps.

1. Determine dimension €, so that web yielding and web crippling are prevented.

2. Determine dimension B so that the area B X €, is sufficient to prevent the
supporting material (usually concrete) from being crushed in bearing.

3. Determine the thickness ¢ so that the plate has sufficient bending strength.




FIGURE 5.38
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Web yielding, web crippling, and concrete bearing strength are addressed by
AISC in Chapter J, “Design of Connections.”

Web Yielding

Web yielding is the compressive crushing of a beam web caused by the application of
a compressive force to the flange directly above or below the web. This force could
be an end reaction from a support of the type shown in Figure 5.37, or it could be a
load delivered to the top flange by a column or another beam. Yielding occurs when
the compressive stress on a horizontal section through the web reaches the yield
point. When the load is transmitted through a plate, web yielding is assumed to take
place on the nearest section of width ¢,,. In a rolled shape, this section will be at the
toe of the fillet, a distance k from the outside face of the flange (this dimension is
tabulated in the dimensions and properties tables in the Manual). If the load is as-
sumed to distribute itself at a slope of 1 : 2.5, as shown in Figure 5.38, the area at the
support subject to yielding is ¢,,(2.5k + €,). Multiplying this area by the yield stress
gives the nominal strength for web yielding at the support:

R, = F1,,(2.5k + ¢, (AISC Equation J10-3)

The bearing length £, at the support should not be less than k.
At the interior load, the length of the section subject to yielding is

2(2.5k) + €, = 5k + ¢,
and the nominal strength is

R, = Fit,,(5k + ) (AISC Equation J10-2)
For LRFD, the design strength is ¢R,, where ¢ = 1.0.
For ASD, the allowable strength is R, /Q), where ) = 1.50.

Web Crippling
Web crippling is buckling of the web caused by the compressive force delivered
through the flange. For an interior load, the nominal strength for web crippling is

e\(t,\5] [EF ,
R, = 0805 1+3(— |-~ o (AISC Equation J10-4)
f W

\\§ k&

\ v
§ ,4_.____\_\

b P
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where

d = total column depth
Q= 1.0 for wide-flange shapes
= value from Table K3.2 for HSS

For a load at or near the support (no greater than half the beam depth from the
end), the nominal strength is

¢\t \15] [EFt ¢
R, = 0.402|1 +3[ -2~ Y10, for-2 <02
G IR P A N

w

(AISC Equation J10-5a)

or

4¢ t \15 EF t €
R =04021+(—2 02> 10, for-2>02
G N ) O N NS

w

(AISC Equation J10-5b)
The resistance factor for this limit state is ¢ = 0.75. The safety factor is () = 2.00.

Concrete Bearing Strength

The material used for a beam support can be concrete, brick, or some other mater-
ial, but it usually will be concrete. This material must resist the bearing load applied
by the steel plate. The nominal bearing strength specified in AISC J8 is the same as
that given in the American Concrete Institute’s Building Code (ACI, 2014) and may
be used if no other building code requirements are in effect. If the plate covers the
full area of the support, the nominal strength is

P, = 0.85f/A, (AISC Equation J8-1)

If the plate does not cover the full area of the support,

A
P, = 0.85f/A; 1 /A—2 = 17f.A, (AISC Equation J8-2)
1

where

fi = 28-day compressive strength of the concrete
A, = bearing area
A, = full area of the support

If area A, is not concentric with A,, then A, should be taken as the largest concentric
area that is geometrically similar to A, as illustrated in Figure 5.39.

For LRFD, the design bearing strength is ¢ F,, where ¢, = 0.65. For ASD, the
allowable bearing strength is P,/ ()., where O, = 2.31.

Plate Thickness
Once the length and width of the plate have been determined, the average bearing
pressure is treated as a uniform load on the bottom of the plate, which is assumed to be



FIGURE 5.39

FIGURE 5.40
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supported at the top over a central width of 2k and length €, as shown in Figure 5.40.
The plate is then considered to bend about an axis parallel to the beam span. Thus
the plate is treated as a cantilever of span length n = (B —2k)/2 and a width of €,. For
convenience, a 1-inch width is considered, with a uniform load in pounds per linear
inch numerically equal to the bearing pressure in pounds per square inch.
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FIGURE 5.41 Fy Fy (1 X/2)
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From Figure 5.40, the maximum bending moment in the plate is

R n Rn?
M=ge, "% "m0,
where R is the beam reaction and R/B¢, is the average bearing pressure between
the plate and the concrete. For a rectangular cross section bent about the minor axis,
the nominal moment strength M, is equal to the plastic moment capacity M,,. As
illustrated in Figure 5.41, for a rectangular cross section of unit width and depth ¢,
the plastic moment is

t\(t 1>
Mp = Fy(l X 2><2> = Fyz

For LRFD: Since the design strength must at least equal the factored-load moment,

¢bMp = Mu

2 Ry
0.90F — =
Y4~ 2BY,

2Run
= e —
0.90B(,F,
or
2.2R n? s 13
= .
B(,F, (-13)

where R, is the factored-load beam reaction.

2

(5.12)

For ASD: The allowable flexural strength must at least equal the applied moment:

2
Fyt /4 _ Ranz
167 ~ 2B¢,

334R .
. ¢
"=\ B,F, G149

where R, is the service-load beam reaction.
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solution
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Example 5.18

Design a bearing plate to distribute the reaction of a W21 X 68 with a span length
of 15 feet 10 inches center-to-center of supports. The total service load, including
the beam weight, is 9 kips/ft, with equal parts dead and live load. The beam is to be
supported on reinforced concrete walls with f . = 3500 psi. For the beam, F, = 50 ksi,
and F, = 36 ksi for the plate.

The factored load is
w, = 12w, + L.6w; = 1.2(4.5) + 1.6(4.5) = 12.60 kips/ft
and the reaction is

~w,L 12.60(15.83)
@ g 2

= 99.73 kips

Determine the length of bearing €, required to prevent web yielding. From AISC
Equation J10-3, the nominal strength for this limit state is

R, = F1,,(2.5k + €,
For ¢R, = R,

1.0(50)(0.430)[2.5(1.19) + ¢,] = 99.73
resulting in the requirement

€, = 1.661n.

(Note that two values of k are given in the dimensions and properties tables: a
decimal value, called the design dimension, and a fractional value, called the detailing
dimension. We always use the design dimension in calculations.)

Use AISC Equation J10-5 to determine the value of €, required to prevent web
crippling. Assume ¢,/d > 0.2 and try the second form of the equation, J10-5(b). For
R, = R,,

151 [EF,
¢(0.40)t2w[1 + (46” - o.z)(tw) ] e/ R,
d I t,

4¢ 0.430\5] /29,000(50)(0.685)
211 + b 8 _
0.75(0.40)(0.430) [1 (2 1 o.z)( 0 685) ]\/ 0.430 99.73

This results in the requirement
€, = 3.00 in.

Check the assumption:

€ 3.00
—_ s S b < . q“ }‘
d 211 0.14<02 ( )
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For €,/d = 0.2,

e\t \S] [EFL;
$(0.40)2 |1 + 3 I\ o =R, [AISC Equation J 10-5(a)]
f w
€, \(0.430\>| /29,000(50)(0.685)
. ! ’ 211+ b (== : = 99.
0.75(0.40)(0.430) [1 3(21.1)(0.685) ]\/ 0.430 99.73

resulting in the requirement
€, =2.591n.

and

€, 259
=——=012<02 K
d 211 0 0 (OK)

Try €, = 6 in: Determine dimension B from a consideration of bearing strength. If
we conservatively assume that the full area of the support is used, the required plate
area A can be found as follows:

¢CPp = Ru
From AISC Equation J8-1, P, = 0.85f/A;. Then

$.(0.85f.A,) =R,
0.65(0.85)(3.5)A, = 99.73
A, =51.57in.?

The minimum value of dimension B is

A 1.
=221 _gein,
I 6
The flange width of a W21 X 68 is 8.27 inches, making the plate slightly wider than
the flange, which is desirable. Rounding up, try B = 10 in.
Compute the required plate thickness:

B -2k 10 —2(1.19)
2 2

n= = 3.810 in.

From Equation 5.13,

. 222R,n*  [2.22(99.73)(3.810)
~V B4F, 10(6)(36)

= 1.22 in.

Answer Use aPL 1Y X 6 X 10.
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ASD w,=wp, + w; = 9Kkips/ft

solution

w,L  9(15.83) ,
o= ? = ? =71.24 klpS

Determine the length of bearing ¢, required to prevent web yielding. From AISC
Equation J10-3, the nominal strength is

R, = F,1,(2.5k + ¢,)

Rn
For ny =R,

50(0.430)[2.5(1.19) + €,]

1.50
€, =2.00 in.

=71.24

Determine the value of ¢, required to prevent web crippling. Assume €,/d = 0.2 and
use AISC Equation J10-5a:

R 1 €\ /1, \1° Eth
= —040)2|1+ 3 |2] |</[—=R
Q Q( )W[ (d>(tf> } Ly ¢

1(0.40)(0.430)2{1 + 3<%)<0‘43 O)LS] \/ 29,00050)(0685) _ , 4

2.00 21.1)\0.685 0.430
¢, = 3.78 in.

€, 378

— = =0.179 < 0.

J=50,=0179<02  (OK)

Try €, = 6 in.: Conservatively assume that the full area of the supportis used and deter-
mine B from a consideration of bearing strength. Using AISC Equation J8-1, we obtain

Py _O8SA, _

QC QC ¢
0.85(3.5)4,

A, =5532in?

The minimum value of dimension B is

A
Bl g
¢, 6
Try B = 10 in.:

_ B-2k _10-2(1.19)
2 2

n = 3.810in.
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From Equation 5.14,

3.34R n? 3.34(71.24)(3.810)2 ,
= = = 1.27 in
B,F, 10(6)(36)

Answer UseaPL 1% X 6 X 10.

If the beam is not laterally braced at the load point (in such a way as to prevent
relative lateral displacement between the loaded compression flange and the ten-
sion flange), the Specification requires that web sidesway buckling be investigated
(AISC J10.4). When loads are applied to both flanges, web compression buckling
must be checked (AISC J10.5).

Column Base Plates

As with beam bearing plates, the design of column base plates requires consideration
of bearing pressure on the supporting material and bending of the plate. A major
difference is that bending in beam bearing plates is in one direction, whereas column
base plates are subjected to two-way bending. Moreover, web crippling and web yield-
ing are not factors in column base plates design.

The background and development of the plate thickness equation is presented
here in LRFD terms. After some simple modifications, the corresponding ASD
equation will be given.

Column base plates can be categorized as large or small, where small plates
are those whose dimensions are approximately the same as the column dimensions.
Furthermore, small plates behave differently when lightly loaded than when they
are more heavily loaded.

The thickness of large plates is determined from consideration of bending of the
portions of the plate that extend beyond the column outline. Bending is assumed to
take place about axes at middepth of the plate near the edges of the column flanges.
Two of the axes are parallel to the web and 0.80b, apart, and two axes are parallel to
the flanges and 0.95d apart. The two 1-inch cantilever strips are labeled m and # in
Figure 5.42. To determine the required plate thickness, we use Equation 5.12 with the
following changes: Instead of n, use the larger of m and n from Figure 5.42 and call
it €. Replace €, with N and obtain

2P (2
= N —
0.90BNF,

€ 2P 5.15
= %
= 0.90BNF, 6.15)

or

where ¢ is the larger of m and n. This approach is referred to as the cantilever
method.
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FIGURE 5.42 P,

B
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Lightly loaded small base plates can be designed by using the Murray—Stockwell
method (Murray, 1983). In this approach, the portion of the column load that falls
within the confines of the column cross section—that is, over an area b.d—is assumed
to be uniformly distributed over the H-shaped area shown in Figure 5.43. Thus the
bearing pressure is concentrated near the column outline. The plate thickness is
determined from a flexural analysis of a cantilever strip of unit width and of length c.

This approach results in the equation

2Py 5.16
0.90A,F, (5.16)

FIGURE 5.43
——
f
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FIGURE 5.44

where
Pll
PO = ﬁ X bfd
= load within the area byd
= load on H-shaped area
Ay = H-shaped area

P
¢ = dimension needed to give a stress of — equal to the design bearing
stress of the supporting material H

Note that Equation 5.16 has the same form as Equation 5.15 but with the stress
P,/BN replaced by P, /A,

For more heavily loaded base plates (the boundary between lightly loaded and
heavily loaded plates is not well defined), Thornton (1990a) proposed an analysis
based on two-way bending of the portion of the plate between the web and the
flanges. As shown in Figure 5.44, this plate segment is assumed to be fixed at the web,
simply supported at the flanges, and free at the other edge. The required thickness is

. 2P,
o 0.9OBNFy
where
, 1
n' = Z\/ dbf (5.17)

These three approaches were combined by Thornton (1990b), and a summary of the
resulting unified procedure follows. The required plate thickness is

¢ i’ 518
AN YTy ,
0.90F,BN (518)
-

| b | 2

| f | Simply supported
- 1 _ cooooooooomooono

3 k5

- I L ¢ 0 0 0 0000 0IPU00 e 4

Simply supported

(a) Area of Plate Considered (b) Approximated Size and
Edge Conditions
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where

€ = max (m, n,An")

N —095d
2
B - 0.8b;
=y
2VX
A=—— =1
1+V1—-X
4db, \ P
X=(—"1_ u
((d + bf)2>d)cpp
, 1
b, = 0.65

P, = nominal bearing strength from AISC Equation J8-1 or J8-2

There is no need to determine whether the plate is large or small, lightly loaded,
or heavily loaded. As a simplification, A can always be conservatively taken as 1.0
(Thornton, 1990b).
This procedure is the same as that given in Part 14 of the Manual, “Design of
Beam Bearing Plates, Column Base Plates, Anchor Rods, and Column Splices.”
For ASD, we rewrite Equation 5.18 by substituting P, for P, and 1/() for ¢:

2P,
t=l e
(1/Q)F,BN
or
¢ =il 519
= e .
F,BN/1.67 (5:19)
In the equation for X, we again substitute P, for P, and 1/() for ¢:
( 4db, ) P, (5.20)
X = 5.20
(d+ bf)2 P,/Q,

where ), = 2.31.

The equations for €, m, n, A, and n' are the same as for LRFD.

Example 5.19

A WI0 X 49 is used as a column and is supported by a concrete pier as shown
in Figure 5.45. The top surface of the pier is 18 inches by 18 inches. Design an
A36 base plate for a column dead load of 98 kips and a live load of 145 kips. The
concrete strength is f = 3000 psi.
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FIGURE 5.45

LRFD
solution

r
|

| o 1

18" l
R
4
The factored load is

P, =12D + 1.6L = 1.2(98) + 1.6(145) = 349.6 kips

Compute the required bearing area. From AISC Equation J§-2,

, Ay ,
Py = 085f; A1 [ = 1774,

For ¢ .P,= P,

18(18)
0.65( 085(3)A; | —4—| = 349.6
1

A; =1373in2
Check upper limit:
¢ 171 A = 0.65(1.7)(3)(137.3) = 455 kips > 349.6 kips
Also, the plate must be at least as large as the column, so
byd =10.0(10.0) = 100in.> <137.3in.>  (OK)

For B = N = 13/in., A, provided = 13(13) = 169 in.?
The dimensions of the cantilever strips are

_ N—-095d 13 —0.95(10)

> > = 1.75 in.
B —0.8b; 13 — 0.8(10) _
n= > = > = 2.51n.

From Equation 5.17,
1 1
n' = 1 Vdb, = 1 V10.0(10.0) = 2.5 in.

As a conservative simplification, let A = 1.0, giving

¢ = max(m, n, A\n") = max(1.75,2.5,2.5) = 2.5 in.

(OK)



Answer

ASD
solution
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From Equation 5.18, the required plate thickness is

. 2(349.6)
=\ 090F, BN T 77\ 0.9036)(13)(13)

UseaPL1 X 13 X 13.

= (0.893 in.

The applied load is P, = D + L = 98 + 145 = 243 kips.

Compute the required bearing area. Using AISC Equation J8-2,

P
L=p
Q. ¢
1[0 85(3)A 18(18)] =243
231 0834 A |

A, =150in.?

The upper limit is

2.31 (OK)

1 . 1
E(l.7ch1) = ——[(1.7)(3)(150)] = 331 kips > 243 kips
The plate must be as large as the column:
brd =10.0(10.0) = 100 in.2 <150in.> (OK)
Try B = N = 13in., with A, provided = 13(13) = 169 in.2 > 150 in.2

N —095d 13 —0.95(10.0)
m = = =

> > .75 in.
B —08b, 13 —0.8(10) _
1= > = > =25i1n.

1 1
n' = Vdby=V/10.0(10.0) = 2.5 in.

Conservatively, let A = 1.0, resulting in
¢ = max(m, n, An") = max(1.75,2.5,2.5) = 2.5 in.

From Equation 5.19,

t=4¢ 2P, =25 2(243) =0.913i
~VEBNL6T TN 36(13)(13)/1.67

Answer UseaPL1 X 13 X 13.

263
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9.15

FIGURE 5.46

BIAXIAL BENDING

Biaxial bending occurs when a beam is subjected to a loading condition that pro-
duces bending about both the major (strong) axis and the minor (weak) axis. Such
a case is illustrated in Figure 5.46, where a single concentrated load acts normal to
the longitudinal axis of the beam but is inclined with respect to each of the principal
axes of the cross section. Although this loading is more general than those previ-
ously considered, it is still a special case: The load passes through the shear center
of the cross section. The shear center is that point through which the loads must act
if there is to be no twisting, or torsion, of the beam. The location of the shear center
can be determined from elementary mechanics of materials by equating the internal
resisting torsional moment, derived from the shear flow on the cross section, to the
external torque.

The location of the shear center for several common cross sections is shown
in Figure 5.47a, where the shear center is indicated by a circle. The value of e,, which
locates the shear center for channel shapes, is tabulated in the Manual. The shear center
is always located on an axis of symmetry; thus the shear center will be at the centroid of a
cross section with two axes of symmetry. Figure 5.47b shows the deflected position of two
different beams when loads are applied through the shear center and when they are not.

Case I: Loads Applied Through the Shear Center

If loads act through the shear center, the problem is one of simple bending in two
perpendicular directions. As illustrated in Figure 5.48, the load can be resolved into
rectangular components in the x- and y-directions, each producing bending about a
different axis.

Y
¢ z
Mo & T
T T ~—_ z
M, & T S
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FIGURE 5.47 y
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To deal with this combined loading, we temporarily look ahead to Chapter H of
the Specification, “Design of Members for Combined Forces and Torsion” (also the
subject of Chapter 6 of this textbook, “Beam—Columns”). The Specification deals
with combined loading primarily through the use of interaction formulas, which
account for the relative importance of each load effect in relation to the strength
corresponding to that effect. For example, if there is bending about one axis only,
we can write for that axis

Required moment strength =< available moment strength
or

Required moment strength _

Available moment strength
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If there is bending about both the x and y axes, the interaction approach requires
that the sum of ratios for the two effects be less than 1.0; that is,

Required x-axis moment strength  required y-axis moment strength

. . . . =10 (5.21)
Available x-axis moment strength ~ available y-axis moment strength

In effect, this approach allows the designer to allocate to one direction what has
not been “used up” in the other direction. AISC Section H1 incorporates a com-
parable ratio for axial loads and gives two interaction formulas, one for small axial
loads and one for large axial loads (we discuss the reason for this in Chapter 6). With
biaxial bending and no axial load, the formula for small axial load is the appropriate
one, and it reduces to the form of Equation 5.21. (The exact notation and form of the
AISC Equations are covered in Chapter 6.)

For LRFD, Equation 5.21 becomes

Mux M”y
+ =10 (5.22)
d)anx d)any
where

M, = factored-load moment about the x axis
M, . = nominal moment strength for x-axis bending
M, = factored-load moment about the y axis

M,, = nominal moment strength for the y axis
For ASD,
M M,
ax Y <10 (5.23)

+ =
Mnx/Qb Mny/Qb
where

M, = service load moment about the x axis

M,, = service load moment about the y axis

Weak-Axis Bending Strength

To this point, the strength of I-shaped cross sections bent about the weak axis has
not been considered. Doing so is relatively simple. Any shape bent about its weak
axis cannot buckle in the other direction, so lateral-torsional buckling is not a limit
state. If the shape is compact, then

M, =M, =FZ =<16F,S, (AISC Equation F6-1)
where
M, , = nominal moment strength about the y axis

ny
M, = plastic moment strength about the y axis
F,S, = yield moment for the y axis
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(The y subscripts in M, and M, are not in the Specification; they have been added
here.) The limit of 1.6 F,S, is to prevent excessive working load deformation and is
satisfied when

Z

<16

Sy
If the shape is noncompact because of the flange width-to-thickness ratio, the
strength will be given by

A—A
- _ _ p :
M,, =M, — (M, O.7FySy)(/\r - )\,,) (AISC Equation F6-2)
This is the same as AISC Equation F3-1 for flange local buckling, except for the axis
of bending.

Example 5.20

A W21 X 68is used as a simply supported beam with a span length of 12 feet. Lateral
support of the compression flange is provided only at the ends. Loads act through
the shear center, producing moments about the x and y axes. The service load mo-
ments about the x axis are M, = 48 ft-kips and M, , = 144 ft-kips. Service load
moments about the y axis are M, = 6 ft-kips and M, , = 18 ft-kips. If A992 steel is
used, does this beam satisfy the provisions of the AISC Specification? Assume that
all moments are uniform over the length of the beam.

First, compute the nominal flexural strength for x-axis bending. The following data
for a W21 X 68 are obtained from the Z, table. The shape is compact (no footnote
to indicate otherwise) and

L,=636ft, L, =187ft

The unbraced length L, = 12 ft,so L, < L, < L,, and the controlling limit state
is inelastic lateral-torsional buckling. Then

Mnx = Cb Mpx — (Mpx — 07Fny ﬁ = Mpx
r P

M,, = F,Z, = 50(160) = 8000 in.-kips
Because the bending moment is uniform, C, = 1.0.

12 — 6.3

= 6583 in.-kips = 548.6 ft-kips
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LRFD
solution

Answer

ASD
solution

Answer

For the y axis, since the shape is compact, there is no flange local buckling and

M,, = M,, = F,Z, = 50(24.4) = 1220 in.kips = 101.7 ft-kips

Check the upper limit:
Z, 244
yo_ Lt ) _ 5 -
S 157 L35 <16 - M,, =M, =101.7 in.-kips

y

For x-axis bending,
M, =12M, + 1.6M,;, = 1.2(48) + 1.6(144) = 288.0 ft-kips
For y-axis bending,
M,, = 12Mp, + 1.6M,, = 1.2(6) + 1.6(18) = 36.0 ft-kips
Check interaction Equation 5.22:
My My, 2880 L 360
oM, oM 0.90(548.6)  0.90(101.7)

ny

=0977<10 (OK)

(Note that ¢, M, can be obtained from the beam design charts or Manual Table 6-2.)
The W21 X 68 is satisfactory.

For x-axis bending,

M, =My, + M; =48 + 144 = 192 ft-kips
For y-axis bending,

M, = Mp, + M;, =6+ 18 = 24 ft-kips
Check interaction Equation 5.23:

My M, 19 L
M, /Q,  M,,/Q, 548.6/1.67 101.7/1.67

=0979<1.0 (OK)

(Note that M, /() can be obtained from the beam design charts or Manual Table 6-2.)

The W21 X 68 is satisfactory.

Case lI: Loads Not Applied Through the Shear Center

When loads are not applied through the shear center of a cross section, the result is
flexure plus torsion. If possible, the structure or connection geometry should be mod-
ified to remove the eccentricity. The problem of torsion in rolled shapes is a complex
one, and we resort to approximate, although conservative, methods for dealing with it.
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A more detailed treatment of this topic, complete with design aids, can be found in
Torsional Analysis of Structural Steel Members (AISC, 1997b). A typical loading con-
dition that gives rise to torsion is shown in Figure 5.49a. The resultant load is applied
to the center of the top flange, but its line of action does not pass through the shear
center of the section. As far as equilibrium is concerned, the force can be moved to
the shear center provided that a couple is added. The equivalent system thus obtained
will consist of the given force acting through the shear center plus a twisting moment,
as shown. In Figure 5.49b, there is only one component of load to contend with, but
the concept is the same.

Figure 5.50 illustrates a simplified way of treating these two cases. In Figure 5.50a,
the top flange is assumed to provide the total resistance to the horizontal com-
ponent of the load. In Figure 5.50b, the twisting moment Pe is resisted by a couple
consisting of equal forces acting at each flange. As an approximation, each flange
can be considered to resist each of these forces independently. Consequently, the
problem is reduced to a case of bending of two shapes, each one loaded through its
shear center. In each of the two situations depicted in Figure 5.50, only about half
the cross section is considered to be effective with respect to its y axis; therefore,
when considering the strength of a single flange, use half the tabulated value of Z,
for the shape.

Design of Roof Purlins

Roof purlins that are part of a sloping roof system can be subjected to biaxial bending
of the type just described. For the roof purlin shown in Figure 5.51, the load is vertical,
but the axes of bending are inclined. This condition corresponds to the loading of
Figure 5.50a. The component of load normal to the roof will cause bending about the
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FIGURE 5.50 Py Py
P, ¢
—-<—P,
I : I +
(a)
P P
e »-' +
———— —> Pe/h
h = +
——o—€— Pe/h
(b)

FIGURE 5.51

x axis, and the parallel component bends the beam about its y axis. If the purlins are
simply supported at the trusses (or rigid frame rafters), the maximum bending mo-
ment about each axis is wL?/8, where w is the appropriate component of load. If sag
rods are used, they will provide lateral support with respect to x-axis bending and will
act as transverse supports for y-axis bending, requiring that the purlin be treated as a
continuous beam. For uniform sag-rod spacings, the formulas for continuous beams
in Part 3 of the Manual can be used.
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Example 5.21

A roof system consists of trusses of the type shown in Figure 5.52 spaced 15 feet
apart. Purlins are to be placed at the joints and at the midpoint of each top-chord
member. Sag rods will be located at the center of each purlin. The total gravity
load, including an estimated purlin weight, is 42 psf of roof surface, with a live-load—
to—dead-load ratio of 1.0. Assuming that this is the critical loading condition, use
A36 steel and select a channel shape for the purlins.

4 @ 15’-0" = 60'0" '

For the given loading condition, dead load plus a roof live load with no wind or
snow, load combination 3 will control:

w, = 12w, + 1.6L, = 1.2(21) + 1.6(21) = 58.80 psf

The width of roof surface tributary to each purlin is

15 V10

= 2 f

> 3 7.906 ft
Then

Purlin load = 58.80(7.906) = 464.9 1b/ft

Normal component = = 441.0 1b/ft

3
5 (4649)
1
V10

Parallel component = (464.9) = 147.0 lb/ft

and
1
M, = §(0-4410)(15)2 = 12.40 ft-kips

With sag rods placed at the midpoint of each purlin, the purlins are two-span con-
tinuous beams with respect to weak axis bending. From Table 3-22¢, “Continuous
Beams,” the maximum moment in a two-span continuous beam with equal spans is at
the interior support and is given by

M = 0.125w¢?
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where
w = uniform load intensity
€ = span length

The maximum moment about the y axis is therefore
M,, = 0.125(0.1470)(15/2 2 = 1.034 ft-kips

To select a trial shape, use the beam design charts and choose a shape with a
relatively large margin of strength with respect to major axis bending. For an un-
braced length of 155 = 7.5 ft, try a C10 x 15.3.

For C, = 1.0, ¢, M, = 33.0 ft-kips. From Figure 5.16, C, is 1.30 for the load
and lateral support conditions of this beam. Therefore,

¢, M, = 1.30(33.0) = 42.90 ft-kips
From the uniform load table for C shapes,

dpM,, = 42.9 ft-kips .. Use ¢, M, = 42.9 ft-kips.
This shape is compact (no footnote in the uniform load tables), so

oM, = &M, = ¢, F,Z, = 0.90(36)(2.34) = 75.82 in.-kips = 6.318 ft-Kips
But

=——=203>1
1.15 03 0

M, = ¢, (1.6F,S)) = 0.90(1.6)(36)(1.15)
= 59.62 in.-kips = 4.968 ft-kips

Zy 234
Sy

Because the load is applied to the top flange, use only half this capacity to account
for the torsional effects. From Equation 5.22,

My M, _ 1240 1034
bpM,  bM,, 429  4.968/2

=0.705<10 (OK)

The shear is

0.4410(15) i

V,= - 3.31 kips
From the uniform load tables,

¢V, = 46.7 kips > 3.31 kips (OK)

Answer Usea C10 X 15.3.
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ASD For dead load plus a roof live load, load combination 3 will control:

solution

q,=4qp + qr, = 42 pst

The width of roof surface tributary to each purlin is

15 V10
——=1. f
> 3 7.906 ft
Then
Purlin load = 42(7.906) = 332.1 Ib/ft
3
Normal component = ——=(332.1) = 315.1 Ib/ft
P \/E( ) /
1
Parallel component = ——(332.1) = 105.0 Ib/ft
p \/E( ) /
and
1 5, 1 5 .
M, = ng = §(0.3151)(15) = 8.862 ft-kips

With sag rods placed at the midpoint of each purlin, the purlins are two-span con-
tinuous beams with respect to weak axis bending. From Table 3-22¢, “Continuous
Beams”, the maximum moment in a two-span continuous beam with equal spans is
at the interior support and is given by

M = 0.125w¢?
where
w = uniform load intensity
€ = span length
The maximum moment about the y axis is therefore
M,, = 0.125(0.1050)(15/2)% = 0.7383 ft-kips

To select a trial shape, use the beam design charts and choose a shape with
a relatively large margin of strength with respect to major axis bending. For an un-
braced length of 15/2 = 7.5 ft, try a C10 x 15.3.

For C, = 1.0, M, ./Q, = 22.0 ft-kips. From Figure 5.16, C, = 1.30 for the load
and lateral support conditions of this beam. Therefore,

M, /Q, =1.30(22.0) = 28.60 ft-kips
From the uniform load tables,
Mpx/Qb = 28.6 ft-kips
- Use M, ./Q, = 28.6 ft-kips.
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Answer

5.16

This shape is compact (no footnote in the uniform load tables), so
M,,/Q, =M, /Q, = F,Z,/Q), = 36(2.34)/1.67 = 50.44 in.-kips = 4.203 ft-kips
But

Z, 234
2= _203>16

S, LI5

s M,/ Qy, = 1.6F,S,/Q), = 1.6(36)(1.15)/1.67 = 39.66 in.-kips = 3.300 ft-Kips.
Because the load is applied to the top flange, use only half of this capacity to account
for the torsional effects. From Equation 5.23,

Mo M,, _ 8862 07383
M, /Q, M,/Q, 286 33002

=0.757<10 (OK)

The maximum shear is
0.3151(15
[ 03151015)

a

= 2.36 kips
From the uniform load tables,

1%
o = 310kips >236kips  (OK)

v

Use a C10 X 15.3.

BENDING STRENGTH OF VARIOUS SHAPES

W, S, M, and C shapes are the most commonly used hot-rolled shapes for beams,
and their bending strength has been covered in the preceding sections. Other shapes
are sometimes used as flexural members, however, and this section provides a sum-
mary of some of the relevant AISC provisions. All equations are from Chapter F of
the Specification. (The width-to-thickness limits are from Chapter B.) No numerical
examples are given in this section, but Example 6.12 includes the computation of the
flexural strength of a structural tee-shape.

1. Square and Rectangular HSS (AISC F7): (Although AISC F7 includes
box-shaped members, we do not cover them here; all provisions herein

apply to HSS only.)
a. Width-to-thickness parameters (see Figure 5.53):
i. Flange:
b |E E
A= " A, =112 7 A= 1.40\/;
y y
ii. Web:

h E E
A== A, =242, | — A, =570+ =
! 4 V F, ’ \/;y
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FIGURE 5.53 b

\—+_J

\. /

!

If the actual dimensions b and /& are not known, they may be esti-
mated as the total width or depth minus three times the thickness.
The design thickness, which is 0.93 times the nominal thickness,
should be used. (b/t and A/t ratios for HSS are given in the Manual
in Part 1, “Dimensions and Properties.”)

b. Bending about either axis (loaded in the plane of symmetry): The
nominal strength is the smallest of the limit states of yielding, flange
local buckling, and web local buckling. (Because of the high torsional
resistance of closed cross-sectional shapes, lateral-torsional buckling of
HSS need not be considered, even for rectangular shapes bent about the
strong axis. This is discussed in the Commentary to AISC F7.)

i. Yielding:
M,=M,=FZ (AISC Equation F7-1)

ii. Flange Local Buckling:

_ 5 b Fy <=
Mn—Mp—(Mp—FyS) 3. 7; E—4.0 _Mp

(AISC Equation F7-2)
iii. Web Local Buckling:
M,=M,— (M, - FyS)<3.05h 5 = 0.738) =M
t, \ E p
(AISC Equation F7-6)

2. Round HSS (AISC F8):
a. Width-to-thickness parameters:
D A = 0.07E A = 0.31FE
t P F, g F,
where D is the outer diameter.
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b. Nominal bending strength: There is no LTB limit state for circular (or
square) shapes.
i. Compact shapes:

M,=M,=FZ (AISC Equation F8-1)
ii. Noncompact shapes:
0.021E )
= —+ -
M, ( D/t Fy>S (AISC Equation F8-2)

iii. Slender shapes:
M,=F.,S (AISC Equation F8-3)
where

_ 033E
cr D/l

(AISC Equation F8-4)

3. Tees and Double Angles Loaded in the Plane of Symmetry: Tees and
double-angle shapes are frequently used as truss members, and these mem-
bers are sometimes subject to bending as well as axial compression, making
them beam-columns (Chapter 6 of this book).

The flexural strength is the smallest value obtained from the limit
states of yielding, lateral-torsional buckling, flange local buckling, and
local buckling of tee stems and double-angle web legs.

a. Yielding:
M,=M, (AISC Equation F9-1)
i. For tee stems and double-angle web legs in tension,
M,=FZ =16M, (AISC Equation F9-2)
M,=FS, (AISC Equation F9-3)
ii. For tee stems in compression,
M,=M, (AISC Equation F9-4)
iii. For double angles with web legs in compression,
M, =1.5M, (AISC Equation F9-5)

b. Lateral-torsional buckling:
i. For tee stems and double-angle web legs in tension,
whenL,<L,=L,,

Lb - LP .
M,=M,— (M, - My)<Lr_Lp) (AISC Equation F9-6)
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when L, > L,,

M,=M, (AISC Equation F9-7)
where
E .
L, =176r, \/7 (AISC Equation F9-8)
Fy
1= 105 EVE o625 1 (arsc Bquation F9-9
, =1L F)s, 36z )7 ( quation F9-9)
1.95E .
M, = 7 VI,J(B + V1 + B?) (AISC Equation F9-10)
b
d\ b
B=23—|+/— (AISC Equation F9-11)

d = depth of tee

ii. For stems and double-angle web legs in compression anywhere along
the unbraced length,

M,=M,=M, (AISC Equation F9-13)
where
1.95E .
M, = 7 VIJ(B +V1+ B?) (AISC Equation F9-10)
b
and
d\ |l .
B=-23—|+|— (AISC Equation F9-12)

(This is the same as AISC Equation F9-11 except for the negative
sign.)
iii. For double-angle web legs,

y
when — = 1.0,
MCI'

M
M, = (1.92 - 117 My)My = 1.5M, (AISC Equation F10-2)

cr

hen —~ > 1.0
WenM R

0.17M,,
M,=092 - <M

M,

(AISC Equation F10-3)
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c. Flange local buckling:
i. For noncompact tee flanges,

Apf
M, = Mp — (M 07FyS =1.6M
n xc Y of y
(AISC Equation F9-14)

ii. For slender tee flanges,
0.7ES,.

M =
! (by/ 2tf)2
iii. For noncompact double-angle flange legs,

b F
M, = F,S, [2.43 - 1.72({) \ /Ey] (AISC Equation F10-6)

iv. For slender double-angle flange legs,

(AISC Equation F9-15)

M, =F_S. (AISC Equation F10-7)
where
0.71E
F.=—— AISC Equation F10-8
cr (b/l‘)2 ( q )

b = full width of leg in compression

S, = elastic section modulus referred to toe of the leg in
compression

d. Local buckling of tee stems and double-angle web legs:
1. For tee stems,

M,=F_S, (AISC Equation F9-16)

Compact webs: F, = F, (AISC Equation F9-17)

d |[F
Noncompact webs: F. = | 1.43 — 0.515 \E F,
w

(AISC Equation F9-18)
1.52E
(d/)?

ii. For double-angle web legs,

b\ [F,
Noncompact legs: M,, = F|S| 2.43 — 1.72 “TINE

(AISC Equation F10-6)

Slender webs: F,,. = (AISC Equation F9-19)

Slender legs: M, = F_. S, (AISC Equation F10-7)
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where
_071E
T (b/r)?

b = full width of leg in compression

(AISC Equation F10-8)

S. = elastic section modulus referred to toe of the leg in
compression

4. Solid Rectangular Bars (AISC F11): The applicable limit states are yield-
ing and LTB for major axis bending; local buckling is not a limit state for
either major or minor axis bending.

a. Bending about the major axis:

L,d 0.08E
r— =,
r F,
M,=M,=F,Z=16M, (AISC Equation F11-1)

where M|, = yield moment = FS,.
0.08E Lyd 19E
< =

2 - 9
Fy t Fy

For

L,d\F, :
M, = C,| 152 - 0274 2 JE M,=M, (AISC Equation F11-2)

E
L,d 19E
For 7 > Ty,
M,=F,S, =M, (AISC Equation F11-3)
where
F = 22 (AISC Equation F11-4)
 Lyd/P

¢t = width of bar (dimension parallel to axis of bending)
d = depth of bar

b. Bending about the minor axis:
M,=M,=F,Z=16M, (AISC Equation F11-1)
where M|, = yield moment = FS,.
5. Solid Circular Bars (AISC F11):
M,=M,=FZ=16M, (AISC Equation F11-1)
(For a circle, Z/S = 1.7 > 1.6, so the upper limit always controls.)

For flexural members not covered in this summary (single angles, other doubly
unsymmetrical shapes, and shapes built up from plate elements), refer to Chapter F
of the AISC Specification. (Shapes built up from plate elements are also covered in
Chapter 10 of this book.)
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PROBLEMS

5.2-1

5.2-2

5.2-3

5.2-4

5.4-1

5.4-2

5.4-3

5.5-1

Bending Stress and the Plastic Moment

A flexural member is fabricated from two flange plates %2 X 7% and a web

plate % X 17. The yield stress of the steel is 50 ksi.

a. Compute the plastic section modulus Z and the plastic moment M, with
respect to the major principal axis.

b. Compute the elastic section modulus S and the yield moment M, with
respect to the major principal axis.

An unsymmetrical flexural member consists of a Y2 X 12 top flange, a V2 X 7
bottom flange, and a % X 16 web.

a. Determine the distance y from the top of the shape to the horizontal
plastic neutral axis.

b. If A572 Grade 50 steel is used, what is the plastic moment M, for the
horizontal plastic neutral axis?

c¢. Compute the plastic section modulus Z with respect to the minor prin-
cipal axis.

Verify the value of Z, for a W18 X 50 that is tabulated in the dimensions
and properties tables in Part 1 of the Manual.

Verify the value of Z, given in the Manual for an S10 X 35.

Classification of Shapes
For W-, M-, and S-shapes with F|, = 60 ksi:

a. List the shapes in Part 1 of the Manual that are noncompact (when used
as flexural members). State whether they are noncompact because of the
flange, the web, or both.

b. List the shapes in Part 1 of the Manual that are slender. State whether
they are slender because of the flange, the web, or both.

Repeat Problem 5.4-1 for steel with F,, = 65 ksi.

Determine the smallest value of yield stress F, for which a W-, M-, or
S-shape from Part 1 of the Manual will become slender. To which shapes
does this value apply? What conclusion can you draw from your answer?

Bending Strength of Compact Shapes

The beam shown in Figure P5.5-1 is a W10 X 77 and has continuous lateral
support. The load P is a service live load. If F, = 50 ksi, what is the max-
imum permissible value of P?
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a. Use LRFD.
b. Use ASD.

< v

I : | : I
| 15 i 15 |

FIGURE P5.5-1

5.5-2 The given beam has continuous lateral support. If the live load is twice the
dead load, what is the maximum total service load, in kips/ft, that can be
supported? A992 steel is used.

a. Use LRFD.

b. Use ASD.

NN EEN NN
- W40 X 149 o

30

FIGURE P5.5-2

5.5-3 A simply supported beam is subjected to a uniform service dead load of
1.0 kips/ft (including the weight of the beam), a uniform service live load
of 2.0 kips/ft, and a concentrated service dead load of 40 kips. The beam
is 40 feet long, and the concentrated load is located 15 feet from the left
end. The beam has continuous lateral support, and A572 Grade 50 steel is
used. Is a W30 X 108 adequate?

a. Use LRFD.
b. Use ASD.

P, =40k

15’ 25’

wp, = 1.0 K/ft

Y
VY Y Y Y Y Y Y Y YYYY oy w, = 2.0 k/ft
Z W30 X 108 %

40’

FIGURE P5.5-3
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5.5-4

5.5-5

5.5-6

5.5-7

5.5-8

The beam shown in Figure P5.5-4 has continuous lateral support of both
flanges. The uniform load is a service load consisting of 50% dead load and
50% live load. The dead load includes the weight of the beam. If A992 steel is
used, is a W12 X 35 adequate?

a. Use LRFD.
b. Use ASD.

TN EEEE
S Ll

i

FIGURE P5.5-4

The beam shown in Figure P5.5-5 is a two-span beam with a pin (hinge)
in the center of the left span, making the beam statically determinate.
There is continuous lateral support. The concentrated loads are service
live loads. Determine whether a W18 X 60 of A992 steel is adequate.

a. Use LRFD.
b. Use ASD.

12k 8k 8k

A C l D

B
O
7 Dnne 72 Z

’4—14’ I 14 14 I 14 14 I 14’*»‘
| 28" 28" 28"

FIGURE P5.5-5
A W12 X 30 of A992 steel has an unbraced length of 10 feet. Using C, = 1.0,
a. Compute L, and L,. Use the equations in Chapter F of the AISC Specifica-
tion. Do not use any of the design aids in the Manual.
b. Compute the flexural design strength, ¢, M,,.
c. Compute the allowable flexural strength M, /Q),.

A W18 X 46 is used for a beam with an unbraced length of 10 feet. Using
F, = 50ksi and C,, = 1, compute the nominal flexural strength. Use the
AISC equations in Chapter F of the Specification. Do not use any of the
design aids in the Manual.

A W18 X 71 is used as a beam with an unbraced length of 9 feet. Use
F, = 65ksiand C}, = 1 and compute the nominal flexural strength. Compute
everything with the equations in Chapter F of the AISC Specification.
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5.5-10

5.5-11

5.5-12
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The beam shown in Figure P5.5-9 is a W36 X 182. It is laterally supported
at A and B. The 300 kip load is a service live load. Using the unfactored
service loads,

a. Compute C,. Do not include the beam weight in the loading.
b. Compute C,. Include the beam weight in the loading.

300 k

l W36 X 182

H %

10 I 10’

20’

FIGURE P5.5-9

If the beam in Problem 5.5-9 is braced at A, B, and C, compute C, for the
unbraced length AC (same as C,, for unbraced length CB). Do not include
the beam weight in the loading.

a. Use the unfactored service loads.
b. Use factored loads.

The beam shown in Figure P5.5-11 has lateral support at a, b, ¢, and d.
Compute C,, for segment b—c.

a. Use the unfactored service loads.

b. Use factored loads.
Py =17k
P, =5k

w, = 0.5 k/ft
w, =0.9k/ft

L

GY Y Y Y Y Y Y YNV VY vvyoya
7 ’ ‘ 7

I 10" I 15’ I 10" I

FIGURE P5.5-11

A W21 X 68 of A992 steel is used as a simply supported beam with a span
length of 50 feet. The only load in addition to the beam weight is a uniform
live load. If lateral support is provided at 10-foot intervals, what is the max-
imum service live load, in kips/ft, that can be supported?

a. Use LRFD.
b. Use ASD.
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5.5-13 The beam shown in Figure P5.5-13 is laterally braced only at the ends. The
30-kip load is a service live load. Use F|, = 50 ksi and determine whether
a W14 X 38 is adequate.

a. Use LRFD.
b. Use ASD.

FIGURE P5.5-13

5.5-14 Repeat Problem 5.5-13 for an MC18 X 58 (Assume that the load is ap-
plied through the shear center so that there is no torsional loading.) Use
F, = 36 ksi

5.5-15 Determine whether a W24 X 104 of A992 steel is adequate for the beam
shown in Figure P5.5-15. The uniform load does not include the weight of
the beam. Lateral support is provided at A, B, and C.

a. Use LRFD.
b. Use ASD.
P, =12k
P, =36k
wD=1k/ft
v w, = 3K/ft
NEEEEEEEEEEEENERY
2 B ,
10’ 20’

30

FIGURE P5.5-15

5.5-16 The beam shown in Figure P5.5-16is laterally braced at A, B, C,and D.Is a
W14 X 132 adequate for F, = 50 ksi?

a. Use LRFD.
b. Use ASD.
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5.6-3

5.6-4

5.8-1

5.8-2

5.8-3
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9’ I 9’ 18’

36’
FIGURE P5.5-16

Bending Strength of Noncompact Shapes

A W12 X 65 is used as a simply supported, uniformly loaded beam with a
span length of 50 feet and continuous lateral support. The yield stress, F),
is 50 ksi. If the ratio of live load to dead load is 3, compute the available
strength and determine the maximum total service load, in kips/ft, that can
be supported.

a. Use LRFD.
b. Use ASD.

A W14 X 99 of A992 steel is used as a beam with lateral support at 10-foot
intervals. Assume that C, = 1.0 and compute the nominal flexural strength.

A built-up shape consisting of two %4 X 18 flanges and a %4 X 52 web is
used as a beam. If A572 Grade 50 steel is used, what is the nominal flex-
ural strength based on flange local buckling? For width—thickness ratio
limits for welded shapes, refer to Table B4.1b in Chapter B of the AISC
Specification, “Design Requirements.”

A built-up shape consisting of two %4 X 16 flanges and a %> X 40 web is used
as a beam with continuous lateral support. If A572 Grade 50 steel is used,
what is the nominal flexural strength? For width—thickness ratio limits for
welded shapes, refer to Table B4.1b in Chapter B of the AISC Specification,
“Design Requirements.”

Shear Strength

Compute the nominal shear strength of an M10 X 7.5 of A572 Grade 65
steel.

Compute the nominal shear strength of an M12 X 11.8 of A572 Grade 65
steel.

The beam shown in Figure P5.8-3is a W16 X 31 of A992 steel and has continu-
ous lateral support. The two concentrated loads are service live loads. Neg-
lect the weight of the beam and determine whether the beam is adequate.
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5.8-4

5.10-1

a. Use LRFD.
b. Use ASD.

60 k 60 k

l l W16 X 31

v

| 6 |

FIGURE P5.8-3

The cantilever beam shown in Figure P5.8-4 is a W16 X 45 of A992 steel.
There is no lateral support other than at the fixed end. Use an unbraced
length equal to the span length and determine whether the beam is ad-
equate. The uniform load is a service dead load that includes the beam
weight, and the concentrated load is a service live load.

a. Use LRFD.
b. Use ASD.
85k
w,, = 100 Ib/ft
EEEREEEEEREEREER

—»1’}47

10’ I
FIGURE P5.8-4
Design
Use A992 steel and select a W-shape for the following beam:
e Simply supported with a span length of 30 feet
e [Laterally braced only at the ends
e Service dead load = 0.75 kips/ft
® The service live load consists of a 34-kip concentrated load at the center
of the span
There is no limit on the deflection.
a. Use LRFD.
b. Use ASD.
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Use A992 steel and select the most economical W shape for the beam in
Figure P5.10-2. The beam weight is not included in the service loads shown.
Do not check deflection. Assume continuous lateral support.

a. Use LRFD.

b. Use ASD.
P,=10k
P, =20k
w, = 3.33 k/ft
v w, = 6.67k/ft
BEEEEEEEEEEREER
10’ 20’

30
FIGURE P5.10-2

Same as Problem 5.10-2, except that lateral support is provided only at the
ends and at the concentrated load.

The beam shown in Figure P5.10-4 has lateral support only at the ends.
The uniform load is a superimposed dead load, and the concentrated load
is a live load. Use A992 steel and select a W-shape. The live load deflec-
tion must not exceed L/360.

a. Use LRFD.
b. Use ASD.
15k
2 k/ft
PEEEEEREEREEERERERY
15’ I 15
30’

FIGURE P5.10-4

The given beam is laterally supported at the ends and at the ; points (points
1,2, 3, and 4). The concentrated load is a service live load. Use Fy = 50 ksi
and select a W-shape. Do not check deflections.

a. Use LRFD.
b. Use ASD.
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10 I 10’

FIGURE P5.10-5

5.10-6 The beam shown in Figure P5.10-6 has lateral support at the ends only.

5.10-7

51141

The concentrated loads are live loads. Use A992 steel and select a shape.
Do not check deflections. Use C, = 1.0 (this is conservative).

a. Use LRFD.
b. Use ASD.
20k 20k

b

7. 7

o

|
FIGURE P5.10-6

The beam shown in Figure P5.10-7 is part of a roof system. Assume that
there is partial lateral support equivalent to bracing at the ends and at mid-
span. The loading consists of 170 1b/ft dead load (not including the weight
of the beam), 100 Ib/ft roof live load, 280 Ib/ft snow load, and 180 Ib/ft
wind load acting upward. The dead, live, and snow loads are gravity loads
and always act downward, whereas the wind load on the roof will always
act upward. Use A992 steel and select a shape. The total deflection must
not exceed L/180.

a. Use LRFD.
b. Use ASD.

EEEREEEEEEREEEEEN
|
|

I 25’

FIGURE P5.10-7

Manual Table 6-2 for Beam Analysis and Design

Use Manual Table 6-2 and ASD to determine whether a W18 X 55 has
enough moment strength for the following conditions:
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Simply supported span length = 20 ft

C,=114
Required unfactored moment strength, M, is 275 ft-kips
F, =50 ksi

Important: Clearly outline your procedure.

5.11-2 Use Manual Table 6-2 and LRFD to select a W shape for the following
conditions:
Simply supported span length = 30 ft
Lateral support only at the ends
The loading consists of a concentrated live load of 25 kips at mid-
span and a uniform dead load (not including the beam weight) of
3 kips/ft
The live load deflection must not exceed L /360
A992 steel is used
Important: Clearly outline your procedure.
Floor and Roof Framing Systems

5.11-3 Use F, = 50 ksi and select a shape for a typical floor beam AB. Assume
that the floor slab provides continuous lateral support. The maximum
permissible live load deflection is L /180. The service dead loads consist of
a 5-inch-thick reinforced-concrete floor slab (normal weight concrete), a
partition load of 20 psf, and 10 psf to account for a suspended ceiling and
mechanical equipment. The service live load is 60 psf.

a. Use LRFD.
b. Use ASD.

|<—4@6’=24’—>|
- H—

v H

AL B U B

FIGURE P5.11-3

5.11-4 Select a W-shape for the following conditions:
Beam spacing = 5 ft-6 in.
Span length = 30 ft
Slab thickness = 4!/ in. (normal-weight concrete)
Partition load = 20 pst
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Weight of ceiling = 5 psf

Live load = 150 psf

F, =50 ksi
The maximum live load deflection cannot exceed L/360.
a. Use LRFD.
b. Use ASD.

5.11-5 Select a W-shape for the following conditions:
Beam spacing = 12 ft
Span length = 25 ft
Slab and deck combination weight = 43 psf
Partition load = 20 psf
Ceiling weight = 5 psf
Flooring weight = 2 psf
Live load = 160 psf
F, = 50ksi
The maximum live load deflection cannot exceed L/360.
a. Use LRFD.
b. Use ASD.

5.11-6 Select a W-shape for the following conditions:
Beam spacing = 10 ft
Span length = 20 ft
Slab and deck weight = 51 psf
Partition load = 20 pst
Miscellaneous dead load = 10 psf
Live load = 80 psf
F, =50 ksi
The maximum live load deflection cannot exceed L/360.
a. Use LRFD.
b. Use ASD.

5.11-7 Select an A992 W-shape for beam AB of the floor system shown in Fig-
ure P5.11-7. In addition to the weight of the beam, the dead load consists of
a 5-inch-thick reinforced concrete slab (normal-weight concrete). The live
load is 80 psf, and there is a 20-psf partition load. The total deflection must
not exceed L/240.

a. Use LRFD.
b. Use ASD.
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5.12-1

5.12-2

5.12-3
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FIGURE P5.11-7

Use LRFD and design a typical girder for the floor system of Problem
5.11-7. Do not check deflections. Assume that the girder is supporting
beams on each side, and assume that the beams weigh 35 1b/ft. Consider
the beam reactions to act as point loads on the girder.

a. Use LRFD.
b. Use ASD.

Same as Problem 5.11-8, but let all the loads on the girder act as a uniform
load (be sure to include the weight of the beams).

Holes in Beams

A W16 X 31 of A992 steel has two holes in each flange for 75-inch-diameter
bolts.

a. Assuming continuous lateral support, verify that the holes must be
accounted for and determine the nominal flexural strength.

b. What is the percent reduction in strength?

A W21 X 48 of A992 steel has two holes in each flange for ¥s-inch-diameter
bolts.

a. Assuming continuous lateral support, verify that the holes must be
accounted for and determine the nominal flexural strength.

b. What is the percent reduction in strength?

A W18 X 35 of A992 steel has two holes in the tension flange for ¥4-inch-
diameter bolts.

a. Assuming continuous lateral support, verify that the holes must be
accounted for and determine the reduced nominal flexural strength.

b. What is the percent reduction in strength?
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5131

5.13-2

5.14-1

5.14-2

5.14-3

5.14-4

5.15-1

Open-Web Steel Joists

A floor system consists of open-web steel joists spaced at 3 feet and spanning
20 feet. The live load is 80 psf, and there is a 4-inch-thick normal-weight re-
inforced concrete floor slab. Other dead load is S psf. Assume that the slab
provides continuous lateral support. Use Figure 5.35 and select a K-series joist.

Use Figure 5.35 and select an open-web steel joist for the following floor
system. The span length is 22 feet and the joist spacing is 4 feet. The loads
consist of a 40 psf live load, a partition load of 20 psf, a slab and metal
deck system weighing 32 psf, and a ceiling and light fixture weight of 5 psf.
Assume that the slab provides continuous lateral support. Is there likely
to be a deflection problem? Why or why not?

Beam Bearing Plates and Column Base Plates

A W14 X 61 must support a concentrated service live load of 85 kips applied
to the top flange. Assume that the load is at a distance of at least half the
beam depth from the support and design a bearing plate. Use F,, = 50 ksi
for the beam and F, = 36 ksi for the plate.

a. Use LRFD.

b. Use ASD.

Design a bearing plate of A36 steel to support a beam reaction consisting
of 28 kips dead load and 56 kips live load. Assume that the bearing plate
will rest on concrete with a surface area larger than the bearing area by an
amount equal to 1 inch of concrete on all sides of the plate. The beam is a
W30 X 99 with F|, = 50 ksi, and the concrete strength is f! = 3 ksi.

a. Use LRFD.

b. Use ASD.

Design a base plate for a W12 X 87 column supporting a service dead load
of 65 kips and a service live load of 195 kips. The support will be a 16-inch X
16-inch concrete pier. Use A36 steel and f) = 3.5 ksi.

a. Use LRFD.

b. Use ASD.

Design a column base plate for a W10 X 33 column supporting a service
dead load of 20 kips and a service live load of 50 kips. The column is sup-
ported by a 12-inch X 12-inch concrete pier. Use A36 steel and f,= 3 ksi.
a. Use LRFD.

b. Use ASD.

Biaxial Bending

A W18 X 55isloaded as shown in Figure P5.15-1, with forces at midspan that
cause bending about both the strong and weak axes. The loads shown are
service loads, consisting of equal parts dead load and live load. Determine
whether the AISC Specification is satisfied. The steel is A572 Grade 50, and
lateral bracing is provided only at the ends. Manual Table 6-2 may be used.
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a. Use LRFD.
b. Use ASD.

30k

l |

% % - <<— 4k

8’ I ]’ —_<— 4k
Section

FIGURE P5.15-1

5.15-2 The 24-kip concentrated load shown in Figure P5.15-2 is a service live
load. Neglect the weight of the beam and determine whether the beam
satisfies the AISC Specification if A992 steel is used. Lateral support is
provided at the ends only. Manual Table 6-2 may be used.

a. Use LRFD.
b. Use ASD.
24k
l W14 X 109
2 N
DR PR

FIGURE P5.15-2

5.15-3 The beam shown in Figure P5.15-3 is a W21 X 68 of A992 steel and has
lateral support only at the ends. Check it for compliance with the AISC
Specification. Manual Table 6-2 may be used.

a. Use LRFD.
b. Use ASD.

J 2
Live load = 4 k/ft

EEEEEEEEEEEEEE

7

I 12’

FIGURE P5.15-3

5.15-4 Check the beam shown in Figure P5.15-4 for compliance with the AISC
Specification. Lateral support is provided only at the ends, and A992 steel

-
A\
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is used. The 15-kip service loads are 30% dead load and 70% live load.
Manual Table 6-2 may be used.

a. Use LRFD.
b. Use ASD.

7 7
I
I

I : | ' | :
3 4 3
I I I

FIGURE P5.15-4

5.15-5 The beam shown in Figure P5.15-5 is simply supported and has lateral sup-
port only at its ends. Neglect the beam weight and determine whether it is
satisfactory for each of the loading conditions shown. A992 steel is used,
and the 1.2 kip/ft is a service live load. Manual Table 6-2 may be used.

a. Use LRFD.

b. Use ASD.

1.2 k/ft

b Y Y v vy vy fWIsX3S
|
|

10’ I
/14 /14
3 3
1.2 k/ft 1.2 k/ft
x Centroid
| — | Se—
(a) (b)

FIGURE P5.15-5

5.15-6 The truss shown in Figure P5.15-6 is part of a roof system supporting
a total gravity load of 40 psf of roof surface, half dead load and half snow.
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Trusses are spaced at 10 feet on centers. Assume that wind load is not
a factor and investigate the adequacy of a W6 X 12 of A992 steel for use
as a purlin. No sag rods are used, so lateral support is at the ends only.
Manual Table 6-2 may be used.

a. Use LRFD.
b. Use ASD.

«im

8 @ 6! OH — OH

FIGURE P5.15-6

5.15-7 The truss shown in Figure P5.15-7 is one of several roof trusses spaced 18
feet apart. Purlins are located at the joints and halfway between the joints.
Sag rods are located midway between the trusses. The weight of the roofing
materials is 15 psf, and the snow load is 20 psf of horizontal projection of the
roof surface. Use LRFD and select a W shape of A992 steel for the purlins.
Manual Table 6-2 may be used.

] NI,

6 @ 15'-0" = 90'-0"

FIGURE P5.15-7
5.15-8 Same as Problem 5.15-7, except that the sag rods are at the third points.
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chapter 6

Beam-Columns

6.1 DEFINITION

hile many structural members can be treated as axially loaded columns or

as beams with only flexural loading, most beams and columns are subjected
to some degree of both bending and axial load. This is especially true of statically
indeterminate structures. Even the roller support of a simple beam can experience
friction that restrains the beam longitudinally, inducing axial tension when trans-
verse loads are applied. In this particular case, however, the secondary effects are
usually small and can be neglected. Many columns can be treated as pure compres-
sion members with negligible error. If the column is a one-story member and can be
treated as pinned at both ends, the only bending will result from minor accidental
eccentricity of the load.

For many structural members, however, there will be a significant amount of
both effects, and such members are called beam—columns. Consider the rigid frame
in Figure 6.1. For the given loading condition, the horizontal members AB and CD
must not only support the vertical uniform load but must also assist the vertical
members in resisting the concentrated lateral load. Therefore, all members of this
frame can be considered beam—columns.

The vertical members of this frame must also be treated as beam-columns.
In the upper story, members AC and BD will bend under the influence of the top
load. In addition, at A and B, bending moments are transmitted from the horizontal
member through the rigid joints. This transmission of moments also takes place at
Cand D and is true in any rigid frame, although these moments are usually smaller
than those resulting from lateral loads. Most columns in rigid frames are actually
beam—columns, and the effects of bending should not be ignored. However, many
isolated one-story columns can be realistically treated as axially loaded compres-
sion members.

Another example of beam—columns can sometimes be found in roof trusses.
Although the top chord is normally treated as an axially loaded compression mem-
ber, if purlins are placed between the joints, their reactions will cause bending,
which must be accounted for. We discuss methods for handling this problem later
in this chapter.

297
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FIGURE 6.1

6.2

INTERACTION FORMULAS

The relationship between required and available strengths may be expressed as

Requiredstrength _

=10 6.1
Available strength ©.1

For compression members, the strengths are axial forces. For example, for LRFD,

“ 0
= I .
cn

and for ASD,

P 1.0
=
P,/Q.

These expressions can be written in the general form

i 1.0
—_— K
PC

where

P, = required axial strength
P_. = available axial strength

If more than one type of resistance is involved, Equation 6.1 can be used to form the
basis of an interaction formula. As we discussed in Chapter 5 in conjunction with
biaxial bending, the sum of the load-to-resistance ratios must be limited to unity. For
example, if both bending and axial compression are acting, the interaction formula
would be

P, M,

—+—=1.0

P. M,
where

M, = required moment strength
= M, for LRFD
= M, for ASD
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M, = available moment strength
= ¢,M, for LRFD

Mﬂ
= —for ASD
Q,

For biaxial bending, there will be two moment ratios:

i M’X+M'y 1.0 6.2
- — 4 ) <
p. \Mm, Mm,) 62)

c cx cy

where the x and y subscripts refer to bending about the x and y axes.

Equation 6.2 is the basis for the AISC formulas for members subject to bend-
ing plus axial compressive load. Two formulas are given in the Specification: one
for small axial load and one for large axial load. If the axial load is small, the axial
load term is reduced. For large axial load, the bending term is slightly reduced. The
AISC requirements are given in Chapter H, “Design of Members for Combined
Forces and Torsion,” and are summarized as follows:

Pr
For — = 0.2,
PC
P M, M
Zry 8< oy ’y> =1.0 (AISC Equation H1-1a)
Pc 9 Mcx Mcy
PI‘
For — < 0.2,
PC
P, + <er + Mry ) =1.0 (AISC Equation H1-1b)
2PC Mcx Mcy

These requirements may be expressed in either LRFD or ASD form.

LRFD Interaction Equations:

For Pu_ 0.2
d)an ,
M M
+ — + =1.0 .
Pu 8 ux uy 6.3
d)an 9 d)anx (;l)any
Pu
For < 0.2,
an
P M M
‘o < w W > =10 (6.4)
2¢an d)anx d)any
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ASD Interaction Equations:

PU
For =0.2,

P,/Q,
P, 8( M, M,,
Q. + 9<Mnx/Qb + Mny/Qb> =1.0 (6.5)
For Pa <02
P/, ’
P M M,
2Pn;9c + <Mnx;;2b + i, /;)b> =10 (6.6)

In Example 6.1, as well as the remaining examples in this chapter, Manual Table 6-2
is used to determine the available axial compressive and flexural strengths. This table
has been covered in Chapters 4 and 5, but its use will be briefly reviewed here.

® TFor compression, enter the middle column with the effective length, L .. The
available strengths for ASD and LRFD are on the same row on the /eft side
of the table below the W-shape designation. The effective length is with re-
spect to the least radius of gyration, r,. For the effective length with respect
to r,, enter the table with L,/(r,/r,). The ratio r,/r, is tabulated on the right
side of the table at the bottom.

® For bending about the x axis, enter the middle column with the unbraced
length, L,. The available strengths for ASD and LRFD are on the same
row on the right side of the table below the W-shape designation. All values
are for C, = 1. For other values of C,, multiply the tabulated value by C,,.
Be sure that C, times the available strength does not exceed the available
strength for M, = M, (the available strength corresponding to L, = 0). For
bending about the y axis, the available strength is given at the bottom of
the table below the shape designation on the /eft side. The available shear
strength is in the same part of the table.

Other useful values are given at the bottom of the table. On the left side, you
will find the available strength in tension yielding and the available strength in ten-
sion rupture (based on A, = 0.75A,. For other values of A,, the tension rupture
strength must be adjusted). On the right side, values include Lp, L, Ag, I, Iy, and ry

Example 6.1

The beam—column shown in Figure 6.2 is pinned at both ends and is subjected to
the loads shown. Bending is about the strong axis. Determine whether this member
satisfies the appropriate AISC Specification interaction equation.
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FIGURE 6.2

LRFD From Manual Table 6-2, the axial compressive design strength of a W10 X 49 with
solution F), = 50ksi and an effective length of L. = K| L. = 1.0 X 17 = 17 feet is

¢ P, = 404 kips

Since bending is about the strong axis, the design moment, ¢, M, , for C, = 1.0 can
be obtained from Manual Table 6-2.

For an unbraced length L, = 17 ft,

¢,M, = 197 ft-kips

For the end conditions and loading of this problem, C, = 1.32 (see Figure 5.15c).
For C;, = 1.32, the design strength is

oM, = C, X 197 = 1.32(197) = 260 ft-kips

This moment is larger than ¢, M, = 227 ft-kips (obtained from Table 6-2 as ¢, M,, for
L, = 0), so the design moment must be limited to ¢, M,,. Therefore,

b, M, = 227 ft-kips

Factored loads:
P,=12P, + 1.6P; = 1.2(35) + 1.6(99) = 200.4 kips
Q,=120, +1.60, = 1.2(5) + 1.6(12) = 25.2 kips

The maximum bending moment occurs at midheight, so

25.2(17
= # = 107.1 ft-kips

u
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Determine which interaction equation controls:
P, 2004

o 204 0.4960 > 0.2 .".Use Equation 6.3 (AISC Eq. H1-1a).

P, ,8( My My \ 2004, 8(107.1
éL, I\¢M,, M, 404 9\ 227
Answer This member satisfies the AISC Specification.

+ 0) —0915<1.0 (OK)

ASD From Table 6-2, the allowable compressive strength of a W10 X 49 with F\, =50ksi
solution and L, = K,L =1.0X 17 = 17 feet is

Fu _ 269 ki
a 1ps

@

Also from Table 6-2, for L, = 17 ft and C, = 1.0,

M 131 1

0, -kips

From Figure 5.15¢, C;, = 1.32. For C;, = 1.32,

M

ng = C, X 131 = 1.32(131) = 172.9 ft-kips
b

This is larger than M), /), = 151 ft-kips, so the allowable moment must be limited
to M, /Q),,. Therefore,

M, _ 151 ft-ki
Q, = -kips

The total axial compressive load is
P,=Pp+ P, =35+ 99 = 134 kips
The total transverse load is
Q,=0p+ 0, =5+12=17kips
The maximum bending moment is at midheight
~17(17)

= 72.25 ft-kips

a

Determine which interaction equation controls:

P, 134 . .
=== > 0. . el
P 0. 269 0.4981 > 0.2 Use Equation 6.5 (AISC Equation H1-1a)
P, 8/ M, M,, 134  8(7225
4+ o =—+ | —+0])=0.923<1.0 OK
P/, 9 <Mnx/Qb M”y/Qb) 269 9\ 151 (OK)

Answer This member satisfies the AISC Specification.



6.3

FIGURE 6.3
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METHODS OF ANALYSIS FOR REQUIRED STRENGTH

The foregoing approach to the analysis of members subjected to both bending and
axial load is satisfactory so long as the axial load is not too large. The presence of
the axial load produces secondary moments, and unless the axial load is relatively
small, these additional moments must be accounted for. For an explanation, refer
to Figure 6.3, which shows a beam—column with an axial load and a transverse
uniform load. At an arbitrary point O, there is a bending moment caused by
the uniform load and an additional moment Py, caused by the axial load acting at
an eccentricity from the longitudinal axis of the member. This secondary moment
is largest where the deflection is largest—in this case, at the centerline, where the
total moment is wL?/8 + P3. Of course, the additional moment causes an additional
deflection over and above that resulting from the transverse load. Because the total
deflection cannot be found directly, this problem is nonlinear, and without knowing
the deflection, we cannot compute the moment.

In addition to the secondary moments caused by member deformation (P-8
moments, shown in Figure 6.4a), additional secondary moments are present when
one end of the member translates with respect to the other. These moments are
called P-A moments and are illustrated in Figure 6.4b. In a braced frame, the mem-
ber ends do not undergo translation, so only the P-6 moments are present. In an
unbraced frame, the additional moment, PA, increases the end moment. The dis-
tribution of moments in the member is therefore a combination of the primary mo-
ment, the P-6 moment, and the P-A moment.

An unbraced rigid frame depends on the transfer of moments at its joints for
stability. For this reason, unbraced frames are frequently referred to as moment
frames. Multistory buildings can consist of a combination of braced frames and
moment frames.

For all but the simplest of structures, a computerized frame analysis is required
to obtain the bending moments and axial loads. The analysis gives the required
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FIGURE 6.4 P P
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strength of members. As covered in Chapter 4 of this book, the available strength of
compression members takes into account member out-of-straightness and inelastic-
ity. The analysis for the required strength should account for the displaced geom-
etry, member out-of-plumbness (deviation from vertical), and inelasticity.

Ordinary structural analysis methods that do not take the displaced geometry
into account are called first-order methods. Iterative analyses that account for these
effects are referred to as second-order methods.

AISC Specification Chapter C, “Design for Stability,” provides three approaches
for determining the required flexural and axial compressive strength: the direct
analysis method, the effective length method, and the first-order analysis method.

1. The direct analysis method is a second-order analysis that considers both
P-6 and P-A effects. As an alternative, an approximate second-order analy-
sis, as given in Appendix 8, can be used. This approach uses amplified first-
order moments and axial loads. Both the second-order analysis and the
approximate second-order analysis are considered direct analysis methods.
In the direct analysis method, member stiffnesses are reduced, and an ef-
fective length factor of K = 1is used both in the analysis and in computing
the available strength from AISC Chapter 4.

2. The effective length method of analysis is covered in Appendix 7. It also
requires a second-order or approximate second-order analysis. Computa-
tion of the corresponding available strength has been discussed in Chapter 4,
“Compression Members.” As the name implies, an effective length factor, K,
must be determined. Member stiffnesses are not reduced.

3. The first-order analysis method is a simplified version of the direct analysis
method that can be used when certain conditions are satisfied. It is covered
in Appendix 7. For the available strength, an effective length factor of K = 1
is used. Member stiffnesses are not reduced.

All columns in real structures are subject to initial displacements that result
from member out-of-plumbness. In each of the three analysis methods, member out-
of-plumbness is accounted for by including fictitious lateral loads, called notional
loads, in the load combinations.



6.4

FIGURE 6.5
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The direct analysis method is the preferred method. If the appropriate soft-
ware is available, a second-order analysis is the method of choice. If a second-
order analysis is not available, the moment amplification method, which is an
acceptable direct analysis approach, can be used. In this book, the results of
structural analyses will be given in all examples and problems. The reader will
not be required to perform an analysis. If the bending moment and axial force
are from a second-order analysis, you can go straight to the interaction equations
from AISC Specification Chapter H. If the required strengths are from first-
order analyses, the moment amplification method, an approximate second-order
analysis given in Appendix 8, can be used. This method will be covered in detail
in the following sections.

THE MOMENT AMPLIFICATION METHOD

The moment amplification method entails computing the maximum bending mo-
ment resulting from flexural loading (transverse loads or member end moments) by
a first-order analysis, then multiplying by a moment amplification factor to account
for the secondary moment. An expression for this factor will now be developed.
Figure 6.5 shows a simply supported member with an axial load and an initial
out-of-straightness. This initial crookedness can be approximated by

. TX
=eSsimn——
y() L

where e is the maximum initial displacement, occurring at midspan. For the coordi-
nate system shown, the moment—curvature relationship can be written as
d’y M

d®  EI

The bending moment, M, is caused by the eccentricity of the axial load, P, with
respect to the axis of the member. This eccentricity consists of the initial crooked-
ness, y,, plus additional deflection, y, resulting from bending. At any location, the
moment is

M =P(yy+y
y
Yo
PW«—P—»X

N N N

<—L_>‘ y Y max

L2 L2
B L
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Substituting this equation into the differential equation, we obtain

dzy P sin m* +

22 2 esint

dx*  EI L’
Rearranging gives

dy P Pe . mx
dx* EI EI L

which is an ordinary, nonhomogeneous differential equation. Because it is a second-
order equation, there are two boundary conditions. For the support conditions
shown, the boundary conditions are

Atx=0,y=0andatx=L,y=0.

That is, the displacement is zero at each end. A function that satisfies both the dif-
ferential equation and the boundary conditions is

mX
= Bsin —
y sin —

where B is a constant. Substituting into the differential equation, we get

—TiB sinlx+ iB sinlx— —&sinlx
L2 L EI L EI L

Solving for the constant gives

_Pe
EI -
B _ e e
P _m  _mE P
EI I? PL> P
where
mEl .
P, = —— = the Euler buckling load
L
y=Bsin—=|—2% |sn™
4 L |emp -1
M = P(y, +y)

Cplesin™ | € Al
= €SIIlL (Pe/P) 1 Sll’lL
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The maximum moment occurs at x = L/2:

e
Mm:PP*wﬂv—J
[Py 141
‘&[&m—l}

1
:%L—wm}

where M, is the unamplified maximum moment. In this case, it results from initial
crookedness, but in general, it can be the result of transverse loads or end moments.
The moment amplification factor is therefore

b

1-(F/P)
Because the member deflection corresponds to a buckled shape, the axial load cor-
responds to a failure load—that is, a load corresponding to an LRFD formulation.
Therefore, the amplification factor should be written as

1

1= (PP €7

where P, is the factored axial load. The form shown in Expression 6.7 is appropriate
for LRFD. For ASD, a different form, to be explained later, will be used.

As we describe later, the exact form of the AISC moment amplification factor
can be slightly different from that shown in Expression 6.7.

Example 6.2

Use Expression 6.7 to compute the LRFD amplification factor for the beam-
column of Example 6.1.

Solution Since the Euler load P, is part of an amplification factor for a moment, it must
be computed for the axis of bending, which in this case is the x-axis. In terms of
effective length, the Euler load can be written as

P wEl _ mEl. 7%(29,000)(272)
(L) (KL (10X 17 X 12)?2

= 1871 kips

From the LRFD solution to Example 6.1, P, = 200.4 kips, and

1 1
1—(P,/P,) 1— (200.4/1871)

=112
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Answer

6.5

which represents a 12% increase in bending moment. The amplified primary LRFD
moment is

112 X M, = 1.12(107.1) = 120 ft-Kips

Amplification factor = 1.12.

BRACED VERSUS UNBRACED FRAMES

As explained in Section 6.3, “Methods of Analysis for Required Strength,” there
are two types of secondary moments: P-8 (caused by member deflection) and P-A
(caused by the effect of sway when the member is part of an unbraced frame [mo-
ment frame]). Because of this, two amplification factors must be used. The AISC
Specification covers this in Appendix 8, “Approximate Second-Order Analysis.”
The approach is the same as the one used in the ACI Building Code for reinforced
concrete (ACI, 2014). Figure 6.4 illustrates these two components of deflection. In
Figure 6.4a, the member is restrained against sidesway, and the maximum second-
ary moment is P8, which is added to the maximum moment within the member. If
the frame is actually unbraced, there is an additional component of the secondary
moment, shown in Figure 6.4b, that is caused by sidesway. This secondary moment
has a maximum value of PA, which represents an amplification of the end moment.

To approximate these two effects, two amplification factors, B, and B,, are
used for the two types of moments. The amplified moment to be used in design is
computed from the loads and moments as follows (x and y subscripts are not used
here; amplified moments must be computed in the following manner for each axis
about which there are moments):

M,= BM,, + B,M,, (AISC Equation A-8-1)
where

M, = required moment strength
= M, for LRFD
= M, for ASD

M,,, = maximum moment assuming that no sidesway occurs, whether the frame
is actually braced or not (the subscript nt is for “no translation”). M, will
be a factored load moment for LRFD and a service load moment for
ASD.

M, = maximum moment caused by sidesway (the subscript ¢t is for “lateral
translation”). This moment can be caused by lateral loads or by unba-
lanced gravity loads. Gravity load can produce sidesway if the frame is
unsymmetrical or if the gravity loads are unsymmetrically placed. M,,
will be zero if the frame is actually braced. For LRFD, M, will be a
factored load moment, and for ASD, it will be a service load moment.
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B, = amplification factor for the moments occurring in the member when it
is braced against sidesway (P-6 moments).

B, = amplification factor for the moments resulting from sidesway
(P-A moments).

In addition to the required moment strength, the required axial strength must
account for second-order effects. The required axial strength is affected by the
displaced geometry of the structure during loading. This is not an issue with mem-
ber displacement (8), but it is with joint displacement (A). The required axial com-
pressive strength is given by

P, =P, + B,P, (AISC Equation A-8-2)
where

P,, = axial load corresponding to the braced condition
P, = axial load corresponding to the sidesway condition

We cover the evaluation of B, and B, in the following sections.

MEMBERS IN BRACED FRAMES

The amplification factor given by Expression 6.7 was derived for a member braced
against sidesway—that is, one whose ends cannot translate with respect to each
other. Figure 6.6 shows a member of this type subjected to equal end moments pro-
ducing single-curvature bending (bending that produces tension or compression
on one side throughout the length of the member). Maximum moment amplifica-
tion occurs at the center, where the deflection is largest. For equal end moments,
the moment is constant throughout the length of the member, so the maximum
primary moment also occurs at the center. Thus the maximum secondary moment
and maximum primary moment are additive. Even if the end moments are not
equal, as long as one is clockwise and the other is counterclockwise there will be

P
My

My B -
% My + Pb
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FIGURE 6.7
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single-curvature bending, and the maximum primary and secondary moments will
occur near each other.

That is not the case if applied end moments produce reverse-curvature bending
as shown in Figure 6.7. Here the maximum primary moment is at one of the ends,
and maximum moment amplification occurs between the ends. Depending on the
value of the axial load P, the amplified moment can be either larger or smaller than
the end moment.

The maximum moment in a beam—column therefore depends on the distribu-
tion of bending moment within the member. This distribution is accounted for by
a factor, C,,, applied to the amplification factor given by Expression 6.7. The am-
plification factor given by Expression 6.7 was derived for the worst case, so C,, will
never be greater than 1.0. The final form of the amplification factor is

C
B =——"42" =1 AISCE tion A-8-3
LT @ Py (AISC Equation A-8-3)
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where

P, = required unamplified axial compressive strength (P,, + P,,)
= P, for LRFD
= P, for ASD

a = 1.00 for LRFD
= 1.60 for ASD

B T EI
(Lcl)2
EI" = flexural rigidity

P, (AISC Equation A-8-5)

In the direct analysis method, EI” is a reduced stiffness obtained as
EI' = 0.87,EI (6.8)

where
7, = a stiffness reduction factor

aP
= 1.0 when P7r =05 (AISC Equation C2-2a)

aP
= (ar> <1 - Olr) when P7r > 0.5 (AISC Equation C2-2b)
where

P, = cross-section compressive strength
= F A, for nonslender cross sections
= F,A, for slender cross sections

This stiffness reduction factor is the same one used in Chapter 4 in connection with
the alignment charts for inelastic columns. Under certain conditions, 7, can be taken
as 1.0 even when aP,/P,; > 0.5. As mentioned in Section 6.3, acceptable frame
analysis methods, including the direct analysis method, require the application of
notional loads to account for initial out-of-plumbness of columns. AISC C2.3(c) per-
mits the use of 7, = 1.0 if a small additional notional load is included. In this book, we
assume that that is the case, and we will use 7, = 1.0. Keep in mind that in this book,
we do not perform any structural analyses; we only use the results of the analyses.

In the effective length and first-order methods, the flexural rigidity is unreduced,
and EI' = EI. The moment of inertia I and the effective length L, are for the axis of
bending, and L, = L unless a more accurate value is computed (AISC Appendix 7).
Note that the subscript 1 corresponds to the braced condition and the subscript 2 cor-
responds to the unbraced condition.

Evaluation of C,,
The factor C,, applies only to the braced condition. There are two categories of
members: those with transverse loads applied between the ends and those with no
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transverse loads. Figure 6.8b and c illustrate these two cases (member AB is the
beam—column under consideration).

1. If there are no transverse loads acting on the member,

M
C, =06~ 0.4<Ml> (AISC Equation A-8-4)
2

M,/M, is a ratio of the bending moments at the ends of the member. M, is
the end moment that is smaller in absolute value, M, is the larger, and the
ratio is positive for members bent in reverse curvature and negative for single-
curvature bending (Figure 6.9). Reverse curvature (a positive ratio) occurs
when M, and M, are both clockwise or both counterclockwise.

2. For transversely loaded members, C,, can be taken as 1.0. A more refined
procedure for transversely loaded members is provided in the Commentary
to Appendix 8 of the Specification. The factor C,, is given as

aP
C,=1+ \If< » > (AISC Equation C-A-8-2)
el

The factor W has been evaluated for several common situations and is given
in Commentary Table C-A-8.1.

FIGURE 6.8 ¢ ¢ \L

N A\

(b) Braced (no (¢) Braced (with
transverse loads) transverse loads)
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But ¢, M,, = 356 ft-kips (obtained from Table 6-2 as ¢, M,, for L, = 0) < 366 ft-kips,
therefore use ¢, M,, = 356 ft-kips. (Since a W12 X 65 is noncompact for F,, = 50 ksi,
356 ft-kips is the design strength based on FLB rather than full yielding of the cross
section.) The factored load moments are

M,, =824 ftkips M, =0
From AISC Equation A-8-1, the required moment strength is
M,=M,=B/M,, + B,M, =1023(82.4) + 0 = 84.30 ft-kips = M,,,
From Equation 6.3 (AISC Equation H1-1a),

P, 8 M, Dtk 8 (8430
a= + =06131+-—=+0)=084<10 (OK
¢an 9 <¢anx ¢any> 9 < 356 > ( )

Answer The member is satisfactory.

ASD The service loads, computed from load combination 2, are shown in Figure 6.12.
solution Determine which interaction formula to apply. The required compressive strength is

P,=P,=P, + B,P, =280+ 0=280kips (B, =0 for abraced frame)

From Table 6-2, for L, = 14 feet, the axial compressive strength of a W12 X 65 is

Py 456 ki
Q, = 1ps
Po 280 _ 0.6140 > 0.2 . Use Equation 6.5 (AISC Equation H1-1a)
P /0. 456 . . S q . q .
FIGURE 6.12 280 k
1Y 47k
- . 47
3.5
A 49
14" wizx 65| B % >
3.5
C 53
3.5
X -l 55
W Sk Moment (fi-k)
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In the plane of bending,
P wEl _ mEL_ 7%(29,000)(533)
T (La) (L)’ (4x127

= 5405 Kips

C,=06-04 My =0.6-04 47 = 0.9418
= 0. N\, X ! 55 .

B, = C, C, 0.9418

- 1- (aPr/Pe]) . 1- (160Pa/Pel) - 1-— (160 X 280/5405) =1.027

Next, from Table 6-2 with C;, = 1.0 and L, = 14 feet, the moment strength is
M = 230 ft-kips
Q,
For the actual value of C;, refer to the moment diagram of Figure 6.12:
5 12.5M

25M, +3M, + 4My + 3M

- 12.5(55)
T 2.5(55) + 3(49) + 4(51) + 3(53)

Cp

= 1.062
M, :
0. C,(230) = 1.062(230) = 244.3 ft-kips.
b
But M, /€, = 237 ft-Kips (from Table 6-2 with L, = 0) < 244.3 ft-Kips, so use M, /), =
237 ft-kips.

(Since a W12 X 65 is noncompact for F,, = 50 ksi, 237 ft-Kips is the strength based on
FLB rather than full yielding of the cross section.) The unamplified moments are

M, =55 ft-kips M, =0
From AISC Equation A-8-1, the required moment strength is

M,=M,= B\M,, + B,M, = 1.027(55) + 0 = 56.49 ft-kips = M,

X
From Equation 6.5 (AISC Equation H1-1a),

P, 8 ( M, M,, >_280 8 (56.49

+ 7 40)=0826<10 (OK
M,./Q M, /Q, 237 > (OK)

+
P/, 9

="
456 9

Answer The member is satisfactory.
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Note that the value of C, is nearly the same regardless of whether factored or
unfactored moments are used.

Example 6.4

The horizontal beam—column shown in Figure 6.13 is subject to the service live loads
shown. This member is laterally braced at its ends, and bending is about the x-axis.
Check for compliance with the AISC Specification. K, = K|, = 1.0.

The factored axial load is
P, =1.6(28) = 44.8 kips

The factored transverse loads and bending moment are
Q, = 1.6(28) = 44.8 kips
w, = 1.2(0.035) = 0.042 kips/ft

44.8(10)  0.042(10)?
w, - 4500 00820

= 112.5 ft-kips

This member is braced against sidesway, so M,, = 0.

Compute the moment amplification factor: For a member braced against sidesway
and transversely loaded, C,, can be taken as 1.0. A more accurate value can be found
in the Commentary to AISC Appendix 8:

aP
C,=1+ \I’( 5 ) (AISC Equation C-A-8-2)
el

From Commentary Table C-A-8.1, ¥ = —0.2 for the support and loading conditions
of this beam—column. For the axis of bending,

P w2El  wEl. 7%(29,000)(127)
La)? (KLY (10 x 12y

C =1+ w2 21— o200} _ g oo 248 _ 9965
me P,) “\p, ) “\2524)

= 2524 kips




318 Chapter 6: Beam-Columns

Answer

ASD
solution

The amplification factor is

C C 0.9965
B, = = = = = =1.015
1— (aP,/P,)) 1-(100P,/P,) 1 — (44.8/2524)

The amplified bending moment is

M,=B /M, + B,M, =1.015(112.5) + 0 = 114.2 ft-kips
From Manual Table 6-2, for L, = 10 ft and C), = 1,

¢, M, = 123 ft-kips

Because the beam weight is very small in relation to the concentrated live load, C,
may be taken from Figure 5.15c as 1.32. This value results in a design moment of

b, M, = 1.32(123) = 162.4 ft-Kips

This moment is greater than ¢, M, = 130 ft-kips, so the design strength must be
limited to this value. Therefore,

¢, M, = 130 ft-kips
Check the interaction formula: From Manual Table 6-2, for L, = 10 ft,

¢ P, = 359 kips
Py 448

oP 350 0.1248 < 0.2 .. Use Equation 6.4 (AISC Equation HI-Ib).
P, M,, Wl 0.1248 (1142
+ + = <F +0
20.P,  \$M,,  dM,, 2 130

—0941<1.0 (OK)

A W8 X 35 is adequate.

The applied axial load is
P, =28 kips
The applied transverse loads are
Q, = 28 kips and w, = 0.035 kips/ft

and the maximum bending moment is

28(10)  0.035(10)?
mT Ty g

= 70.44 ft-kips

The member is braced against end translation, so M,, = 0.
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Compute the moment amplification factor: For a member braced against sides-
way and transversely loaded, C,, can be taken as 1.0. A more accurate value can be
found in the Commentary to AISC Appendix 8:

aP
C,=1+ \If( = ’) (AISC Equation C-A-8-2)
el

From Commentary Table C-A-8.1, ¥ = —0.2 for the support and loading conditions

of this beam—column. For the axis of bending,

b wEl _ mEL 7%(29,000)(127)
Ly (KLY (10X 120

aP 1.60P 1.60 X 28
C =1+v¥[—L)=1-02 ) =1-02( —=—) =0.9965
" <Pe1> < Pel ) < 2524 )

B Cmn Con _ 0.9965
11— (aP,/P,) 1—(160P,/P,) 1— (160 X 28/2524)

= 2524 kips

=1.015

M, = BM,, = 1.015(70.44) = 71.50 ft-kips
From Table 6-2 with C, = 1.0 and L, = 10 feet, the moment strength is

MI‘Z .
(Tb = 82.0 ft-kips

Because the beam weight is very small in relation to the concentrated live load, C,
may be taken from Figure 5.15c as 1.32. This results in an allowable moment of

M,
= =1.32(82.0) = 108.2 ft-kips
Qb

q 0 MP Mn MP 9
This result is larger than — = 86.6; therefore, use — = — = 86.6 ft-kips.
Q, Q, Q
Compute the axial compressive strength: From Table 6-2, for L. = 10 ft,
Pu_ 238 ki
Q- ips

@

Determine which interaction formula to use:

P 28
Pn/;)c =38 0.1176 < 0.2 .. Use Equation 6.6 (AISC Equation H1-1b).
P, M, M, 0.1176  (71.50
+ + = + +0
2P, /Q, M/, M, /Q, 2 86.6

—0884<10 (OK)
Answer The W8 X 35 is adequate.
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FIGURE 6.14

LRFD
solution

Example 6.5

The member shown in Figure 6.14 is a W12 X 65 of A572 Grade 50 steel. First-order
analyses were performed with reduced member stiffnesses. The approximate second-
order analysis method of AISC Appendix 8 can be used, making this a direct analysis
method. For LRFD, the analysis results for the controlling factored load combination
are P,, = 300 kips, M,,,, = 135 ft-kips, and M,,,, = 30 ft-kips. For ASD, the analysis
results for the controlling load combination are P,, = 200 kips, M, = 90 ft-kips, and
M,,, = 20 ft-kips. Use K, = 1.0, and investigate this member for compliance with the
AISC Specification.

0

R —

, W12 X 65
15 A572 Grade 50 steel

Compute the strong axis bending moments:

C =06-04 M,
mx_ . . M

> = 0.6 — 0.4(0) = 0.6
2

Since a modified flexural rigidity, EI", was used in the frame analysis, it must also be
used in the computation of P,;. From Equation 6.8,
EI' = 0.87, EI = 0.8(1.0)EI = 0.8EI
(In this book, we assume that the requirements for using 7, = 1.0 have been met.)
L,=L,=K,.L=10(5X12) =1801in.
~ @El' 7 (08EL)  7%(0.8)(29,000)(533)
L) Ta) (180)?
B Conx B Conx B 0.6
* 1-(apP,/P,,) 1-(1.00P,P,, 1-(300/3767)
=0.652<1.0 .. Use By, = 1.0.

= 3767 kips

B,
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The required moment strength is
M, =M, =B .M, + B, M, =10(35)+ 0=135.0ft-kips
From Table 6-2 with C;, = 1.0 and L, = 15 feet, the moment strength is
épM,, = 340 ft-kips and ¢, M, = 356 ft-kips
From Figure 5.15g, C;, = 1.67 and
C, X (¢p,M,, for C, = 1.0) = 1.67(340) = 567.8 ft-kips
This result is larger than ¢, M,

« therefore, use ¢, M, = ¢, M, = 356 ft-kips.

Compute the weak axis bending moments:

C. =06-04 M, = 0.6 — 0.4(0) = 0.6
=0 A3, ) =0 4(0) = 0.

_ e _™O8EL)  72(0.8)(29,000)(174)

_ _ — 1230 kips
WT(LL? (KL (1.0 X 15 x 12)? ®
where L, = K\L = K, L.
Cmy Cmy 0.6

B, = = =
Y1~ (aP,/Py,) 1 (LOOP,/P,,) 1 - (300/1230)

=0.794<1.0 .. UseB;, = 1.0.
The required moment strength is
M,=M,, = B\,M,,, + B, M, = 1.0(30) + 0 = 30 ft-kips

From Table 6-2, ¢,M,,, = 161 ft-kips.

Because the flange of this shape is noncompact (see footnote in the dimensions
and properties table), the weak axis bending strength is limited by FLB (see Sec-
tion 5.15 of this book and Chapter F of the AISC Specification). This is accounted
for in the Table 6-2 value.

The required axial compressive strength is

pP.=P,=P, + B,P, =300+ 0= 300 kips
and the axial compressive design strength from Table 6-2 is

¢ P, = 663 kips
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Determine which interaction formula to use:

P, 300
o.P. = o3 0.4525 > 0.2 .. Use Equation 6.3 (AISC Equation H1-1a).

P M M,
w B M, Tw ) 454 3(135, 30
6P, I\OM,. M, 9\356 ' 161

ctn

—0955<10 (OK)
Answer The W12 X 65 is satisfactory.

ASD Compute the strong axis bending moments:
solution

Ml
C,.=06—04[ —1]=06—040) =06
M2

Since a modified flexural rigidity, EI", was used in the frame analysis, it must also
be used in the computation of P,;. From Equation 6.8,

EI" = 0.87, EI = 0.8(1.0)EI = 0.8EI

_ Bl _mO8EL) _ P08)2900)(S33) _
TKLE T (KL (L0OX15x 122 1

B — me _ me _ 06
¥ 1—(aP,/P,,) 1-(160P,/P,) 1— (160X 200/3767)

=0.656 <10 .. UseB;, = 1.0.
M,=M, =B M, + B, M, =1000)+ 0 =90 ft-kips

From Table 6-2 with C, = 1.0 and L, = 15 feet, the moment strength is

nx

M,,
= 226 ft-kips and —— = 237 ft-kips
b Q,

From Figure 5.15g, C;, = 1.67 and

M}’LX _ _ _ .
C, X Q—bfor C, = 1.0 | = 1.67(226) = 377.4 ft-kips

M M M
This result is larger than Qipx; therefore, use —— = P _ 237 ft-kips.

b b b
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Compute the weak axis bending moments:

C =06—04 M, = 0.6 — 0.4(0) = 0.6
=06 -04( 37 ) = 0. 4(0) = 0.

2t m(0.8EL)  72(0.8)(29.000)(174
P, = mEl i (0.8)( )(174) = 1230kips
YKL (KLY (1.0 X 15 X 12)?
_ my _ Cmy _ 0.6
YT 1—(aP,/P,,) 1 - (L60P,/P,,) 1— (160X 200/1230)

=0.811<1.0 ..UseB;, =10.

B,

M, = May = Blmey 4+ BzyM&y = 1.0(20) + 0 = 20 ft-kips
From Table 6-2,
M,,/Q, = 107 ft-kips

Because the flange of this shape is noncompact, the weak axis bending strength
is limited by FLB (see Section 5.15 of this book and Chapter F of the AISC
Specification). This is accounted for in the Table 6-2 value.

The required axial compressive strength is

P, =P, + B,P, =200 + 0 = 200 kips

For L, = 1.0(15) = 15 feet, the allowable compressive strength from the column
load tables is

Er 441 ki
a 1ps

C
Check the interaction formula:
P, ~ 200

P /Q, 441

P M, M,
ot 8( oy ) = 0.4535 + 8<90 + 20)
PO, 9\M, /0, M,/0, 9\237 * 107

0957 <10 (OK)

=0.4535>02 .. Use Equation 6.5 (AISC Equation H1-1a).

Answer The W12 X 65 is satisfactory.

6.7 MEMBERS IN UNBRACED FRAMES

In a beam—column whose ends are free to translate, the maximum primary moment
resulting from the sidesway is almost always at one end. As was illustrated in Fig-
ure 6.4, the maximum secondary moment from the sidesway is always at the end.
As a consequence of this condition, the maximum primary and secondary moments
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FIGURE 6.15
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are usually additive and there is no need for the factor C, ; in effect, C,, = 1.0.
Even when there is a reduction, it will be slight and can be neglected. Consider the
beam-column shown in Figure 6.15. Here the equal end moments are caused by the
sidesway (from the horizontal load). The axial load, which partly results from loads
not causing the sidesway, is carried along and amplifies the end moment. The ampli-
fication factor for the sidesway moments, B,, is given by

1
B, = =1 (AISC Equation A-8-6)
1— aPstory
Pe story
where

a = 1.00 for LRFD
= 1.60 for ASD

P = sum of required load capacities for all columns in the story under

story
consideration (factored for LRFD, unfactored for ASD)
P, yory = total elastic buckling strength of the story under consideration
This story buckling strength may be obtained by a sidesway buckling analysis or as
HL
Poory = R My (AISC Equation A-8-7)
H
where
Pong .
Ry=1- 0.15P (AISC Equation A-8-8)

story
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P, = sum of vertical loads in all columns in the story that are part of moment

frames
L = story height
A, = interstory drift = drift (sidesway displacement) of the story under

consideration
H = story shear = sum of all horizontal forces causing A

Note that, if there are no moment frames in the story, P,,,= 0 and R, = 1.0. If all of the
columns in the story are members of moment frames, then P, = Py, and R, = 0.85.
The rationale for using the total story load and strength is that B, applies to
unbraced frames, and if sidesway is going to occur, all columns in the story must
sway simultaneously. In most cases, the structure will be made up of plane frames,
80 Pyory and P, g, are for the columns within a story of the frame, and the lateral
loads H are the lateral loads acting on the frame at and above the story. With A,
caused by H, the ratio H/A,; can be based on either factored or unfactored loads.
In situations where M, , and M, act at two different points on the member, as in
Figure 6.4, AISC Equation A-8-1 will produce conservative results.
Figure 6.16 further illustrates the superposition concept. Figure 6.16a shows
an unbraced frame subject to both gravity and lateral loads. The moment M,, in

FIGURE 6.16 ¢ A
| —
Y o
H—> e — - H > == ]
A i == \ | ]
! \ i ]
1 \ i I
1 1
6: || | !
= | | | + ’l !
|\ ,‘ { ’I
! ! ! |
\ | / !
& & & & & &
Mnt My
(a)
A=
¢ ¢ AR AIR
A S — —

oy
!

%m
=
e
o
=
-

M,
(b)



326 Chapter 6: Beam-Columns

LRFD
solution

member AB is computed by using only the gravity loads. Because of symmetry, no
bracing is needed to prevent sidesway from these loads. This moment is amplified
with the factor B, to account for the P effect. M, the moment corresponding to the
sway (caused by the horizontal load H), will be amplified by B, to account for the
PA effect.

In Figure 6.16b, the unbraced frame supports only a vertical load. Because of
the unsymmetrical placement of this load, there will be a small amount of sidesway.
The moment M, is computed by considering the frame to be braced—in this case,
by a fictitious horizontal support and corresponding reaction called an artificial
joint restraint (AJR). To compute the sidesway moment, the fictitious support is
removed, and a force equal to the artificial joint restraint, but opposite in direction,
is applied to the frame. In cases such as this one, the secondary moment PA will be
very small, and M, can usually be neglected.

If both lateral loads and unsymmetrical gravity loads are present, the AJR
force should be added to the actual lateral loads when M, is computed.

As an alternative to this approach, two structural analyses can be performed
(Gaylord et al., 1992). In the first, the frame is assumed to be braced against
sidesway. The resulting moments are the M,, moments. A second analysis is per-
formed in which the frame is assumed to be unbraced. The results of the first ana-
lysis are subtracted from the second analysis to obtain the M, moments.

Example 6.6

A W12 X 65 of A992 steel, 15 feet long, is to be investigated for use as a column in an
unbraced frame. The axial load and end moments obtained from a first-order analysis
of the gravity loads (dead load and live load) are shown in Figure 6.17a. The frame is
symmetrical, and the gravity loads are symmetrically placed. Figure 6.17b shows the
wind load moments obtained from a first-order analysis. Both analyses were performed
with reduced stiffnesses of all members. All bending moments are about the strong axis.
If the moment amplification method is used, then we can consider this to be the direct
analysis method, and the effective length factor K, can be taken as 1.0. Use K|, = 1.0.
Determine whether this member is in compliance with the AISC Specification.

All the load combinations given in Chapter 2 involve dead load, and except for the
first one, all combinations also involve either live load or wind load or both. If load
types not present in this example (L,, S, and R) are omitted, the load combinations
can be summarized as

Combination 1: 1.4D

Combination 2: 1.2D + 1.6L
Combination 3: 1.2D + (0.5L or 0.5W)
Combination 4: 1.2D + 1.0W + 0.5L
Combination 5: 09D + 1.0W
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The dead load is less than eight times the live load, so combination (1) can be ruled
out. Load combination (4) will be more critical than (3), so combination (3) can
be eliminated. Finally, combination (5) should be investigated for an overturning
effect. The combinations to be investigated are therefore

Combination 2: 1.2D + 1.6L
Combination 4: 1.2D + 1.0W + 0.5L
Combination 5: 09D + 1.0W

Combination (5) will be investigated first. We will consider compression to be posi-
tive. For a wind direction that produces uplift,

0.9D — 1.0W = 0.9(85) — 1.0(56) = 20.5 kips

The positive result means that the net load is compressive, and we need not con-
sider this load combination further. Figure 6.18 shows the axial loads and bending
moments calculated for combinations (2) and (4).

From Table 6-2, with L, = KL = 1.0(15) = 15 ft, ¢_.P, = 663 kips.

Load Combination 2: P,, = 454 kips, M,, = 104.8 ft-kips, P, = 0, and M, = 0
(because of symmetry, there is no sidesway). The bending factor is

. =06 04(1) = 0.6 0422 ) = 02565
mo 0 M) T T 1048)

For the axis of bending,

_mEl _ mEl _ mEIl;
L) (KLY (KLY
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The required axial compressive strength is
P.=P,=P, + B,P, =454 + 0 = 454 kips
From Table 6-2, with L, = 15 feet,
¢, M, = 340 ft-kips (for C, = 1.0)
$,M,, = 356 ft-Kips

Figure 6.19 shows the bending moment diagram for the gravity-load moments. (The
computation of C, is based on absolute values, so a sign convention for the diagram
is not necessary.) Hence,

12.5M
C, =
b 25M,, +3M, + 4My + 3M
N 12.5(104.8) ooy
2.5(104.8) + 3(41.30) + 4(7.400) + 3(56.10)
For C, = 2.24,
M, = 2.24(340) > ¢,M,, = 356 kips . Use ¢, M, = 356 ft-kips.
FIGURE 6.19
Determine the appropriate interaction equation:
Pu 454 0.6848 > 0.2 .. Use Equation 6.3 (AISC Equation H1-1a)
6P 663 ; 5 RS q . q -1a).
Pu 8 Mux oy —0.6848 + S(1948 L 0} _ 0046 < 1.0 (OK)
d P, NbM, &M, ' 9\ 356 ‘ ‘

Load combination 4: P,, = 212 kips, M,, = 47.6 kips, P, = 56 kips, and M, =
132 ft-kips. For the braced condition, B, = 0 and

M, 40.5
C,=06—-04(—)=0.6—04{——] = 0.2597
n=0s-0a(5z) =0s-04( )

P, = 3767kips (P,, is independent of the loading condition)
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B. = Cm . Cm
! 1- (aPr/Pel) 1- a[(Pnt + P€t)/Pe1]
0.2597

T 1 - 1.0[(212 + 58)1/3767

= 0.280 < 1.0 . Use B; = 1.0.

For the unbraced condition, the amplification factor for sidesway, B,, must
be computed. This requires a knowledge of the properties of all the columns in the
story, as well as H and Ay, so that Py, and P, ., can be computed. Since these
quantities are not available in this example, we will assume that the ratio of P, to

P is the same as the ratio for the column under consideration. That is,

story

e story
Psory P, 212
Pe story Pel 3767
Then from AISC Equation A-8-6,
1 1
B, = . aPyory . 1.0(212) 1.060
Pe story 3767

The amplified axial load is
P.=P,=P, + B,P, =212 + 1.060(56) = 271.4 kips
The total amplified moment is
M,=M,=BM, + B,M, =1.0(47.6) + 1.060(132) = 187.5 ft-kips

Although the moments M,, and M, are different, they are distributed similarly, and
C, will be roughly the same; at any rate, they are large enough that ¢, M. , = 356 ft-kips
will be the design strength regardless of which moment is considered.

P, 2714

oP o3 0.4094 > 0.2 .. Use Equation 6.3 (AISC Equation H1-1a).

P, g( M, M,, ) 8 <187.5>
+ — + =04094 + —| ——]=0878<1.0 (OK
‘ban 9 d)anx qbeny 9\ 356 ( )

Answer This member satisfies the AISC Specification requirements.

ASD The ASD load combinations from Chapter 2 can be reduced to the following possi-
solution bilities after the elimination of all loads other than dead, live, and wind:

Load combination 2: D+ L

Load combination 5: D + 0.6W

Load combination 6: D + 0.75L + 0.75(0.6W)
Load combination 7: 0.6D + 0.6W
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Combination 7, which is a check for a change in load direction or overturning, will
be investigated first. We will consider compression to be positive. For a wind direc-
tion that would produce uplift,

0.6D — 0.6W = 0.6(85) — 0.6(56) = 17.4 kips

The positive result means that the net load is compressive, and we need not con-
sider this load combination further. Figure 6.20 shows the calculated axial load and
moments for combinations 2, 5, and 6.

FIGURE 6.20 305 k
Y 60ftk

N } 70 ft-k

Gravity (D + L)

(a) Load combination 2 (D + L)

85k
(\ 15 ft-k

\j 18 ft-k

Gravity (D)

250k

p

N

N 48.75 ft-k

/A 57 ft-k

Gravity (D + 0.75L)
(¢) Load combination 6 [D + 0.75L + 0.75(0.6 W)]

33.6k
YD 792 ftk

\/A 79.2 ft-k

Wind (0.6 W)

(b) Load combination 5 (D + 0.6 W)

252k
¥ 594 fik

N /A 59.4 ft-k

Wind [0.75(0.6 W)]
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Load Combination 2: P, = 305 kips, M,, = 70 ft-kips, and M, = 0 (because of
symmetry, there are no sidesway moments). The bending factor is

C —06—04% —06—046—O = 0.2571
- L N, b S .
For the braced condition,

mElI"  wEI'  wEL

P = L T KL T (KLY

The modified stiffness is
EI;Ck = 0.87,El, = 0.8(1.0)EI, = 0.8E1,

Therefore,
WZEI; 772(0.8E1x) 7%(0.8)(29,000)(533) )
P,= 5= T 5— = 3767kips
(K.L) (K,L) (1.0 X 15 X 12)
B. = Cm _ Cm
! 1- (aPr/Pel) 1- a[(Pm‘ + P€t)/Pel]
0.2571
=0.295<1.0 . Use B, = 1.0.

~ 11— 1.60[(305 + 0)]/3767

The required axial compressive strength is
pP.=P,=P,+ B, P, =305+ 0 =305 kips
M,=M, = B,M, + B,M, = 1.0(70) + 0 = 70 ft-kips

From Table 6-2 with L, = 15 ft and C, = 1.0,

%—226& ki d%—237ftk'
0, -kips an Q, -kips

Figure 6.21 shows the bending moment diagram (absolute values shown) for the
gravity-load moments to be used in the computation of C,.

N 12.5M .
 25M ., +3M,+4Mg + 3M,

Gy

N 12.5(70)
~2.5(70) + 3(27.5) + 4(5) + 3(37.5)

= 2244

M
r. g = C(226) = 2.244(226) = 507 fi-kips
b
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FIGURE 6.21 * 60 ft-k
3.75'
27.5 ft-k
3.75'
5 ft-k
3.75'
37.5 ft-k
3.75'
70 ft-k
M, . . M, .
But — = 237 ft-kips < 507 ft-kips .. Use — = 237 ft-kips.
Q, Q,

Compute the axial compressive strength:
L., =151t
I K.L 1.2(15)
o rry 175

From Table 6-2, with L, = 15 ft, P, /Q = 441 kips.
Determine the appropriate interaction equation:

P 305
Pn/;)’c =l 0.6916 > 0.2 .. Use Equation 6.5 (AISC Equation H1-1a).

P, 8( M, Wil 8( 70

b — + =0.6916 + —| == + 0

P,/Q, 9<Mnx/Qb Mny/Qb> 9\ 237
=0954<10 (OK)

=10.29 ft < 15 ft . Use L, =15 ft.

Load Combination 5: P,, = 85 kips, M,, = 18 ft-kips, P, = 33.6 kips, and M, =
79.2 ft-kips. For the braced condition, the bending factor is

C —06—04% —06—04E = 0.2667
= 0. A\, : 4 1g !
P,, = 3767 kips (P, is independent of the loading)

5 = C., _ €.,
S (aP,/P,) 1 —al(P, + Py)/P,]
. 0.2667
1 — 1.60[(85 + 33.6)]/3767

=0281<1.0 .. UseB, =10.
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For the unbraced condition, the amplification factor for sidesway, B,, must be
computed. This requires a knowledge of the properties of all columns in the story,
aswell as H and A, so that Pgiory and P, g, can be computed. Since these quanti-
ties are not available in this example, we will assume that the ratio of Py, to P,
is the same as the ratio for the column under consideration. That is,

Pstory - Pm . 85

estory

Pestory Pel - 3767
Then from AISC Equation A-8-6,
1 1
= = = . >
B, %Pary, | L6OGES) 1057=1
- Pestory 3767

The amplified axial load is
P.=P,=P, + B,P, =285+ 1.037(33.6) = 119.8 kips
The total amplified moment is
M, =M, =BM, + B,M,=10(18) + 1.037(79.2) = 100.1 ft-kips

Although the moments M, and M, are different, they are distributed similarly, so
C, will be approximately the same for both distributions. In each case, C, will be
large enough so that M, /€, will control; therefore, M, /), = 237 ft-Kips.

P, _119.8 . _
= ——= R > A '.‘ . R )
P/, 441 0.2717 > 0.2 Use Equation 6.5 (AISC Equation H1-1a)
Pa 8 Max May
+ = 4
P,/Q. 9\M, /0, M,/Q,

_ 198 8<100.1
441 9\ 237
Load Combination 6: P,, = 250 kips, M,, = 57 ft-kips, P, = 25.2 kips, and M, =
59.4 ft-kips. For the braced condition, the bending factor is
M, 48.75
C,=06— 0.4<Mz> =0.6 - O.4<57) =0.2579
P, = 3767 kips (P, is independent of the loading condition)
P.=P,=P, =250Kkips
B C, C,
' 1= (aP/Py) 1= al(P,+ Py)/P,]
0.2579
"~ 1— L.60[(250 + 25.2)]/3767

+ 0) —0.647<10 (OK)

=0.292<1.0 . Use B; = 1.0.



Answer

6.8

6.8: Design of Beam—Columns 335

For the unbraced condition,

Pstory " i _ 250

Pestory Pel - 3767
1 1

B, = | %Pay | L60RS0) - L=
Pestory 3767

The amplified axial load is

P.=P,=P, + B,P, =250+ 1.119(25.2) = 278.2 kips
The total amplified moment is

M,=M, =B/M, + B,M,=10(57) + 1.119 (59.4) = 123.5 ft-kips
As before, use M, /Q), = M/, = 237 ft-kips.

P, 278.2
P 0. T 0.6308 >0.2 .. Use Equation 6.5 (AISC Equation H1-1a).

P, 8 M, Wil 8/123.5

2 n =0.6308 + - == 1+ ¢

P/, 9 <Mnx/9b M, ./, 9\ 237
—1.09>10 (N.G)

Load combination 6 controls, and the member does not satisfy the AISC Specifica-
tion requirements.

DESIGN OF BEAM-COLUMNS

Because of the many variables in the interaction formulas, the design of beam-
columns is essentially a trial-and-error process.

Table 6-2 facilitates this process. With this table, the available strengths of a
trial shape are readily obtained. Note that C, must still be computed to obtain the
flexural strength about the major axis. The required strengths must also be com-
puted. A recommended procedure for design is as follows:

1. Compute the required strengths P, (P, for LRFD, P, for ASD) and M, (M,
for LRFD, M, for ASD). Assume that B, = B, = 1.0.

2. Select a trial shape from Table 6-2.

3. Use the effective length, L, to select the compressive strength, P,, and use
the unbraced length, L,, to select the flexural strength, M, (the weak axis

bending strength, M,,, is independent of the unbraced length). These val-

ues are based on the assumption that weak-axis buckling controls the axial

compressive strength and that C; = 1.0.
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4. Compute P,/P, and evaluate the appropriate interaction equation.

5. If the result is not very close to 1.0, try another shape. By examining the
value of each term in the interaction equation, you may be able to gain in-
sight into which strengths need to be larger or smaller.

6. Continue the process until a shape is found that gives an interaction equa-
tion result less than 1.0 and close to 1.0 (greater than 0.9).

Verification of Assumptions:

e If strong axis buckling controls the compressive strength, use an effective
length of
L.=—

C.
“or /ry

to obtain ¢, P, from Table 6-2.
e If C,isnotequal to 1.0, the flexural strength must be adjusted. Example 6.8

illustrates the procedure.

Example 6.7

Select a W shape of A992 steel for the beam—column of Figure 6.22. This member is
part of a braced frame and is subjected to the service-load axial force and bending
moments shown (the end shears are not shown). Bending is about the strong axis, and
K, = K, = 1.0. Lateral support is provided only at the ends. Assume that B; = 1.0.

FIGURE 6.22 Pp =54k
P, = 147k

Mp = 18 ft-k
M, = 49 ft-k

S Mp = 18 ft-k
M, = 49 fk
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LRFD The factored axial load is
solution P, =P,=12P, + 1.6P, = 1.2(54) + 1.6(147) = 300 kips

(There is no amplification of axial loads in members braced against sidesway.) The
factored moment at each end is

M, =12M, + 1.6M, = 1.2(18) + 1.6(49) = 100 ft-kips

Since B; = 1.0, the factored load bending moment is
M, = B M, =1.0(100) = 100 ft-kips

The effective length for compression and the unbraced length for bending are the same:
L. =L,=16ft

The bending moment is uniform over the unbraced length, so C, = 1.0. Try a W10
shape. From Table 6-2, Try a W10 X 60, with ¢ ./, = 530 kips and ¢, M,,, = 253 ft-kips.

Determine which interaction equation to use:

P, 300
o7, =530 0.5660 > 0.2 .. AISC Equation H1-1a controls.

P M M, 1

w B Bur | T ) 05660 + o s0 1 g

6P, N\oM,, M, 9\ 253
=0917<1.0 (OK)

To be sure that we have found the lightest W10, try the next lighter one, a
W10 X 54, with ¢_P, = 471 kips and ¢, M, = 224 ft-kips.

From AISC Equation H1-1a,

P, 8( M, Wik, ) 300 8(100 )
= 5 = = 0
d) P 9 ¢anx d)any

=—+
P, 471 9\ 224
=1.03>10 (N.G)

Try a W12 shape. Try a W12 X 58, with ¢ P, =499 kips and ¢, M,, . = 283 ft-kips.

Determine which interaction equation to use:

Pu = @ =0.6012 > 0.2 .. AISC Equation H1-1a controls
6P, 499 L 2 q .
P M M,
w B Bur | o) ggor2+ 310 4y
o.P, 9\Po,M,, ¢any 91283

=0915<10 (OK)
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Answer

ASD
solution

To be sure that we have found the lightest W12, try the next lighter one, a
W12 X 53, with ¢ P, = 453 kips and ¢,M,,, = 252 ft-kips.

From AISC Equation H1-1a,

P, 8( M, M, ) 300 8(100 )
+ + = S ]
oL, I\dM,, M, 252

= 453 9
=1.01>10 (N.G)

Check other categories of shapes to be sure that we have found the lightest shape.
The lightest W14 thatis a possibility isa W14 X 53, with ¢ P, = 338 kips and ¢, M, =
254 ft-kips.

From AISC Equation Hl-1a,

P, +8< My M,y )_300 8(100 0)
‘ban 9 d)anx d)any

=+ +
338 ' 9\254
=124>10 (N.G)

There are no other possibilities in the deeper W-shape groups.
Use a W12 X 58.

The required axial load strength is
P,= P, + P, =54+ 147 = 201 kips

The moment at each end is
M, =M, + M, =18 + 49 = 67 ft-kips

Since B, = 1.0, the required bending moment strength is
M, =B/M,, =1.0(67) = 67 ft-kips

The effective length for compression and the unbraced length for bending are the
same:

L,=L,=16ft.

The bending moment is uniform over the unbraced length, so C;, = 1.0. Try a
W10 shape. From Table 6-2, try a W10 X 60, with P,/Q . = 352 kips and M, /Q, =
169 ft-kips.
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Determine which interaction equation to use:

P, 201
=——-=05710>02 .. AISC Equation H1-1 Is.
P /Q, 352 05710 >0 SC Equation a controls

P, 8( M, Wil 8( 67
+ = + = 05710 + o[ — + 0
P,/Q, 9<Mnx/Qb Mny/Qb) 9\ 169

=0923<10 (OK)

To be sure that we have found the lightest W10, try the next lighter one, a
W10 X 54, with P,/Q = 314 kips and M,,,/Q, = 149 ft-kips.

From AISC Equation Hl-1a,

P, 8 M, Wil 201 8/ 67
+ = + =—+—-|——+0
P,/Q,  9\M, /0, M,/Q,) 314 9\149

=1.04>1.0 (N.G.)
Try a W12 shape. Try a W12 X 58, with P, /Q) . = 332 kips and M,,, /), = 189 ft-Kips.
Determine which interaction equation to use:

Fa 201 0.6054 > 0.2 AISC Equation H1-1a controls
=—=(. . i - .
P/0. 332 :

P, 8( M, M,, 8( 67
+= + =0.6054 + > — + 0
P,/Q, 9<M,,x/9b M,,/Q, 9\ 189

=0921<10 (OK)

To be sure that we have found the lightest W12, try the next lighter one, a
W12 X 53, with P,/ = 301 kips and M, ./Q, = 168 ft-kips.
From AISC Equation H1-1a,

P, 8( M, M,, > 201 8< 67 )
4 + =——4+ - —+40
P,/Q,  9\M, /0, M,/0,) 301 9\168

=1.02>10 (N.G)

Check other categories of shapes to be sure that we have found the lightest
shape. The lightest W14 that is a possibility is a W14 X 53, with P, /). = 225 kips and
M,./Q, = 169 ft-kips.
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Answer

LRFD
solution

From AISC Equation H1-1a,
Pa +§ Max + May =&+§ 6i+0
P/, 9\M,/Q, Mny/ﬂb 225 9\ 169
=125>1.0 (N.G.)

@

There are no other possibilities in the deeper W-shape groups.

Use a W12 X 58.

Although the absolute lightest W shape was found in Example 6.7, in many cases
a specific nominal depth, such as 12 inches, is required for architectural or other rea-
sons. Example 6.9 illustrates the design of a beam—column of a specific depth.

Adjustment for C, Not Equal to 1.0
From Chapter 5, when C, is not equal to 1.0, the bending strength is adjusted as
follows:

For LRFD,
Modified ¢,M,,, = unmodified ¢, M, X C, = $,M,,,

For ASD,

M M M
Modified — = unmodified —* X C, = —
Q, Q, Q,
The upper limit is found from Table 6-2 as the flexural strength corresponding to an
unbraced length L, of zero.

Example 6.8

Determine the flexural strength of a W12 X 40 of A992 steel for the following
conditions:

a. L,=20ft,C, = 1.67
b. L, =20ft, C, = 1.14

a. From Manual Table 6-2, for L, = 20 ft, ¢, M, = 141 ft-kips and
épM, . X C, = 141(1.67) = 235 ft-kips
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Answer

ASD
solution

Answer

Answer
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For L, =0,
dpM,,, = $pM,, = 214 ft-Kips
Since 235 ft-kips > 214 ft-kips,
oM, . = 214 ft-kips
b. ¢, M, X C, = 141(1.14) = 161 ft-kips
Since 161 ft-kips < 214 ft-kips,
¢p,M,. = 161 ft-kips

a. From Manual Table 6-2, for L, = 20 ft, M, /Q, = 94.1 ft-kips and

M
" % C, = 94.1(1.67) = 157 ft-kips

Q,
For L, =0,
Mnx MPX
= — =142 ft-ki
0, 0, 1ps

Since 157 ft-kips > 142 ft-kips, the upper limit of 142 ft-kips controls, and

M _ 142 ft-ki
Q, = -kips

M
b. Q’”‘ X Cp = 94.1(1.14) = 107 ft-kips
b

M,
Since 107 ft-kips < 142 ft-kips, Q”" = 107 ft-kips.
b

Example 6.9

A structural member in a braced frame must support the following service loads and
moments: an axial compressive dead load of 25 kips and a live load of 75 kips; a dead
load moment of 12.5 ft-kips about the strong axis and a live load moment of 37.5 ft-kips
about the strong axis; a dead load moment of 5 ft-kips about the weak axis and a live
load moment of 15 ft-kips about the weak axis. The moments occur at one end; the
other end is pinned. The member length is 15 feet. The frame analysis was a first-
order analysis with reduced member stiffnesses, so the moment amplification method
with K, = 1.0 can be used. In the direction perpendicular to the frame, K, = 1.0.
There are no transverse loads on the member. Use A992 steel and select a W10 shape.
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LRFD
solution

The factored axial load is

P,=P,=12P, + 1.6P;, = 1.2(25) + 1.6(75) = 150 kips
(There is no amplification of axial loads in members braced against sidesway.) The
factored moments are

M, =12(12.5) + 1.6(37.5) = 75.0 ft-kips

M,,, = 1.2(5) + 1.6(15) = 30.0 ft-kips

The amplification factor B, can be estimated as 1.0 for purposes of making a trial
selection. For the two axes,

M, = B, M, =1.0(75) = 75 ftkips

M,, = ByM,,, = 1.0(30) = 30 ft-kips

X

Try a W10 X 49: From Table 6-2,
é.P, = 449 kips, ¢,M,, =204 ftkips, ¢,M,, = 106 ft-kips
Determine which interaction equation to use:

P, 150
.7, =0 0.3341 > 0.2 .. AISC Equation H1-1a controls.

As a rough check (remember that B; has not yet been computed and C, has not
been accounted for),

P M M
w8 M | T ) g3z 4 S, 30
6P, I\GM,,  d,M,, 9\204 106

c n

=0912<10 (OK)

It is likely that B;, and B, will be equal to 1.0. In addition, the inclusion of C,
will increase the value of ¢, M, and reduce the result of the interaction equation,
so this shape is probably satisfactory.

Calculate B, for each axis:

C,=0.6—-04 My =06—-04 0 = 0.6 (for both axes)
= 0. N, . N, !

From Section 6.5, for each axis,

. T El
ot (Lc1)2
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and the modified stiffness is

EI' = 0.87,El = 0.8(1.0)EI = 0.8EI

Therefore,
w(0.8EI 2(0.8)(29,000)(272
OB POHEN0ER) 0
(L., (15 x 12)
C
B, = m}; = 0‘?50 =0.651 <1.0 ..B;, = 1.0 as assumed.
1 — S | p———
P, 1922
7 (0.8EL)  72(0.8)(29,000)(93.4
P, = ) _TQIDBWOO _ erips
(L) (15 x 12)
_ Om 08 _gm6c10 By =10 d
Bly_ P = 150 T76 < 1. - By, = 1.0 as assumed.
1 _ u 1 T
P 660

From Figure 5.15g, C;, = 1.67. Modify ¢, M,, . to account for C,,.
dpM, . X C, = 204(1.67) = 341 ft-kips
For L, =0,
dpM,, = $M,, = 227 ft-Kips
Since 341 ft-kips > 227 ft-kips, the upper limit of 227 ft-kips controls, and

¢, M, = 227 ft-kips.
Check AISC Equation H1-1a:

P M M,
w B Zw | o) a4+ 32,20
éP,  IN\dM,,  dM,, 9\227 = 106

=0909 <10 (OK)

Try the next smaller shape. Try a W10 X 45, with ¢ P, = 333k, ¢, M, = 175 ft-Kips,
and ¢,M,,, = 76.1 ft-kips.

wEl, m(0.8EL)  m(0.8)(29,000)(248)

- = - = 1753 ki
T L) (L) (15 x 12)? P
C
B, = '”}; __ 06 0.656 <1.0  ..B;, = 1.0 as assumed.
Lo P 150

1753
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_ ™(O08EL) _ 7%(0.8)(29,000)(534)

Y(L,,)? (15 X 12)2
C 0.6
__om 6
B, = A1 =0.996 < 1.0
P, 377

Modity ¢, M, to account for C,,.
oM, X C, = 175(1.67) = 292 ft-kips
For L, =0,

dyM,,, = b,M,, = 206 ft-kips

= 377 kips

" By, = 1.0 as assumed.

Since 292 ft-kips > 206 ft-kips, the upper limit of 206 ft-kips controls, and

b,M, . = 206 ft-kips.
Check AISC Equation H1-1a:

P, 8 M, M, 150  8(75 . 30
+— + =+ ==+=—
$P,  N\M,. &M, ) 333" 9\206 761
=112>10 (N.G)
Answer Use a W10 X 49.
ASD The required axial load strength is
solution

P,= Py + P, =25+ 75 = 100 kips

The moments at each end are

M, = Mp+ M, =125 + 37.5 = 50.0 ft-kips

M,,, = My, + M, =5+ 15 = 20.0 ft-kips

If we assume that B, = 1.0, The required bending moment strengths are

M, = BM,, = 1.0(50) = 50 ft-kips
M,, = B;M,,, = 1.0(20) = 20 ft-kips

The effective length for compression and the unbraced length for bending are the same:

L,=L,=15ft

From Table 6-2, try a W10 x 49, with P, /Q . =

M,,/Q, = 70.6 ft-kips.

299 kips, M, /Q, = 136 ft-kips, and
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Determine which interaction equation to use:
P 100
3 /‘;)C = 599 = 0-3344>02 . AISC Equation Hl-1a controls.
As a rough check (remember that B, has not yet been computed and C, has not
been accounted for),

P, 8( M, Wil 8/50 20

+ = + =03344 + — [ — + —

P/, 9 <Mnx/Qb M,,/Q, 9\136 ' 70.6
-0913<10 (OK)

It is likely that B;, and B, will be equal to 1.0. In addition, the inclusion of C, will
increase the value of ¢, M, . and reduce the result of the interaction equation, so this
shape is probably satisfactory.

Calculate B, for each axis:

Cc, =06-04 My =0.6 -—04 0 = 0.6 (for both axes)
- . N, ! N, ;
From Section 6.5, for each axis,
mEl'
P el — 2
(Lcl)
and the modified stiffness is

EI' = 0.87,El = 0.8(1.0)EI = 0.8 EI

Therefore,
m(0.8E1 2(0.8)(29,000)(272
. ( 2x) _ m(0.8)( )2( ) _ 1922Kips
(L) (15 X 12)
B, = e _ 0.6 =0.654<1.0 “B,.=1.0 d
1x_1 1.60Pa_ 1.60(100) = U. . SoD = L as assumed.
P, 1922
7 (0.8EL)  72(0.8)(29,000)(93.4
P, = 7 _ T O8I0 _ oo kips
(L) (15 X 12)
Cny 0.6
B1y = ; 1.60P, = ; 1.60(100) =0.792<1.0 Bly = 1.0 as assumed.
P, 660

From Figure 5.15g, C, = 1.67. Modify M, /Q, to account for C,.

M
Q—"x X C,, = 136(1.67) = 227 ft-kips
b
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For L, =0
Mnx M
= 151 ft-ki
0, 0, ips

Since 227 ft-kips > 151 ft-kips, the upper limit of 151 ft-kips controls, and
Q':C = 151 ft-kips
Check AISC Equation H1-1a:
P, 8 M, M,y 50 . 20
+— =03344 + | — + =—
P./Q, 9<MHX/Q M,/ ) 033 <151 70.6
=0.883<1.0 (OK)

Try the next smaller shape. Try W10 x 45, with P,/Q_ = 222 kips, M, /Q, =
117 ft-kips, and M,,,/Q,, = 50.6 ft-kips.

mEl, m(0.8EL)  m(0.8)(29,000)(248)

P, = = = = 1753ki
L) (L) (15 X 12)? >
B, = Ce __ 06 =0.660<1.0 ..B, =10 d
= 1 1.60P, 1.60(100) ~ 0 ..B;,=1.0as assumed.
P, 1753
7 (0.8EL)  72(0.8)(29,000)(53.4) _
Py, = T 15 X 1212 = 377.4kips
(Ley) (15 X 12)
¢ 0.6
p— my — . =
Biy = | Loop, 1.60(100) 1042
P, 3774
M,, = By,M,,, = 1.042(20) = 20.8ft-kips

Modify M, /Q), to account for C,:

M,
= 117(1.67) = 195 ft-kips
Qb
For L, =0
M Moe 137 1k
0, 0, t-kips

Since 195 ft-kips > 137 ft-kips, the upper limit of 137 ft-kips controls, and

Q’:‘ = 137 ft-kips.
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Check AISC Equation H1-1a:

P, 8( M, My )_100 8<50 20.8>

+— +
P,/ 9\M,/Q, M,/

=—+
222 9

137 - 50.6

=114>10 (N.G.)
Answer Use a W10 X 49.

Design of Bracing

A frame can be braced to resist directly applied lateral forces or to provide stablil-
ity. The latter type, stability bracing, was first discussed in Chapter 4, “Compres-
sion Members.” The stiffness and strength requirements for stability can be added
directly to the requirements for directly applied loads.

Bracing can be classified as nodal or relative. With nodal bracing, lateral sup-
port is provided at discrete locations and does not depend on the support from
other parts of the frame. Relative bracing is connected to both the point of bracing
and to other parts of the frame. Diagonal or X bracing is an example of relative
bracing. Relative bracing can also be defined as follows: If a lateral cut through the
frame cuts not only the column to be braced but also the brace itself, the bracing is
relative.

The AISC requirements for stability bracing are given in Appendix 6 of the
Specification, “Member Stability Bracing.” Although we are considering frame
stability here, it is the columns (beam-columns) that are being braced. Bracing
must be designed for both strength and stiffness. For relative bracing, the required
shear strength is

V., = 0.005P, (AISC Equation A-6-1)
where

V,, = lateral shear force resistance to be provided by the brace
P, = vertical load to be stabilized by the brace

In a frame, more than one column will be stabilized by a brace. Therefore, P,
will be the total load to be stabilized and will be the total column load acting above
the brace. If more than one frame is stabilized by the brace, then the columns in all
of those frames must be included.

For relative bracing, the required stiffness is

1(2P, .
By = qf)( 7 > for LRFD (AISC Equation A-6-2a)
br

2P
B, = Q <L> for ASD (AISC Equation A-6-2b)
br
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FIGURE 6.23

Solution

where

L,, = unbraced length of the column (this will be the story height unless there
are intermediate braces)

¢ =075
Q=2.00
Example 6.10

A structure composed of three rigid frames must be stabilized by diagonal bracing
in one of the frames. The braced frame is shown in Figure 6.23. The loading is the
same for all frames. Use A36 steel and determine the required cross-sectional area
of the bracing. Use load and resistance factor design.

w, = 0.9 k/ft

EEEEEEEEREEREE

45’

The total vertical load to be stabilized by the bracing is
P, =3P, =09(45) X 3 =121.5 kips

From AISC Equation A-6-1, the lateral shear to be resisted is
V,, = 0.005P, = 0.005(121.5) = 0.6075 kips

If we consider both braces to be tension-only members, then the entire force must
be resisted by one brace. Because V. is the horizontal component of the brace force
(see Figure 6.24a), the brace force is
_ Vbr
cos 0

where

# = tan1<3§) = 21.80°
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FIGURE 6.24 Vbr
F

()
A.{
¢9¢ \
“5
Z N Z
Then,
= ‘3()(5)‘(62017;0) = 0.6543 kips

Based on the limit state of tension yielding, the required area is

F 06543

- - = 0.0202 in.2
0.9F,  0.9(36) 0.0202 in

From AISC Equation A-6-2a, the required lateral stiffness is

_1(2P\ 1 | 2(12L5) _ 1 00 king/i
B =4\, ) = 075| (18 x 12| ~ 100 kips/in.

The axial stiffness of the brace is given by F/3, where § is the axial deformation of
the brace. From Figure 6.24b,

8 ~=Acosf

where A is the lateral displacement. The axial stiffness of the brace can be written as

F_Vy/cosb V., 1

5 A cos 6 A cos%

or

Vv
3 cos20 = Abr
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Answer

That is,
Axial stiffness X cos? @ = lateral stiffness

From elementary mechanics of materials, the axial stiffness is AE/L, where
L = length of brace = (18 X 12)/sin(21.80) = 581.6 in.

Let

AjCOSZO — l 2P’
L o\ L,

A- 1.500L 1.500(581.6)
E cos’ 29,000 cos?(21.8)

) = 1.500

= 0.0349 in.2

The stiffness requirement controls. The results are typical in that the requirements
are minimal.

Use a tension brace with a cross-sectional area of at least 0.0349 in.>

Notes on an Allowable Strength Solution to Example 6.10: In Example 6.10, the
given loads were already factored. In a more realistic situation, the service loads
would be known, and the appropriate combination of these would be used for an
ASD solution. Other than that, the differences are as follows:

1. The area required for strength is A = wa

2. The required stiffness is 8, = Q(ZLP'>. (AISC Equation A-6-2b)
br

Design of Unbraced Beam-Columns
The preliminary design of beam—columns in braced frames has been illustrated. The
amplification factor B; was assumed to be equal to 1.0 for purposes of selecting
a trial shape; B, could then be evaluated for this trial shape. In practice, B; will
almost always be equal to 1.0. For beam—columns subjected to sidesway, however,
the amplification factor B, is usually greater than 1.0 and must be determined as
shown in Section 6.7. The computation of B, will be reviewed here. From AISC
Equation A-8-6,

1
By=—"45—=1
2 C]‘Pstory
1 - -
Pestory
where P, ., may be obtained from AISC Equation A-8-7 as
HL
P

estory = RM A
H



FIGURE 6.25

Solution
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where

Pm_f
P

story

Ry, =1-0.15 (AISC Equation A-8-8)

P, = sum of vertical loads in all columns in the story that are part of moment
frames
L = story height
Ay, = drift (sidesway displacement) of the story under consideration
H = sum of all horizontal forces causing A, (story shear)

The columns in a story may be designed for a specified drift index, A, /L, which
is the ratio of the story drift to story height. The use of a maximum permissible drift
index is a serviceability requirement that is similar to a limit on beam deflection.
Although no building code or other standard used in the United States contains a
limit on the drift index, values of Y500 to /200 are commonly used (Ad Hoc Commit-
tee on Serviceability, 1986). Remember that A, is the drift caused by H, so if the
drift index is based on service loads, then the lateral loads H must also be service
loads. Use of a prescribed drift index enables the designer to determine the final
value of B, at the outset.

Example 6.11

Figure 6.25 shows a single-story, unbraced frame subjected to dead load, roof live
load, and wind load. The service gravity loads are shown in Figure 6.25a, and the ser-
vice wind load (including an uplift, or suction, on the roof) is shown in Figure 6.25b.
Use A992 steel and select a W12 shape for the columns (vertical members). Design
for a drift index of /400 based on service wind load. Bending is about the strong axis,
and each column is laterally braced at the top and bottom. Use LRFD.

Figure 6.26 shows the results of first-order analyses for dead load, roof live load,
wind acting on the roof, and lateral wind load. The dead load results include the
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FIGURE 6.26

effects of an added notional load. Member stiffnesses were not reduced, and
the effective length method is applicable. All vertical loads are symmetrically
placed and contribute only to the M,, moments. The lateral load produces an

M ,, moment.
Load combinations involving dead load, D, roof live load, L,, and wind, W, are

as follows.
Combination 2: 1.2D + 0.5L,
P, =1.2(14) + 0.5(26) = 29.8 kips
M,, = 1.2(50) + 0.5(94) = 107 ft-kips
M,=0

Combination 3: 1.2D + 1.6L, + 0.5W
P,, =12(14) + 1.6(26) = 584 kips, P, = 0.5(—9 + 1) = —4.0 kips (Use 0.)
M,, = 1.2(50) + 1.6(94) = 210.4 ft-kips,
M, = 0.5(—32 + 20) = —6.0 ft-kips (Use 0.)

Combination 4: 1.2D + 1.0W + 0.5L,
P,, = 12(14) + 0.5(26) = 29.8 kips, P, = 1.0(=9 + 1) = —8.0 kips (Use 0.)
M,, = 1.2(50) + 0.5(94) = 64.7 ft-kips
M, = 1.0(—32 + 20) = —12.0 ft-kips (Use 0.)

Load combination 3 will obviously govern. It produces the largest axial load and the
largest total moment.
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For purposes of selecting a trial shape, assume that B, = 1.0. The value of B,
can be computed using the design drift index and a value of P, ., from AISC
Equation A-8-7:

HL H 2.7
P =Ry,—=Ry,;— =085 —— ) =918.0 ki
e story M AH MAH/L (1/400> 1ps

(The unfactored horizontal load, H = 2.7 kips, is used because the drift index is
based on the maximum drift caused by service loads.)

1 1
By=ap T 1o(s4) V8
R P
Prsory 918.0

The amplified axial load is
P.=P,=P, + B,P, =584+ 0= 584Kkips
and the amplified bending moment is
M,=B M, + B,M, =1.0210.4) + 0 = 210.4 ft-kips

Without knowing the frame member sizes, the alignment chart for the effective
length factor cannot be used. Table C-A-7.1 in the Commentary to the Specification
reveals that case (f) corresponds most closely to the end conditions for the sidesway
case of this example and that K, = 2.0.

For the braced condition, K, = 1.0 will be used, and because the member is
braced in the out-of-plane direction, K, = 1.0 will be used. Since the bending mo-
ment appears to be dominant in this member, use AISC Equation H1-1b.

Try a W12 x 53: From Manual Table 6-2, with L, = L, = 15 ft, ¢ P, = 478 kips,
and ¢, M, . = 258 ft-kips

Check to see which axis controls the axial compressive strength. From Table 6-2,
rx/ry = 2.11 and

K.L 2.0(15)
— = =142t <KL =15ft .. L,=15ftas assumed.
rx/ry 2.11 b4
Verify that AISC Equation H1-1b is the correct one:
P, 584
=—=10.1222<02
o.P, 478

Therefore, AISC Equation H1-1b controls as assumed.
For a bending moment that varies linearly from zero at one end to a maximum at
the other, the value of C, is 1.67 (see Figure 5.15g). Modify ¢, M, to account for C,.

bpM,,. X C, = 258(1.67) = 431 ft-kips
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For L, =0,
dpM, = &M, = 292 ft-kips
Since 431 ft-kips > 292 ft-kips, the upper limit of 292 ft-kips controls, and

bp,M,, . = 292 ft-kips
mEI 5 mEI, B 7%(29,000)(425)
L2 (K,L)*> (1.0X 15X 12)

@ =06—04% =06—04L =0.6
= 0. N, . N, .

From AISC Equation A-8-3,

Py= = 3754 kips

B = Cm . Cm
! 1- (aPr/Pel) 1- a[(Pnt + P€t)/Pel]
0.6
—0610<1.0 .. UseB, =10.

T 11— 1.0[(584 + 0)]/3754

Since B, is the value originally assumed and B, will not change, the previously com-
puted value of M,, = 210.4 ft-kips is unchanged.
Check AISC Equation H1-1b:

P, M,, Wl 0.1222 (2104
+ + = W +0
20.P,  \d,M,. M, 2 202
=0.782<10 (OK)

This result is significantly smaller than 1.0, so try a shape two sizes smaller.

Try a W12 X 45: From Table 6-2, ¢.P, = 316 kips, ¢, M, = 194 ft-kips, and

ry/ry, = 2.11.
K.L 2.0(15)
= =142t < K,L =151t . L, =15 ft as assumed.
rx/ry 2.11 Y
P, 584
=—=01848 <02
¢ P, 316

Therefore, AISC Equation H1-1b controls as assumed.
Modify ¢, M, . to account for C,:

dM, . X Cp =194(1.67) = 324 ft-kips
For L, =0,

byM,, = bM,, = 241 ft-kips
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Since 324 ft-kips > 241 ft-kips, the upper limit of 241 ft-kips controls, and
oM, . = 241 ft-kips

For the braced condition,
wEl,  mEL_ 7%(29,000)(348)

R = = = = 3074 ki
AT T2 T (KLY (LOX 15 X 12)? 1
From AISC Equation A-8-3,
B. = Cm _ Cm
! 1- (aPr/Pel) 1- a[(Pm‘ + P€t)/Pel]
0.6
=0.612<1.0 . Use B, = 1.0.

" 1—1.0[(584 + 0)]/3074

Check AISC Equation H1-1b:

P M M
“ < w o, Mo > _ 01848 N (210.4 N 0)
20.P,  \oM,. M, 2 241

—0.965<10 (OK)

Answer Use a W12 X 45.

6.9 TRUSSES WITH TOP-CHORD LOADS
BETWEEN JOINTS

If a compression member in a truss must support transverse loads between its ends,
it will be subjected to bending as well as axial compression and is therefore a beam—
column. This condition can occur in the top chord of a roof truss with purlins located
between the joints. The top chord of an open-web steel joist must also be designed
as a beam—column because an open-web steel joist must support uniformly distrib-
uted gravity loads on its top chord. To account for loadings of this nature, a truss
can be modeled as an assembly of continuous chord members and pin-connected
web members. The axial loads and bending moments can then be found by using
a method of structural analysis such as the stiffness method. The magnitude of the
moments involved, however, does not usually warrant this degree of sophistication,
and in most cases an approximate analysis will suffice. The following procedure is
recommended.

1. Consider each member of the top chord to be a fixed-end beam. Use the
fixed-end moment as the maximum bending moment in the member. The top
chord is actually one continuous member rather than a series of individual
pin-connected members, so this approximation is more accurate than treat-
ing each member as a simple beam.
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FIGURE 6.27 P 0 P, Q P O P 0 P
, | L4l
0o, 0, 0, 9,
! 24

2. Add the reactions from this fixed-end beam to the actual joint loads to
obtain total joint loads.

3. Analyze the truss with these total joint loads acting. The resulting axial load in
the top-chord member is the axial compressive load to be used in the design.

This method is represented schematically in Figure 6.27. Alternatively, the bending
moments and beam reactions can be found by treating the top chord as a continuous
beam with supports at the panel points.

Example 6.12

The parallel-chord roof truss shown in Figure 6.28 supports purlins at the top chord
panel points and midway between the panel points. The factored loads transmitted
by the purlins are as shown. Design the top chord. Use A992 steel and select a struc-
tural tee cut from a W shape. Use load and resistance factor design.

Solution The bending moments and panel point forces caused by the loads acting between
the joints will be found by treating each top-chord member as a fixed-end beam.
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will occur in member DE (and in the adjacent member, to the right of the center
of the span) and can be found by considering the equilibrium of a free body of the
portion of the truss to the left of section a—a:

2M; = (19.2 — 2.4)(30) — 4.8(10 + 20) + Fp(4) =0
Fpp = —90 kips (compression)

Design for an axial load of 90 kips and a bending moment of 3.0 ft-kips.

Table 6-2 in Part 6 of the Manual is for the design of W shapes only, and there
are no corresponding tables for structural tees. An examination of the column load
tables in Part 4 of the Manual shows that a small shape will be needed, because
the axial load is small and the moment is small relative to the axial load. From the
column load tables, with L, = 10 feetand L., = 5 feet, try a WT6 X 17.5, with an
axial compressive design strength of

¢.P, = 149 kips

A footnote indicates that this shape is slender for compression, but this has been
accounted for in the tabulated value of the strength.
Bending is about the x axis, and the member is braced against sidesway, so

M, = 3.0ftkips, M, =0

Because there is a transverse load on the member, use C,, = 1.0 (the Commentary
approach will not be used here). Compute Bj:

mEL,  7%(29,000)(16.0)

P,= = = 318.0 ki
T (L)’ (10x12) >
C, 1.0
B, = T 1w 1395
P, 318.0

The amplified moment is
M,=BM,, + B,M, =1.395(3.0) + 0 = 4.185 ft-kips

The nominal moment strength of structural tees was introduced in Section 5.16 of
this book and is covered in AISC F9. To determine the classification of the cross sec-
tion, we first check the width-to-thickness ratios for the flange. From the dimensions
and properties tables,
b
A= =631

2ty
E 29000
A, = 0.38 4 /Fy = 038475, = 9152

A <A, .. The flange is compact.
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(This could also be determined by observing that there is no footnote in the dimen-
sions and properties table to indicate flange noncompactness for flexure.)

For the web (stem),

r=4 -8
tW
E 29,000
A, = 0.84 o 0.84 4[5~ =2023

|

29,000
X, = 1524 = = 1.524 [~2— = 36.61
' F, 50

Since A, < A < A,, the web is noncompact.
Check the limit state of yielding. Because the maximum moment is a fixed-end

moment, the stem will be in compression, assuming that the flange is at the top. For
stems in compression,

M,=M,=M,=F,S, (AISC Equation F9-3)
= 50(3.23) = 161.5 in.-kips

Check lateral-torsional buckling:

M,=M,=M, (AISC Equation F9-13)
1.95E :
M, = o VIJ(B + V1 + B?) (AISC Equation F9-10)
b
d i, 6.25 122
B=-23 ===23
(Lb> J (10><12> \ 0.369
= —0.6888 (AISC Equation F9-12)

1.95(29,000
= W\/u.z(os@) [—0.6888 + V1 + (—0.866)2]

= 634.0 in.-kips
M, = F,S, = (50)(3.23) = 161.5 in.-kips
Since 634.0 in.-kips > 161.5 in.-kips, use F,, = 161.5 in.-kips
Flange local buckling: Since the flange is compact, this limit state does not apply.
Check web local buckling:
M,=F.,S, (AISC Equation F9-16)
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PROBLEMS

Note

6.2-1

6.2-2

6.6-1

Unless otherwise indicated, all members are laterally braced only at their ends
and K, = 1.0. Manual Table 6-2 may be used in all problems where it is applicable.

Interaction Formulas

Determine whether the given member satisfies the appropriate AISC
interaction equation. Do not consider moment amplification. The loads
are 50% dead load and 50% live load. Bending is about the x axis, and the
steel is ASTM A992.

a. Use LRFD.

b. Use ASD.
250k

/V 240 ft-k

W12 X 106
14 K. =K =10

\“ 240 ft-k

250k
FIGURE P6.2-1

How much service live load, in kips per foot, can be supported? The member
weight is the only dead load. The axial compressive load consists of a ser-
vice dead load of 10 kips and a service live load of 20 kips. Do not consider
moment amplification. Bending is about the x axis, and the steel is A992.

a. Use LRFD.
b. Use ASD.

—_ P A

20’ W18 X 86

FIGURE P6.2-2

Members in Braced Frames

Compute the moment amplification factor B; for the member of
Problem 6.2-1. The frame analysis was performed using the requirements




362 Chapter 6: Beam-Columns

6.6-2

6.6-3

6.6-4

for the approximate second-order analysis method of AISC Appendix 8.
This means that a reduced stiffness, EI", was used in the analysis, and an
effective length factor of K, = 1.0 can be used.

a. Use LRFD.

b. Use ASD.

Compute the moment amplification factor B, for the member of Problem 6.2-2.
a. Use LRFD.
b. Use ASD.

A W14 X 99 of A992 steel is used as a 14-foot-long beam—column with K, =
0.9 and K, = 1.0. (An analysis was performed consistent with the effective
length method; therefore, the flexural rigidity, EI, was unreduced.) The
member is braced against sidesway, and there are transverse loads between
the ends. The member is subjected to the following service loads and mo-
ments: an axial compressive load of 342 kips and a bending moment of
246 ft-kips about the strong axis. The composition of each is 33% dead load
and 67% live load. Use C;, = 1.6 and determine whether this member satisfies
the provisions of the AISC Specification.

a. Use LRFD.
b. Use ASD.

The member shown in Figure P6.6-4 is part of a braced frame. The load and
moments are computed from service loads, and bending is about the x axis (the
end shears are not shown). The frame analysis was performed consistent with
the effective length method, so the flexural rigidity, £/, was unreduced. Use
K, =0.9. The load and moments are 30% dead load and 70% live load. Determ-
ine whether this member satisfies the appropriate AISC interaction equation.

a. Use LRFD.
b. Use ASD.

120 k

135 fi-k V/V\

W12 X 58
16’ F, =50 ksi

\A 67 fi-k

120k
FIGURE P6.6-4
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6.6-6

6.6-7
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A simply supported beam is subjected to the end couples (bending is about
the strong axis) and the axial load shown in Figure P6.6-5. These moments
and axial load are from service loads and consist of equal parts dead load
and live load. Lateral support is provided only at the ends. Neglect the
weight of the beam and investigate this member as a beam-column. Use

F, = 50 ksi.
a. Use LRFD.
b. Use ASD.
W10 X 33
32k —%» 5 7974?— 32k
60 fi-k | 0 | 60 ftk

FIGURE P6.6-5

The beam-column in Figure P6.6-6 is a member of a braced frame. A
second-order analysis was performed with factored loads and reduced
member stiffnesses to obtain the moments and axial force shown. Use
LRFD and determine whether this member is adequate.

285k

fV 120 ft-k

W10 X 60
15 K. =K =10

N &Aj 112 fi-k

285k
FIGURE P6.6-6

The member shown in Figure P6.6-7 has lateral support at points A, B, and
C. Bending is about the strong axis. The loads are service loads, and the
uniform load includes the weight of the member. A992 steel is used. Is the
member adequate?

a. Use LRFD.
b. Use ASD.
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7kD,18kL
y/1.5 k/ft D, 3.5k/t L

—A> 3 B ,<C— 70k D, 170k L
8’ 8 —
16’
W10 X 100
FIGURE P6.6-7

6.6-8 The member shown in Figure P6.6-8 is braced against sidesway. Bending
is about the major axis. Does this member satisfy the provisions of the
AISC Specification? The loads are 40% live load and 60% dead load.

a. Use LRFD.
b. Use ASD.

F\ 195 ft-k

, W33 X 118
11 A992

k /A 225 ft-k
A

f

625k
FIGURE P6.6-8

6.6-9 The member shown in Figure P6.6-9 is a W12 X 96 of A572 Grade
50 steel and is part of a braced frame. The end moments are service load
moments, and bending is about the strong axis. The end shears are not
shown. The frame analysis was performed consistent with the effective
length method, so the flexural rigidity, £/, was unreduced. If the end mo-
ments and axial load are 33% dead load and 67% live load, what is the
maximum axial service load, P, that can be applied? Use K, = K, = 1.0.

a. Use LRFD.
b. Use ASD.
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A 150 ft-k
NI

FIGURE P6.6-9

6.6-10 The loads in Figure P6.6-10 are service loads consisting of 25% dead load
and 75% live load. A992 steel is used. Is this member satisfactory? Bend-
ing is about the strong axis.

a. Use LRFD.
b. Use ASD.

53k

6/
Sk—> A*L 12/

W8 X 24

2

FIGURE P6.6-10

6.6-11 The beam-column in Figure P6.6-11 is a member of a braced frame. A
second-order analysis was performed with factored loads and reduced
member stiffnesses to obtain the moments and axial force shown. Use
LRFD and determine whether this member is adequate.
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602 k

/V M, =420 frk
_ M, = 150 fik

13’ W14 X 132

A

602k
FIGURE P6.6-11

6.6-12 The member in Figure P6.6-12 is laterally supported only at its ends. If
AS572 Grade 50 steel is used, does the member satisfy the provisions of
the AISC Specification? The loads are 50% live load and 50% dead load.

a. Use LRFD.
b. Use ASD.
40k £4
y WI0X60 0 '
20k—>7,9z 79/;—20k /40k
6' 6" —>
12’
— ——
Section

FIGURE P6.6-12

6.6-13 The fixed-end member shown in Figure P6.6-13 is a W21 X 68 of A992
steel. Bending is about the strong axis. What is the maximum permissible
value of Q, a service live load? (Moments can be computed from the for-
mulas given in Part 3 of the Manual.)

a. Use LRFD.
b. Use ASD.
D =170k
L =200k
10’
20’ 4—*— 0
10’
- 7z

FIGURE P6.6-13
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Members in Unbraced Frames

A W14 X 82 of 50 ksi steel is to be investigated for use as a beam—column
in an unbraced frame. The length is 14 feet. First-order analyses of the
frame were performed for both the sway and the nonsway cases. The
factored loads and moments corresponding to one of the load combina-
tions to be investigated are given for this member in the following table:

Type of analysis P, (kips) M, (tt-kips) M, (ft-kips)
Nonsway 400 45 24
Sway — 40 95

Bending is about the strong axis, and all moments cause double-curvature
bending (all end moments are in the same direction, that is, all clockwise
or all counterclockwise). The following values are also available from the
results of a preliminary design:

Pogory = 40,000 kips, Py = 6,000 kips

Use K, = 1.0 (nonsway case), K, = 1.7 (sway case), and K, = 1.0. Use LRFD
and determine whether this member satisfies the provisions of the AISC
Specification for the given load combination.

A W14 X 74 of A992 steel, 16 feet long, is used as a column in an unbraced
frame. The axial load and end moments obtained from a first-order analysis
of the gravity loads (dead load and live load) are shown in Figure P6.7-2a.
The frame is symmetric, and the gravity loads are symmetrically placed.
Figure P6.7-2b shows the wind load effects obtained from a first-order
analysis. All loads and moments are based on service loads, and all bend-
ing moments are about the strong axis. The effective length factors are
K, =0.85for the braced case, K, = 1.2 for the unbraced case, and Ky =1.0.De-
termine whether this member is in compliance with the AISC Specification.

a. Use LRFD.

b. Use ASD.
P, =120k, P, = 240k 30 k
Do P ous
S M, = 40 ftk
16’
e M, = 18 ft-k
D
\Aj M, = 48 ik w 1301tk
(a) Gravity (b) Wind

FIGURE P6.7-2
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6.8-1

6.8-2

Design of Beam-Columns

Use F, = 50 ksi and select the lightest W12-shape for the beam-column
shown in Figure P6.8-1. The member is part of a braced frame, and the
axial load and bending moment are based on service loads consisting of
30% dead load and 70% live load (the end shears are not shown). Bending is
about the strong axis, and K, = K, = 1.0. The frame analysis was performed
consistent with the effective length method, so the flexural rigidity, EI,
was unreduced.

a. Use LRFD.

b. Use ASD.
236k

fV 168 ft-k

A

FIGURE P6.8-1

The beam—column in Figure P6.8-2 is part of a braced frame and is subjec-
ted to the axial load and end moments shown (the end shears are not shown).
A second-order analysis was performed with factored loads and reduced
member stiffnesses to obtain the moments and axial force. Bending is about
the strong axis. Use LRFD and select the lightest W10 shape of A992 steel.

400 k

FV 182 ft-k

)
k‘\/A 140 ft-k
400 k
FIGURE P6.8-2



6.8-3

6.8-4

6.8-5

Problems 369

A member is subjected to the loads shown in Figure P6.8-3. The loads are
25% dead load and 75% live load. Bending is about the strong axis, and
K, = K, =1.0. Use A992 steel and select a W10 shape.

a. Use LRFD.
b. Use ASD.

5 k/ft 12

7.

FIGURE P6.8-3

A member in a braced frame supports an axial compressive load and end
moments that cause bending about both axes of the member. A second-
order analysis was performed with factored loads and reduced member
stiffnesses to obtain the moments and axial force. Use LRFD and select
the lightest W shape of A992 steel.

140k
fv\v M, = 150tk
S M,, = 150ft-k
16'
R M, =Tshk
A1) M= 75 fk
FIGURE P6.8-4

Select a W14 of A992 steel. Bending is about the strong axis, and there is no
sidesway. The frame analysis was performed consistent with the effective
length method, so the flexural rigidity, £1, was unreduced. Use K, = 0.8.

a. Use LRFD.
b. Use ASD.
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P, =135k
P, =415k

fv Mj, = 90 ft-k

_ M, =270 fik
20/
- M, = 30 ft-k
KA/ M, = 90 ft-k
FIGURE P6.8-5

6.8-6 The member shown in Figure P6.8-6 is part of a braced frame. The axial

6.8-7

load and end moments are based on service loads composed of equal
parts dead load and live load. The frame analysis was performed con-
sistent with the effective length method, so the flexural rigidity, EI, was
unreduced. Select a W shape of A992 steel.

a. Use LRFD.
b. Use ASD.
P=92k
va\ M,, =160 ftk
S M, = 24ft-k
/ K =08
16 K, =10

— QM = 2l4fek
N M, = 31ftk

FIGURE P6.8-6

Use A992 steel and select a W shape for the loads and moments shown in
Figure P6.8-7. The loads and moments are unfactored and are 25% dead
load and 75% live load. The member is part of a braced frame. Use K, =
K, =1.0.

y

a. Use LRFD.
b. Use ASD.
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P =80k

fv M, =133ftk
_ M, = 43 fi-k

B M,, = 27fk
\A M, = 9 ftk

FIGURE P6.8-7

Use LRFD and select the lightest W12 shape of A992 steel to be used as
a beam—column in an unbraced frame. The member length is 16 feet, and
the effective length factors are K, = 1.0 (nonsway), K, = 2.0 (sway), and
K, = 1.0. Factored loads and moments based on first-order analyses are
P, =75 kips, M,, = 270 ft-kips, and M,, = 30 ft-kips. The frame analysis
was performed consistent with the effective length method, so the flexural
rigidity, E1, was unreduced. Use C,, = 0.6 and C, = 1.67. Bending is about
the strong axis.

The single-story unbraced frame shown in Figure P6.8-9 is subjected to
dead load, roof live load, and wind. The results of an approximate analysis
are summarized in the figure. The axial load and end moment are given
separately for dead load, roof live load, wind uplift on the roof, and lateral
wind load. All vertical loads are symmetrically placed and contribute only
to the M,, moments. The lateral load produces M, moments. The analysis
results include the effects of a notional load appropriate for the effective
length method. Use A992 steel and select a W14 shape for the columns.
Design for a drift index of 1/400 based on service wind load. Bending is
about the strong axis, and each column is laterally braced at the top and
bottom.

a. Use LRFD.
b. Use ASD.
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6.9-1

Beam-Columns

0.860 k/ft 1.45 k/ft
EEEEREEREN YY Yy vy iy
18’ P=19k P =133k
v M = 79 ft-k A M = 130 ft-k
§ / & 2
| 4 |
Dead load Roof live load
0.510 k/ft
EEEEEEENE <36k
P=—-11k P=14k
M = —46 ft-k M = 32 ft-k
Wind (roof uplift) Wind (lateral)

FIGURE P6.8-9
Design of Bracing

Use A36 steel and design single-angle diagonal bracing for the frame of
Problem 6.8-9. Assume that the bracing will stabilize three frames.

a. Use LRFD.
b. Use ASD.

Trusses with Top-Chord Loads between Joints

Use F,, = 50 ksi and select a structural tee shape for the top chord of the truss
shown in Figure P6.9-1. The trusses are spaced at 25 feet and are subjected
to the following loads:

Purlins: W6 X 8.5, located at joints and midway between joints
Snow: 20 psf of horizontal roof surface projection
Metal deck: 2 psf
Roofing: 4 pst
Insulation: 3 psf
a. Use LRFD.
b. Use ASD.
I I I I I I I I I I I I
L3
Y

8 @6'-0"=48"-0"
FIGURE P6.9-1
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Use A992 steel and select a structural tee shape for the top chord of
the truss shown in Figure P6.9-2. This is the truss of Example 3.15. The
trusses are spaced at 25 feet on centers and support W6 X 12 purlins at
the joints and midway between the joints. The other pertinent data are
summarized as follows:

Metal deck: 2 pst
Built-up roof: 5 psf

Snow: 18 psf of horizontal roof projection
a. Use LRFD.
b. Use ASD.
46.6’//: N v f
— >~ —
§/ = = LY
— ~ —r 12
- S~ 3’
- ~ R
-~ ~ 3! l
S e
2@ 2@
12/ =24' 42' 12/ = 24'—>
| 90’ |

FIGURE P6.9-2




Structural steel members
are connected either by

welding, shown here, or

bolting. Many connections

incorporate both welds and bollts.
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chapter 7

Simple Connections

INTRODUCTION

Connections of structural steel members are of critical importance. An inad-
equate connection, which can be the “weak link” in a structure, has been the
cause of numerous failures. Failure of structural members is rare; most structural
failures are the result of poorly designed or detailed connections. The problem is
compounded by the confusion that sometimes exists regarding responsibility for the
design of connections. In many cases, the connections are not designed by the same
engineer who designs the rest of the structure, but by someone associated with the
steel fabricator who furnishes the material for the project. The structural engineer
responsible for the production of the design drawings, however, is responsible for
the complete design, including the connections. It is therefore incumbent upon the
engineer to be proficient in connection design, if only for the purpose of validating
a connection designed by someone else.

Modern steel structures are connected by welding or bolting (either high-
strength or “common” bolts) or by a combination of both. Until fairly recently, con-
nections were either welded or riveted. In 1947, the Research Council of Riveted
and Bolted Structural Joints was formed, and its first specification was issued in
1951. This document authorized the substitution of high-strength bolts for rivets on
a one-for-one basis. Since that time, high-strength bolting has rapidly gained in pop-
ularity, and today the widespread use of high-strength bolts has rendered the rivet
obsolete in civil engineering structures. There are several reasons for this change.
Two relatively unskilled workers can install high-strength bolts, whereas four skilled
workers were required for riveting. In addition, the riveting operation was noisy and
somewhat dangerous because of the practice of tossing the heated rivet from the
point of heating to the point of installation. Riveted connection design is no longer
covered by the AISC Specification, but many existing structures contain riveted
joints, and the analysis of these connections is required for the strength evaluation
and rehabilitation of older structures. Section 5.2.6 of AISC Appendix 5, “Evalu-
ation of Existing Structures,” specifies that ASTM A502 Grade 1 rivets should be
assumed unless there is evidence to the contrary. Properties of rivets can be found
in the ASTM Specification (ASTM, 2016¢). The analysis of riveted connections is
essentially the same as for connections with common bolts; only the material prop-
erties are different.

375
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FIGURE 7.1

FIGURE 7.2

Welding has several advantages over bolting. A welded connection is often sim-
pler in concept and requires few, if any, holes (sometimes erection bolts may be
required to hold the members in position for the welding operation). Connections
that are extremely complex with fasteners can become very simple when welds are
used. A case in point is the plate girder shown in Figure 7.1. Before welding be-
came widely used, this type of built-up shape was fabricated by riveting. To attach
the flange plates to the web plate, angle shapes were used to transfer load between
the two elements. If cover plates were added, the finished product became even more
complicated. The welded version, however, is elegant in its simplicity. On the nega-
tive side, skilled workers are required for welding, and inspection can be difficult and
costly. This last disadvantage can be partially overcome by using shop welding instead
of field welding whenever possible. Quality welding can be more easily ensured under
the controlled conditions of a fabricating shop. When a connection is made with a
combination of welds and bolts, welding can be done in the shop and bolting in the
field. In the single-plate beam-to-column connection shown in Figure 7.2, the plate is
shop-welded to the column flange and field-bolted to the beam web.

In considering the behavior of different types of connections, it is convenient to
categorize them according to the type of loading. The tension member splices shown

[ﬁj —_——
=

S
Riveted Welded

A A
[ — ]
@] 5| i1
O 5L
O < 5|1
@] 5|1
@] 5|1
[ g ]
A A
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o000
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% IR
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in Figure 7.3a and b subject the fasteners to forces that tend to shear the shank of the
fastener. Similarly, the weld shown in Figure 7.3c must resist shearing forces. The con-
nection of a bracket to a column flange, as in Figure 7.3d, whether by fasteners or welds,
subjects the connection to shear when loaded as shown. The hanger connection shown
in Figure 7.3e puts the fasteners in tension. The connection shown in Figure 7.3f pro-
duces both shear and tension in the upper row of fasteners. The strength of a fastener
depends on whether it is subjected to shear or tension, or both. Welds are weak in shear
and are usually assumed to fail in shear, regardless of the direction of loading.

Once the force per fastener or force per unit length of weld has been determ-
ined, it is a simple matter to evaluate the adequacy of the connection. This de-
termination is the basis for the two major categories of connections. If the line of
action of the resultant force to be resisted passes through the center of gravity of
the connection, each part of the connection is assumed to resist an equal share
of the load, and the connection is called a simple connection. In such connections,
illustrated in Figure 7.3a, b, and c, each fastener or each unit length of weld will
resist an equal amount of force.” The load capacity of the connection can then

“There is actually a small eccentricity in the connections of Figure 7.3b and c, but it is usually neglected.
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7.2

FIGURE 7.4

be found by multiplying the capacity of each fastener or inch of weld by the total
number of fasteners or the total length of weld. This chapter is devoted to simple
connections. Eccentrically loaded connections, covered in Chapter 8, are those in
which the line of action of the load does not act through the center of gravity of the
connection. The connections shown in Figure 7.3d and f are of this type. In these
cases, the load is not resisted equally by each fastener or each segment of weld, and
the determination of the distribution of the load is the complicating factor in the
design of this type of connection.

The AISC Specification deals with connections in Chapter J, “Design of Con-
nections,” where bolts and welds are covered.

BOLTED SHEAR CONNECTIONS: FAILURE MODES

Before considering the strength of specific grades of bolts, we need to examine the
various modes of failure that are possible in connections with fasteners subjected to
shear. There are two broad categories of failure: failure of the fastener and failure of
the parts being connected. Consider the lap joint shown in Figure 7.4a. Failure of the
fastener can be assumed to occur as shown. The average shearing stress in this case
will be
P P
h A wd¥4

where P is the load acting on an individual fastener, A is the cross-sectional area of
the fastener, and d is its diameter. The load can then be written as

P=fA

Although the loading in this case is not perfectly concentric, the eccentricity is
small and can be neglected. The connection in Figure 7.4b is similar, but an anal-
ysis of free-body diagrams of portions of the fastener shank shows that each cross-
sectional area is subjected to half the total load, or, equivalently, two cross sections
are effective in resisting the total load. In either case, the load is P = 2f, A, and this

1 —1
P < T 1 [ ) —> P2
T ‘H‘ 2P P« . ,__,l = PR
~— P P/z-_» <
P-% P2, P
T=<—P P2 ‘i’—PQ
i .
~ p PR—5 . p
P—*i:gn P/2—=
P/2-—>.%./—“P/2

(a) Single Shear (b) Double Shear
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loading is called double shear. The bolt loading in the connection in Figure 7.4a,
with only one shear plane, is called single shear. The addition of more thicknesses
of material to the connection will increase the number of shear planes and further
reduce the load on each plane. However, that will also increase the length of the
fastener and could subject it to bending.

Other modes of failure in shear connections involve failure of the parts being
connected and fall into two general categories.

1. Failure resulting from excessive tension, shear, or bending in the parts
being connected. If a tension member is being connected, tension on both
the gross area and effective net area must be investigated. Depending on
the configuration of the connection, block shear might also need to be con-
sidered. Block shear must also be examined in beam-to-column connec-
tions in which the top flange of the beam is coped. (We covered block shear
in Chapters 3 and 5, and it is described in AISC J4.3.) Depending on the
type of connection and loading, connection fittings such as gusset plates
and framing angles may require an analysis for shear, tension, bending, or
block shear. The design of a tension member connection will usually be
done in parallel with the design of the member itself because the two pro-
cesses are interdependent.

2. Failure of the connected part because of bearing exerted by the fasteners.
If the hole is slightly larger than the fastener and the fastener is assumed to
be placed loosely in the hole, contact between the fastener and the connected
part will exist over approximately half the circumference of the fastener
when a load is applied. This condition is illustrated in Figure 7.5. The stress
will vary from a maximum at A to zero at B; for simplicity, an average
stress, computed as the applied force divided by the projected area of con-
tact, is used.

31— P

t
— i
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FIGURE 7.6

7.3

O © —

Thus the bearing stress would be computed as f, = P/(dr), where P is the
force applied to the fastener, d is the fastener diameter, and ¢ is the thickness
of the part subjected to the bearing. The bearing load is therefore P = f dt.

The bearing problem can be complicated by the presence of a nearby bolt or the
proximity of an edge in the direction of the load, as shown in Figure 7.6. The bolt
spacing and edge distance will have an effect on the bearing strength.

BEARING STRENGTH, SPACING, AND EDGE-DISTANCE
REQUIREMENTS

Bearing strength is independent of the type of fastener because the stress under consider-
ation is on the part being connected rather than on the fastener. For this reason, bearing
strength, as well as spacing and edge-distance requirements, which also are independent
of the type of fastener, will be considered before bolt shear and tensile strength.

The AISC Specification provisions for bearing strength, as well as all the
requirements for high-strength bolts, are based on the provisions of the specification
of the Research Council on Structural Connections (RCSC, 2014). The following
discussion, which is based on the commentary that accompanies the RCSC specific-
ation, explains the basis of the AISC specification equations for bearing strength.

A possible failure mode resulting from excessive bearing is shear tear-out at the
end of a connected element, as shown in Figure 7.7a. If the failure surface is ideal-
ized as shown in Figure 7.7b, the failure load on one of the two surfaces is equal to
the shear fracture stress times the shear area, or

R"—O6F€
) = 0. uct

where

0.6F, = shear fracture stress of the connected part
£, = distance from edge of hole to edge of connected part
t = thickness of connected part

The total strength is
R, =2(0.6F .t =12F Lt (7.1)
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This tear-out can take place at the edge of a connected part, as shown, or between
two holes in the direction of the bearing load.

In addition to tear-out, failure can occur by excessive elongation of the hole.
The failure load is proportional to the projected bolt bearing area times the rupture
stress, resulting in a nominal strength of

R, = C X bearing area X F,, = CdtF,, (7.2)
where

C = aconstant
d = bolt diameter
t = thickness of the connected part

If excessive deformation at service load is a concern, and it usually is, C is
taken as 2.4. This value corresponds to a hole elongation of about /4 inch (RCSC,
2014). In this book, we consider deformation to be a design consideration.

Although both of these limit states result from bearing, the AISC Specification
classifies them as follows:

Bearing:

R, = 2.4dtF, (AISC Equation J3-6a)
Tear-Out:

R, =12(.4F, (AISC Equation J3-6¢)
where

£, = clear distance, in the direction parallel to the applied load, from the edge of
the bolt hole to the edge of the adjacent hole or to the edge of the material
t = thickness of the connected part
F,, = ultimate tensile stress of the connected part (not the bolt)
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FIGURE 7.8

In this book, we use a slightly modified terminology. Instead of a limit state of
bearing, as in AISC Eq. J3-6a, we will refer to it as bearing deformation. Hence, the
two limit states for bearing are bearing deformation (R, = 2.4dtF,) and tear-out
(R, = 1.2€tF,). Both limit states must be checked.

For load and resistance factor design, the resistance factor is ¢ = 0.75, and the
design strength is

#R, = 0.75R,

For allowable strength design, the safety factor is () = 2.00, and the allowable strength is
R R

n n

Q  2.00

Figure 7.8 further illustrates the distance €.. When computing the bearing
strength for a bolt, use the distance from that bolt to the adjacent bolt or edge in the
direction of the bearing load on the connected part. For the case shown, the bearing
load would be on the left side of each hole. Thus the strength for bolt 1 is calculated
with €, measured to the edge of bolt 2, and the strength for bolt 2 is calculated with
{. measured to the edge of the connected part.

For the edge bolts, use ¢, = €, — h/2. For other bolts, use ¢, = s — A,

where

£, = edge-distance to center of the hole
s = center-to-center spacing of holes
h = hole diameter

AISC Equations J3-6a and J3-6¢ are valid for standard, oversized, short-slotted
and long-slotted holes with the slot parallel to the load. We use only standard holes
in this book (holes /i6-inch or 4-inch larger than the bolt diameter). For those
cases where deformation is not a design consideration, and for long-slotted holes
with the slot perpendicular to the direction of the load, AISC gives other strength
expressions.

When computing the distance €., use the actual hole diameter, and do not add the
/16 inch as required in AISC B4.3b for computing the net area for tension and shear.

*&’{ l«— £C_>

|
O Ol

e
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In other words, use a hole diameter of

1 1
h=d+Ein. or d+§in.

(if the extra /16 in. were erroneously added, the slight error would be on the con-
servative side).

Spacing and Edge-Distance Requirements

To maintain clearances between bolt nuts and to provide room for wrench sockets,
AISC J3.3 requires that center-to-center spacing of fasteners (in any direction) be
no less than 2%d and preferably no less than 3d, where d is the fastener diameter.
Minimum edge distances (in any direction), measured from the center of the hole,
are given in AISC Table J3.4 as a function of bolt size. The spacing and edge dis-
tance to be considered, denoted s and ¢,, are illustrated in Figure 7.9.

Summary of Bearing Strength, Spacing, and
Edge-Distance Requirements (Standard Holes)

a. Bearing strength:

Bearing deformation: R, = 2.4dtF, (AISC Equation J3-6a)
Tearout: R, = 1.2{.F, (AISC Equation J3-6¢)

b. Minimum spacing and edge distance: In any direction, both in the line of
force and transverse to the line of force,

s =2%4d (preferably 3d)
£, = value from AISC Table J3.4

For single- and double-angle shapes, the workable gage distances given in
Table 1-7A in Part 1 of the Manual (see Section 3.6 of this book) may be used in
lieu of these minimums.
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Example 71

Check bolt spacing, edge distances, and bearing for the connection shown in
Figure 7.10.

FIGURE 7.10

Solution From AISC J3.3, the minimum spacing in any direction is

2%/.d = 2.667 (i) = 2.00 in.

Actual spacing = 2.50 in. > 2.00 in. (OK)

From AISC Table J3.4, the minimum edge distance in any direction is 1 inch.
Actual edge distance = 1% in. > 1in. (OK)

Check bearing on both the tension member and the gusset plate.

Tension Member
For all holes, the bearing deformation strength is

R, = 2.4dIF, = 2.4(2)@(58) = 52.20 kips

For computation of tear-out strength, use a hole diameter of

1 3 1 13,
=d+—="+—="in.
h=d+ =2 16 " 16™

For the holes nearest the edge of the member,

h 13/16
€= — > =125~ % = 0.8438 in.

R, = 1.2.F,

1
= 1.2(0.8438)(2)(58) = 29.36 kips

Since 29.36 kips < 52.20 kips, tear-out strength controls, and R, = 29.36 kips.
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For the other holes,

13 .
€C—s—h—2.5—£—1.688m.

R, = 12¢tF,
1
=12 (1.688)(2>(58) = 58.74 kips
Since 52.20 kips < 58.74 kips, bearing deformation controls, and R, = 52.20 kips.
The bearing strength for the tension member is
R, =2(29.36) + 2(52.20) = 163.1 kips

Shear has been neglected in this example. In an actual connection, shear must be con-
sidered, and the connection strength could be a combination of both shear and bearing
strengths. There would not be a separate bearing strength for the connection. This is
illustrated in Section 7.4; the bearing strength of the connection given here is just an
illustration of how different bolts can have different strengths.

Gusset Plate
For all holes, the bearing deformation strength is

Rn=2%M2=241x95@=395km5

Check tear-out for the holes nearest the edge of the member.

h 13/16 _
le=t,—5=125——"—=08438n

R, = 1.20.(F,
3
=LMQM%%JG&=2HHMW<39ﬁhm

Therefore, for the edge bolts, tear-out controls, and R, = 22.02 kips.
For the other holes,

13
€.=s—h=25—-—=1688in.

16
R, = 1.2¢ tF,
3
= 1.2(1.688)(8>(58) = 44.06 kips

Since 39.15 kips < 44.06 kips, bearing deformation controls, and R,, = 39.15 kips.

The bearing strength for the gusset plate is

R, =2(22.02) +2(39.15) = 122.3 kips
The gusset plate controls. The nominal bearing strength for the connection is therefore

R, = 122.3 kips
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LRFD
solution

ASD
solution

Answer

7.4

The design strength is $R, = 0.75(122.3) = 91.7 kips.
The required strength is

R, =12D + 1.6L = 1.2(15) + 1.6(45) = 90.0 kips < 91.7kips  (OK)

. R, 1223 .
The allowable strength is Q- 200 - 61.2 kips.

The required strength is
R,=D + L =15+ 45 = 60 kips < 61.2 kips (OK)

Bearing strength, spacing, and edge-distance requirements are satisfied.

The bolt spacing and edge distances in Example 7.1 are the same for both the
tension member and the gusset plate. In addition, the same material is used. Only
the thicknesses are different, so the gusset plate will control. In cases such as this
one, only the thinner component need be checked. If there is a combination of dif-
ferences, such as different thicknesses, edge distances, and grades of steel, both the
tension member and the gusset plate should be checked.

SHEAR STRENGTH

While bearing strength is independent of the type of fastener, shear strength is not.
In Section 7.2, we saw that the shear load on a bolt is

P:vab

where f, is the shearing stress on the cross-sectional area of the bolt and A, is the
cross-sectional area. When the stress is at its limit, the shear load is the nominal
strength, given by

Rn = anAb

where
F, = nominal shear strength (expressed as a stress)
A, = cross-sectional area of the unthreaded part of the bolt (also known as the
nominal bolt area or nominal body area)

The nominal shearing strength depends on the type of bolt material. Structural
bolts are available in two general categories: common bolts and high-strength bolts.
Common bolts, also known as unfinished bolts, are designated as ASTM A307. The
chief distinction between A307 bolts and high-strength bolts, other than the ulti-
mate stress, is that the high-strength bolts can be tightened to produce a predict-
able tension in the bolt, which can be relied on to produce a calculable clamping
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force. Although A307 bolts are adequate for many applications, they are rarely used
today. You might say that common bolts are uncommon.

High-strength bolts are covered under ASTM F3125. Within this standard are
Grade A325 (and its special-installation counterpart Grade F1852) and Grade A490
(and its special installation counterpart Grade F2280). The special-installation
bolts have twist-off ends that simplify installation when a specific bolt pretension is
required. (We cover this later in this chapter.)

ASTM A325 and A490 are the traditional high-strength bolts and are covered
in the Specification for Structural Joints Using High-Strength Bolts (RCSC, 2014),
which is the basis for the AISC provisions for high-strength bolts. A490 bolts have a
higher ultimate tensile strength than A325 bolts and are assigned a higher nominal
strength. They were introduced long after A325 bolts had been in general use, pri-
marily for use with high-strength steels (Bethlehem Steel, 1969).

AISC Specification J3.1 shows these high-strength bolts in three groups, orga-
nized by strength, as follows:

Group A: ASTM F3125 Grades A325 and F1852
Group B: ASTM F3125 Grades A490 and F2280
Group C: ASTM F3043 and F3111

Group C bolts are very high-strength bolts and have special environmental require-
ments. They will not be considered in this book. In this book, we will use the desig-
nations Group A and Group B. For example, instead of referring to an ASTM A325
bolt, we will call it a Group A bolt. The usual selection process is to determine the
number of Group A bolts needed in a connection, and if too many are required, use
Group B bolts.

The nominal shear strength, F,, is based on the ultimate tensile stress of the
bolt with several modification factors. First, the ultimate shear stress is taken as
0.625 times the ultimate tensile stress (Fisher et al., 1978). Next, there is a length
factor of 0.90 for connections no longer than 38 inches (for longer connections, this
factor is reduced to 0.75). If the threads are in the plane of shear, the reduction of
the bolt area is accounted for by using 80% of the nominal bolt area. Instead of
applying this reduction directly to the bolt area, a factor of 0.80 is applied to F,,.
In this way, the nominal bolt area can be used whether the threads are in or out of
the plane of shear. For example, the ultimate tensile strength of a Group A bolt is
120 ksi, so the nominal shear strength with the threads not in the shear plane is

F,, = 120(0.625)(0.90) = 67.5 ksi
If the threads are in the shear plane,
F,, =0.8(67.5) = 54 ksi

The nominal shear strength of ASTM A307 bolts is based on the assumption that the
threads will always be in the plane of shear. The shear strengths of A307, Group A,
and Group B bolts, rounded to the nearest ksi, are summarized in AISC Table J3.2.
AISC Table J3.2 refers to threads in a plane of shear as “not excluded from
shear planes” and refers to threads not in a plane of shear as “excluded from shear
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FIGURE 7.11

planes.” The first category, threads included in the shear plane, is sometimes re-
ferred to as connection type “N.” The designation “X” can be used to indicate that
threads are excluded from the plane of shear.

Although it is sometimes possible to determine in advance whether bolt threads
will be in the plane of shear, it may depend on such things as which side of the con-
nection the bolt is installed from. When it is not known whether the threads are in
the plane of shear, assume that they are and use the lower shear strength. (In most
cases, when the higher strength corresponding to threads not in shear is used, some
limit state other than bolt shear will control the joint design.) For LRFD, the resist-
ance factor is 0.75, and the design strength is

¢R, = 0.15F, A,
For ASD, the safety factor is 2.00, and the allowable strength is

Rn _ anAb
QO 2.00
Example 7.2

Determine the strength of the connection shown in Figure 7.11, based on bearing
and shear, for the following bolts:

a. A307
b. Group A, threads in the plane of shear
¢. Group A, threads not in the plane of shear

%" gussetPL

PL. %6 X 24
Ve

o O —
|
A36 steel
// 301
1.5" 3 1.5" %" -diam. bolts
| || [

Solution The connection can be classified as a simple connection, and each fastener can be

considered to resist an equal share of the load. Because the bearing strength will be
the same for parts (a), (b), and (c), it will be calculated first.

Since the edge distances are the same for both the tension member and the gus-
set plate, the bearing strength of the gusset plate will control because it is thinner
than the tension member.

For both holes, the bearing deformation strength is

3
R, = 2.4dtF, = 2.4(4)(2)(58) = 39.15 kips
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For computation of tear-out strength, use a hole diameter of
1 3 1 13.
= ——in.

h=d 16 4 16 16
For the holes nearest the edge of the member,
h 13/16 .
€.=1€,— 7= L3 = 7 = 1.094 in.
R, = 1.2€.tF,

3
= 1.2(1.094)(8)(58) — 28.55 kips < 39.15 kips

Therefore, for the edge bolt, tear-out controls, and R,, for this bolt is 28.55 kips.
For the other hole,

13 .
€C=s—h=3—g=2.1881n.

R, = 1.2.F,

= 1.2(2.188) @(58) = 57.11 kips

Since 39.15 kips < 57.11 kips, bearing deformation controls, and R, for this bolt is
39.15 Kkips.

The bearing and shear strengths of a bolted connection cannot be considered
independently. The individual strength at a given bolt location is the minimum of
the bearing and shear strengths at that location. This is explained in AISC Section
J3.6 in the User Note. The capacity of the connection is the sum of the individual
strengths.

The Commentary to Section J3.6 states that the capacity of a bolt group can
be approximated by using the strength of the weakest bolt for each of the bolts (the
“poison bolt” concept). In this book, we use the sum of the individual strengths.

a. The bolts in this connection are subject to single shear, and the nominal strength
of one bolt is
R, =F, A,
The nominal bolt area is
wd w34y
4 4
For A307 bolts, the nominal shear strength is F,, = 27 ksi, and

Ay = = 0.4418 in.2

R, = 27(0.4418) = 11.93 kips
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Answer

Answer

Answer

This value is smaller than the bearing strength at each hole, so the total nominal
strength for the connection is

R, =11.93 + 11.93 = 23. 86 kips

For LRFD, the design strength is R, = 0.75(23.86) = 17.9 kips.

R
For ASD, the allowable strength is —* = 2396 _ 12.0 kips.

Q 200

b. For Group A bolts with the threads in the plane of shear (type N), the nominal
shear strength is F,, = 54 ksi, and

R, = F, A, = 54(0.4418) = 23.86 kips

As in part (a), this value is smaller than the bearing strength at each hole, so the
total nominal strength for the connection is

R, = 23.86 + 23.86 = 47.72 kips

For LRFD, the design strength is ¢ R, = 0.75(47.72) = 35.8 kips.

. R, 4172 .
For ASD, the allowable strength is — = ——— = 239 kips.

Q 200

c. For Group A bolts with the threads not in the plane of shear (type X), the nomi-
nal shear strength is F,, = 68 ksi, and

R, = F, A, = 68(0.4418) = 30.04 kips

At the hole nearest the edge, the bearing strength of 28.55 kips is less than the
shearing strength of 30.04 kips. At the other hole, the shearing strength is smaller.
The total strength is therefore

R, = 28.55 + 30.04 = 58.59 kips

For LRFD, the design strength is ¢ R, = 0.75(58.59) = 43.9 kips.

. R, 5859 .
For ASD, the allowable strength is —= = ———— = 29.3 kips.

Q 200

All spacing and edge-distance requirements are satisfied. The minimum edge dis-
tance required by AISC Table J3.4 is 1 inch, and this requirement is satisfied in both
the longitudinal and transverse directions. The bolt spacing s is 3 inches, which is
greater than 2%3d = 2.667(¥4) = 2 in.

Note that some other limit state that has not been checked, such as tension
on the net area of the member, may govern the strength of the connection of
Example 7.2.
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Example 7.3

A plate *g X 6 is used as a tension member to resist a service dead load of 12 kips
and a service live load of 33 kips. This member will be connected to a */s-inch gusset
plate with %4-inch-diameter Group A bolts. A36 steel is used for both the tension
member and the gusset plate. Assume that the bearing strength is adequate, and
determine the number of bolts required based on bolt shear.

LRFD The factored load is
solution P, =12D + 1.6L = 1.2(12) + 1.6(33) = 67.2 kips

Compute the capacity of one bolt. It is not known whether the bolt threads are in the
plane of shear, so conservatively assume that they are. The nominal shear strength
is therefore

R,=F, A, = 54(0.4418) = 23.86 kips
and the design strength is

¢R,, = 0.75 (23.86) = 17.90 kips per bolt
The number of bolts required is

67.2 kips

———————— =3.75bolts
17.90 kips / bolt

Answer Use four %-inch-diameter Group A bolts.

ASD The total load is

solution P,=D+ L =12 + 33 = 45 kips

Compute the capacity of one bolt. It is not known whether the bolt threads are in the
plane of shear, so conservatively assume that they are. The nominal shear strength is
therefore

R, =F, A, = 54(0.4418) = 23.86 kips

and the allowable strength is

R, 23.86 .
Q- 200 11.93 kips per bolt

The number of bolts required is
45 kips

———————— =13.77 bolts
11.93 kips / bolt

Answer Use four ¥%-inch-diameter Group A bolts.
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7.5

FIGURE 7.12

In Example 7.3, the bearing strength was assumed to be adequate. In an actual
design situation, the spacing and edge distances would be selected once the required
number of bolts was determined, and then the bearing strength could be checked. If
the bearing strength was inadequate, the spacing and edge distances could be changed,
or more bolts could be used. Subsequent examples will illustrate this procedure.

INSTALLATION OF HIGH-STRENGTH BOLTS

In certain cases, high-strength bolts are installed to such a degree of tightness that
they are subjected to extremely large tensile forces. For example, the initial tension
in a Y%-inch-diameter, Group A bolt can be as high as 19 kips. A complete list of min-
imum tension values, for those connections in which a minimum tension is required,
is given in AISC Table J3.1, “Minimum Bolt Pretension.” Each value is equal to
70% of the minimum tensile strength of the bolt. The purpose of such a large tensile
force is to achieve the clamping force illustrated in Figure 7.12. Such bolts are said
to be fully tensioned.

As a nut is turned and advanced along the threads of a bolt, the connected
parts undergo compression and the bolt elongates. The free-body diagrams in
Figure 7.12a show that the total compressive force acting on the connected part
is numerically equal to the tension in the bolt. If an external load P is applied, a

7 L ] — T T T
T ) 1 Total = N T
X N
1 N
Elongation Total = N *T ;
R RLUR R, |
T ttt
Connected parts Connected
and bolt parts only
(a) No external loads
P P lH
—— | | ——
—— * — F
i P N
N
- F

————>P

Connected parts only

(b) External load applied
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friction force will develop between the connected parts. The maximum possible
value of this force is

F=uN

where p is the coefficient of static friction between the connected parts, and N is the
normal compressive force acting on the inner surfaces. The value of u will depend on
the surface condition of the steel —for example, whether it is painted or whether rust
is present. Thus each bolt in the connection is capable of resisting a load of P = F,
even if the bolt shank does not bear on the connected part. As long as this frictional
force is not exceeded, there is no bearing or shear. If P is greater than F and slippage
occurs, shear and bearing will then exist and will affect the capacity of the connection.

How is this high tension accurately achieved? There are currently four author-
ized procedures for the installation of high-strength bolts (RCSC, 2014).

1. Turn-of-the-nut method. This procedure is based on the load-deformation
characteristics of the fastener and the connected parts. One full turn of a
nut corresponds to a fixed length of travel along the bolt threads, which can
be correlated to the elongation of the bolt. The stress—strain relationship for
the bolt material can then be used to compute the tension in the bolt.

For any size and type of bolt, therefore, the number of turns of the nut
required to produce a given tensile force can be computed. Table 8.2 in the
high-strength bolt specification (RCSC, 2014) gives the required nut rotation
for various bolt sizes in terms of the ratio of length to diameter. The speci-
fied rotation is from a snug position, with snug being defined as the tightness
necessary to bring all elements of the connection into firm contact. In spite of
all the uncertainties and variables involved, the turn-of-the-nut method has
proved to be reliable and surprisingly accurate.

2. Calibrated wrench tightening. Torque wrenches are used for this purpose.
The torque required to attain a specified tension in a bolt of a given size
and grade is determined by tightening this bolt in a tension-indicating de-
vice. This calibration must be done daily during construction for bolts of
each size and grade.

3. Twist-off-type bolts. These are specially designed bolts that must be
installed with specially designed power wrenches. The bolts have splined
ends over which an inner socket of the wrench fits. As the outer socket
tightens the nut, the inner socket turns the splined end of the bolt in the
opposite direction. The wrenches are calibrated for the size and strength
of the bolt, and when the required tension is reached, the end twists off.
This makes inspection of the installation particularly easy. In the Group A
category, the ASTM designation is F1852 (same strength as A325). In the
Group B category, the designation is F2280 (same strength as A490).

4. Direct tension indicators. The most common of these devices is a washer
with protrusions on its surface. When the bolt is tightened, the protru-
sions are compressed in proportion to the tension in the bolt. A pre-
scribed amount of deformation can be established for any bolt, and when
that amount has been achieved, the bolt will have the proper tension. The
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7.6

deformation can be determined by measuring the gap between the nut or
bolt head and the undeformed part of the washer surface. Inspection of the
bolt installation is also simplified when this type of direct tension indicator
is used, as only a feeler gage is required.

Not all high-strength bolts need to be tightened to the fully tensioned condition.
AISC J3.1 permits the bolts in some connections to be snug tight. These include
bearing-type connections (see Section 7.6 of this book), most tension connections
(Section 7.8), and most combined shear and tension connections (Section 7.9). AISC
J3.1(b) describes the connections for which fully tensioned bolts are required.

SLIP-CRITICAL AND BEARING-TYPE CONNECTIONS

A connection with high-strength bolts is classified as either a slip-critical connection
or a bearing-type connection. A slip-critical connection is one in which no slip-
page is permitted —that is, the friction force must not be exceeded. In a bearing-type
connection, slip is acceptable, and shear and bearing actually occur. In some types
of structures, notably bridges, the load on connections can undergo many cycles of
reversal. In such cases, fatigue of the fasteners can become critical if the connection
is allowed to slip with each reversal, and a slip-critical connection is advisable. In
most structures, however, slip is perfectly acceptable, and a bearing-type connection
is adequate. (A307 bolts are used only in bearing-type connections.) Proper install-
ation and achievement of the prescribed initial tension is necessary for slip-critical
connections. In bearing-type connections, the only practical requirement for the in-
stallation of the bolts is that they be tensioned enough so that the surfaces of contact
in the connection firmly bear on one another. This installation produces the snug-
tight condition referred to earlier in the discussion of the turn-of-the-nut method.

As discussed earlier, the resistance to slip will be a function of the coefficient of
static friction and the normal force between the connected parts. This relationship
is reflected in the provisions of the AISC Specification. The nominal slip resistance
of a bolt is given by

R, = uD,h/Tyn, (AISC Equation J3-4)
where

p = mean slip coefficient (coefficient of static friction) = 0.30 for Class A
surfaces

D,, = ratio of mean actual bolt pretension to the specified minimum preten-
sion. This is to be taken as 1.13 unless another factor can be justified.

h; = filler factor

T, = minimum fastener tension from AISC Table J3.1

ng, = number of slip planes (shear planes)

A Class A surface is one with clean mill scale (mill scale is an iron oxide that
forms on the steel when it is produced). The Specification covers other surfaces,
but in this book we conservatively use Class A surfaces, which are assigned the
smallest slip coefficient.



Solution

FIGURE 7.13

7.6: Slip-Critical and Bearing-Type Connections 395

The filler factor, hf, accounts for the presence of filler plates, which are some-
times added to connections to bring elements into alignment. This can occur,
for example, when members of different depths are spliced. Recent research has
shown that the presence of fillers can affect the slip resistance of a connection
(Borello, D. J., Denavit, M. D., and Hajjar, J. F., 2009). The Specification gives the
following values for the filler factor:

e  Where one filler is used, hf =1.0
e Where two fillers are used, hf = 0.85

Filler plates are covered in more detail in the Commentary to AISC Section J3.8.

In this book, we do not use fillers in any connections, so we will always use /i, =
1.0. The resistance factor for LRFD and the safety factor for ASD are different for
different types of bolt holes. For standard holes (the only type considered in this
book), these factors are

»=100 and Q=150

Although slip-critical connections are designed to not slip, if slip does occur because
of an overload, the bolts must be capable of resisting shear and bearing. AISC J3.8
requires that shear and bearing be checked in slip-critical connections.

Example 7.4

The connection shown in Figure 7.13a uses %4-inch-diameter Group A bolts with
the threads in the shear plane. No slip is permitted. Both the tension member
and the gusset plate are of A36 steel. Determine the strength of the connection.

Both the design strength (LRFD) and the allowable strength (ASD) will be com-
puted. For efficiency, the nominal strength for each limit state will be computed
before specializing the solution for LRFD and ASD.

3/1 ’ 1.517

%" gusset PL

B
+\| e 3¢—%

157 o o Gussct plate
3/’ r 1 5” ’;H
.57 9 @ #l‘ ’4—» ‘
0 .
o <—>—3 ‘4— — /%
1.57 1.5" Tension member

(a) (b)
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Shear strength: For one bolt,

3/4)2
_ T _ o aa1gin?

Ab
R, = F, A, = 54(0.4418) = 23.86 kips/bolt

Slip-critical strength: Because no slippage is permitted, this connection is clas-
sified as slip-critical. From AISC Table J3-1, the minimum bolt tension is
T, = 28 kips. From AISC Equation J3-4,

R, =unD,hiTyn, = 0.30(1.13)(1.0)(28)(1.0) = 9.492 kips/bolt
For four bolts,

R, = 4(9.492) = 37.97 kips

Bearing strength: Since both edge distances are the same, and the gusset plate is
thinner than the tension member, the gusset plate thickness of ¥s inch will be used.
For all holes, the bearing deformation strength is

R, = 24diF, = 2.4(2)(2)(58) = 39.15 kips

For computation of tear-out strength, use a hole diameter of

i3 i i,
A A AR T

For the holes nearest the edge of the gusset plate,

h 13/16 .
€c=0—5=15-""—=10%in,
R, = 1.20.(F,

= 1.2(1.094)(;)(58) — 28.55 kips < 39.15 kips

Therefore, for the edge bolts, tear-out controls, and R, for these bolts is 28.55 kips/bolt.
For the other holes,

13 :
€C—s—h—3—R—2.188m.

R, = 1.204F,
3 .
= 1.2(2.188)(8>(58) = 57.11 kips

Since 39.15 kips < 57.11 kips, bearing deformation controls, and R,, for these bolts
is 39.15 kips/bolt.
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The shearing strength is less than the bearing strength at each hole, so the nom-
inal strength based on shear and bearing is

R, = 4(23.86) = 95.44 kips

Check the strength of the tension member.

Tension on the gross area:
1 .
P,=FA,= 36(6 X 2) = 108.0 kips

Tension on the net area: All elements of the cross section are connected, so shear lag
is not a factor and A, = A,.. For the hole diameter, use

1 3 1 7.
h=d 3 2173 81n

The nominal strength is

1
P,=F,A, = Fw, — Zh) = 58<2>[6 - 2(2)] = 123.3 kips

Block shear strength: The failure block for the gusset plate has the same dimen-
sions as the block for the tension member except for the thickness (Figure 7.13b).
The gusset plate, which is the thinner element, will control. There are two shear-
failure planes:

_ 3 — 2
A, =2 X §(3 + 1.5) = 3.375 in.
Since there are 1.5 hole diameters per horizontal line of bolts,
3 7 . 2
A, =2X23+15-15(5][=23%1in.
8 8
For the tension area,

3 7 .
A, = 8(3 - 8) = 0.7969 in.?
Since the block shear will occur in a gusset plate, U,, = 1.0. From AISC Equation J4-5,
Rn = O'6Fl ny + UbsFuAnt
= 0.6(58)(2.391) + 1.0(58)(0.7969) = 129.4 kips

with an upper limit of

0.6F, Ay, + Uy F,A,, = 0.6(36)(3.375) + 1.0(58)(0.7969) = 119.1 kips

u*-nt

The nominal block shear strength is therefore 119.1 kips.
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Design Strength for LRFD
Bolt shear/bearing strength:

¢R, = 0.75(95.44) = 71.6 kips
Slip-critical strength:

¢R, = 1.0(41.96) = 42.0 kips
Tension on the gross area:

¢, P, = 0.90(108.0) = 97.2 kips
Tension on the net area:

¢, P, = 0.75(123.3) = 92.5 kips
Block shear strength:

¢R, = 0.75(119.1) = 89.3 kips
Of all the limit states investigated, the strength corresponding to slip is the smallest.

Answer Design strength = 42.0 kips.

Allowable Strength for ASD
Bolt shear/bearing strength:

R, 9544 .
6 = W =477 klpS
Slip-critical strength:
R, 4196
—=———=28.0ki
Q " 1s0 2SOk
Tension on the gross area:
P, 108.0
—=——=047ki
Q, 167 1
Tension on the net area:
P, 1233
—=——=0617ki
Q, 200 s
Block shear strength:
R, 1191 .
o200 59.6 kips

Of all the limit states investigated, the strength corresponding to slip is the smallest.

Answer Allowable strength = 28.0 kips.
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Tables for Bolt Strength
Manual Tables 7-1 through 7-5 give values for bolt shear, tensile, and slip-critical
strengths and bearing strength at bolt holes. Their use will be illustrated in Example 7.5.

Example 7.5

Determine the strength of the connection of Example 7.4 based on the limit states
of shear, slip-critical, and bearing strengths. Use LRFD.

Bolt shear strength: From Manual Table 7-1, for 3/4-inch Group A bolts, type N
(threads included in shear plane), and S (single shear),

¢r, = 17.9 kips/bolt

(These tables use a lowercase r to denote the strength of an individual bolt.)

Slip-critical strength: From Manual Table 7-3 (for Group A bolts and p = 0.30), use
STD (standard hole) and S (single shear). The slip-critical strength is

¢r, = 9.49 kips/bolt

Bearing strength: There are two tables in the Manual available for bearing strength:
Table 7-4 for strength based on bolt spacing and Table 7-5 for strength based on bolt
edge distance.

Inner bolts: From Table 7-4, for STD (standard hole), F,, = 58 ksi, the bearing
strength is ¢r, = 78.3 kips/bolt per inch of connected part thickness. Therefore, for
the gusset plate (the thinner part), the strength is

¢r, = 78.3t = 78.3(3/8) = 29.4 kips/bolt

Edge bolts: From Table 7-5, only two edge distances are given: 1/ inches and
2 inches. Our edge distance is 1.5 inches. We can conservatively use 1% inches, and
if the strength is not adequate, we can manually compute the bearing strength. The
gusset plate bearing strength is therefore

¢r, = 44.0t = 44.0(3/8) = 16.5 kips/bolt

Even with a conservative estimate of the bearing strength, the slip-critical strength
controls.

The strength of the connection based on the limit states investigated is
¢R, = 4(9.49) = 38.0 kips.
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7.7

LRFD
solution

FIGURE 7.14

In Example 7.5, the tensile strength was not required. The use of Manual
Table 7-2 for this value is intuitive and is similar to Table 7-1 for shear strength.
The bearing-strength tables, however, contain some values that require explana-
tion. In Table 7-4, a value st is defined as the spacing s at which the full bear-
ing strength is available. This full bearing strength is the bearing deformation
strength; that is, ¢r, = ¢(2.4dtF,). Similarly, Table 7-5 defines a value ¢, tull,
which is the edge distance at which the full bearing strength, ¢r, = ¢(2.4dtF,),
can be used.

DESIGN EXAMPLES

Although an elementary bolt design was illustrated in Example 7.3, most examples
so far have been review or analysis. Examples 7.5-7.7 demonstrate more realistic
design situations. Manual Tables 7-1 through 7-5 will be used in these examples.

Example 7.6

A 4-inch-thick tension member is connected to two 4-inch splice plates, as
shown in Figure 7.14. The loads shown are service loads. A36 steel and %4-inch-
diameter, Group A bolts will be used. If slip is permissible, how many bolts are
required? Each bolt centerline shown represents a row of bolts in the direction of
the width of the plates.

Shear: These bolts are in double shear. From Manual Table 7-1,

¢r, = 24.9 kips/bolt



Answer

ASD
solution
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Assume that shear controls and then check bearing. The required strength of the
connection is

P,=12D + 1.6L = 1.2(30) + 1.6(25) = 76 kips
required strength 76
strength per bolt 249

Number of bolts required = = 3.05 bolts

Try four bolts, two per line, on each side of the splice.

Bearing: The bearing force on the %s-inch-thick tension member will be twice as
large as the bearing force on each of the !/4-inch splice plates. Because the total load
on the splice plates is the same as the load on the tension member, for the splice
plates to be critical the total splice plate thickness must be less than the thickness of
the tension member—and it is. For the inner holes and a spacing of 3 inches, Manual
Table 7-4 gives

1 1
¢r, = 65.3t = 65.3 <4 + 4) = 32.7 kips/bolt

For the holes nearest the edge of the plate, we will conservatively use an edge
distance of 1!/4 inches to find the bearing strength from Manual Table 7-5.

1 1
¢r, =473t = 47,3(4 + 4) = 23.7 kips/bolt

To obtain the strength of the connection based on shear and bearing, we con-
sider the total strength of the connection to be the sum of the minimum strengths at
each bolt location (AISC J3.6 User Note). Thus,

¢R, = 2(edge bolt strength) + 2(inner bolt strength)
=2(23.7) + 2(24.9) = 97.2 kips > 76 kips (OK)

Use four bolts, two per line, on each side of the splice. A total of eight bolts will be
required for the connection.

Shear: These bolts are in double shear. From Manual Table 7-1,
L 16.6 kips/bolt
Q
Assume that shear controls and then check bearing. The required strength of the

connection is

P,=D + L =30+ 25 = 55kips
required strength 55
strength per bolt 166

Number of bolts required = = 3.31 bolts



402 Chapter 7: Simple Connections

Answer

LRFD
Solution

Try four bolts, two per line, on each side of the splice.

Bearing: The bearing force on the -inch-thick tension member will be twice as
large as the bearing force on each of the /4-inch splice plates. Because the total load
on the splice plates is the same as the load on the tension member, and the total
splice plate thickness is less than that of the tension member, bearing on the splice
plates controls. For the inner holes and a spacing of 3 inches, Manual Table 7-4 gives

"n 1.1 .
= =435t=435(-+ | =21.
43.5t =43 5(4 4) 21.8 kips/bolt

For the holes nearest the edge of the plate, we will conservatively use an edge dis-
tance of 1'/4 inches to find the bearing strength from Manual Table 7-5.

"n 1.1 .
= =315=315(-+ =] =15.
31.5t =31 5(4 4) 15.8 kips/bolt

The total strength of the connection is the sum of the minimum strengths at each
bolt location (AISC J3.6 User Note). Thus,

R
Eﬂ = 2(edge bolt strength) + 2(inner bolt strength)
= 2(15.8) + 2(21.8) = 75.2 kips > 55 kips (OK)

Use four bolts, two per line, on each side of the splice. A total of eight bolts will be
required for the connection.

Example 7.7

The C8 X 18.75 shown in Figure 7.15 has been selected to resist a service dead load
of 18 kips and a service live load of 54 kips. It is to be attached to a *&-inch gusset
plate with 7&-inch-diameter, Group A bolts. Assume that the threads are in the
plane of shear and that slip of the connection is permissible. Determine the num-
ber and required layout of bolts such that the length of connection L is reasonably
small. A36 steel is used.

The factored load is
1.2D + 1.6L = 1.2(18) + 1.6(54) = 108.0 kips

We will select the number of bolts based on shear and verify that the bearing strength
is adequate once a final bolt layout has been determined. From Manual Table 7-1,
the shear strength is

¢r, = 24.4kips/bolt



7.7: Design Examples 403

FIGURE 7.15

required strength 108

= = 4.43bolt
strength per bolt  24.4 Ols

Number of bolts required =

Although five bolts will furnish enough capacity, try six bolts so that a symmetrical
layout with two gage lines of three bolts each can be used, as shown in Figure 7.16.
(Two gage lines are used to minimize the length of the connection.) We do not know
whether the design of this tension member was based on the assumption of one line
or two lines of fasteners; the tensile capacity of the channel with two lines of bolts
must be checked before proceeding. For the gross area,

P, =F,A, = 36(5.51) = 198.4 kips
The design strength is
¢,P, = 0.90(198.4) = 179 kips
Tension on the effective net area:
A, =551 - 2(57; + é)(0.487) = 4.536 in.”
The exact length of the connection is not yet known, so Equation 3.1 for U cannot

be used. Assume a conservative value of U = 0.60.

A, = A,U = 4.536(0.60) = 2.722 in.2
P, = F,A,=58(2.722) = 157.9 kips
¢, P, = 0.75(157.9) = 118 kips (controls)

The member capacity is therefore adequate with two gage lines of bolts.

FIGURE 7.16 \

o 0 O
o © O
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Check the spacing and edge distance transverse to the load.

From AISC J3.3,
.. . 7 .
Minimum spacing = 2.667(8) =233 in.

From AISC Table J3.4,
Minimum edge distance = 1! in.

A spacing of 3 inches and edge distances of 2% inches will be used transverse to
the load.

The minimum length of the connection can be established by using the min-
imum permissible spacing and edge distances in the longitudinal direction. The
minimum spacing in any direction is 224d = 2.33 in. Try 2Y% in. The minimum
edge distance in any direction is 1'/8 in. So that we can use the values in Manual
Table 7-5, try 1Y4 in. These distances will now be used to check the bearing strength
of the connection.

The gusset plate is the thinner of the two parts in bearing and will control. For
the inner holes, conservatively use the spacing of 27 d,, found in Manual Table 7-4.
The bearing strength based on this spacing is

3
¢r, =729t =729 (8) = 27.3 kips/bolt

For the holes nearest the edge of the gusset plate, use Manual Table 7-5 and an edge
distance of 1'/s inches.

3
¢r, = 40.8t = 40.8(8) = 15.3kips/bolt
Using the minimum of shear and bearing strengths for each bolt location, the total

connection strength is

¢R, = 2(edge bolt strength) + 4(inner bolt strength)
= 2(15.3) + 4(24.4) = 128kips > 108kips  (OK)

The tentative connection design is shown in Figure 7.17 and will now be checked
for block shear in the gusset plate (the geometry of the failure block in the channel
is identical, but the gusset plate is thinner).

Shear areas:

3
A, =2 X §(2.5 + 2.5 + 1.25) = 4.688 in.?

A, =2X% %[6.25 —2.5(1.0)] = 2.813 in.2
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Tension area:
A, = %(3 — 1.0) = 0.7500 in.2
For this type of block shear, U, = 1.0. From AISC Equation J4-5,
R,=0.6F,A, + U,F,A
= 0.6(58)(2.813) + 1.0(58)(0.7500) = 141.4 kips
with an upper limit of
0.6F,A,, + Uy, F, A, = 0.6(36)(4.688) + 1.0(58)(0.7500) = 144.8 kips
The nominal block shear strength is therefore 141.4 kips, and the design strength is
¢R, = 0.75(141.4) = 106 kips < 108 kips (N.G)

The simplest way to increase the block shear strength for this connection is to
increase the shear areas by increasing the bolt spacing or the edge distance; we will
increase the spacing. Although the required spacing can be determined by trial and
error, it can be solved for directly, which we do here. If we assume that the upper
limit in AISC Equation J4-5 does not control, the required design strength is

¢R _075(06 u nv+ Ubv nt)
= 0.75[0.6(58)A,,, + 1.0(58)(0.7500)] = 108 kips

Required A,,, = 2.888 in.?
3
A, = g[s + s+ 1.25 — 2.5(1.0)](2) = 2.888 in.?

Required s = 2.55 in. . Uses =2%in.
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Compute the actual block shear strength.

3 -
Agy =2 X S(2.75 + 275 + 1.25) = 5.063 in.

3
Ay = 5063 = 2(2.5 X 1.0)(2) = 3.188 in?
®R, = 0.75(0.6F,A, + U, F,A, )

u -nv

= 0.75[0.6(58)(3.188) + 1.0(58)(0.75)] = 116 kips > 108 kips  (OK)

Check the upper limit:
$[0.6F,A,, + UyF,A,] = 0.75[0.6(36)(5.063) + 1.0(58)(0.7500)]
= 115 kips < 116 kips

Therefore, the upper limit controls, but the strength is still adequate.
Using the spacing and edge distances selected, the minimum length is

L = 1Y41in. at the end of the channel
+ 2 spaces at 2% in.
+ 14 in. at the end of the gusset plate
= §81n. total

Answer Use the connection detail as shown in Figure 7.18.
ASD The total load is
Solution  p _p 4 1 =18+ 54 =72 kips

We will select the number of bolts based on shear and verify that the bearing strength
is adequate once a final bolt layout has been determined. From Manual Table 7-1,
the shear strength is

’
5" = 16.2 kips/bolt

1 3
22 s o o
3”
sy | @ 0 O |
It )
/
| L

4 2%" 2%71

—»l |
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The number of bolts required is

72

162 4.44 bolts

Although five bolts will furnish enough capacity, try six bolts so that a sym-
metrical layout with two gage lines of three bolts each can be used, as shown in
Figure 7.16. (Two gage lines are used to minimize the length of the connection.) We
do not know whether the design of this tension member was based on the assump-
tion of one line or two lines of fasteners; the tensile capacity of the channel with two
lines of bolts must be checked before proceeding. For the gross area,

P, =F,A, =36(5.51) = 198.4 kips
The allowable strength is

P, 1984
2 119k
0, 167 ks

Tension on the effective net area:
7 1 .5
A,=551-2 3 + 3 (0.487) = 4.536 in.

The exact length of the connection is not yet known, so Equation 3.1 for U cannot
be used. Assume a conservative value of U = 0.60.

A, = A,U = 4.536(0.60) = 2.722 in.2
P,=F,A, = 58(2.722) = 157.9 kips
P, 1579 .
ﬁt =250 79.0 kips (controls)
The member capacity is therefore adequate with two gage lines of bolts.

Check the spacing and edge distance requirements transverse to the load. From
AISCJ3.3,

Minimum spacing = 2.667(;) =233 in.

From AISC Table J3.4,
Minimum edge distance = 1'/gin.

A spacing of 3 inches and edge distances of 2% inches will be used transverse to the load.

The minimum length of the connection can be established by using the minimum
permissible spacing and edge distances in the longitudinal direction. The minimum spa-
cing is 2%4d = 2.33 inches. Try 2Y/ inches. The minimum edge distance in any direc-
tion is 1/ inches. So that we can use the values in Manual Table 7-5, try 1Y4 inches.
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These distances now will be used to check the bearing strength of the connection. The
gusset plate is the thinner of the two parts in bearing and will control. For the inner
holes, conservatively use the spacing of 2%/3d ,»in Manual Table 7-4. The bearing strength
based on this spacing is

T . . é . :
o 48.6t = 48.6(8) = 18.2kips/bolt
For the holes nearest the edge of the plate, the bearing strength from Table 7-5 is
Ty 5 3\ .
o 272t = 27.2<8> = 10.2kips/bolt

Using the minimum of shear and bearing strengths for each bolt location, the total
connection strength is

R
6" = 2(edge bolt strength) + 4(inner bolt strength)

=2(10.2) + 4(16.2) = 85.2 kips > 72 kips (OK)

The tentative connection design is shown in Figure 7.17 and will now be checked for
block shear in the gusset plate (the geometry of the failure block in the channel is
identical, but the gusset plate is thinner).

Shear areas:

— 3 — oo 2
Agy =2X2(25+25+125) = 4.688in.

3
A, =2x (625 - 2.5(1.0)] = 2.813 in.2
Tension area:
3
A, = g3 =1.0) = 07500 in.2

For this type of block shear, U, = 1.0. From AISC Equation J4-5,
R,=06FA, +U,FA,

u

= 0.6(58)(2.813) + 1.0(58)(0.75) = 141.4 kips
with an upper limit of
0.6F, A,, + U, F,A,, = 0.6(36)(4.688) + 1.0(58)(0.75) = 144.8 kips
The nominal block shear strength is therefore 141.4 kips, and the allowable strength is

R, 1414 . .
— === < .G.
Q- 2.00 70.7 kips < 72 kips (N.G.)
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The simplest way to increase the block shear strength for this connection is to
increase the shear areas by increasing the bolt spacing or the edge distance; we
will increase the spacing. Although the required spacing can be determined by
trial and error, it can be solved for directly, which we do here. If we assume that

the upper limit in AISC Equation J4-5 does not control, the required allowable
strength is

n u‘ “nt

QO Q
0.6(58)A4,,, + 1.0(58)(0.7500)
N 2.00 -7
Required 4, = 2.888 in.

R, O06FA,, + UyF,A

kips

3
A =Gl +5+125 - 25(1.0))(2) = 2888 in?

Required s = 2.55 in. ~Uses = 2%, in.

Compute the actual block shear strength.
- 3 — 2
A, =2X §(2.75 +2.75 + 1.25) = 5.063 in.

3
Ay =5.063 = 2 (25 X 10)(2) = 3.188 in?

R, 06FA, + U,FA,
Q Q
0.6(58)(3.188) + 1.0(58)(0.75
= (58)( ) (58)(0.75) = 77.2 kips > 72 kips (OK)
2.00
Check the upper limit:

0.6F,Ag, + UpF Ay 0.6(36)(5.063) + 1.0(58)(0.7500)
Q B 2.00
= 76.4 kips < 77.2 kips

Therefore, the upper limit controls, but the strength is still adequate.
Using the spacing and edge distances selected, the minimum length is

L = 1Y41in. at the end of the channel
+ 2 spaces at 2% in.
+ 1Y/4in. at the end of the gusset plate
= 8 in. total

Answer Use the connection detail as shown in Figure 7.18.
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Solution

FIGURE 7.19

The bolt layout in Example 7.7 is symmetrical with respect to the longitudinal
centroidal axis of the member. Consequently, the resultant resisting force provided by
the fasteners also acts along this line, and the geometry is consistent with the definition
of a simple connection. If an odd number of bolts had been required and two rows
had been used, the symmetry would not exist and the connection would be eccentric. In
such cases, the designer has several choices: (1) ignore the eccentricity, assuming that
the effects are negligible; (2) account for the eccentricity; (3) use a staggered pattern
of fasteners that would preserve the symmetry; or (4) add an extra bolt and remove
the eccentricity. Most engineers would probably choose the last alternative.

Example 7.8

Use LRFD and design a 13-foot-long tension member and its connection for a
service dead load of 8 kips and a service live load of 24 kips. No slip of the connec-
tion is permitted. The connection will be to a %-inch-thick gusset plate, as shown
in Figure 7.19. Use a single angle for the tension member. Use Group A bolts and
AS572 Grade 50 steel for both the tension member and the gusset plate.

The factored load to be resisted is
P,=12D + 1.6L = 1.2(8) + 1.6(24) = 48.0 kips

Because the bolt size and layout will affect the net area of the tension member, we
will begin with selection of the bolts. The strategy will be to select a bolt size for trial,
determine the number required, and then try a different size if the number is too large or
too small. Bolt diameters typically range from % inch to 1'% inches in %-inch increments.

Try %-inch bolts: From Manual Table 7-1, assuming that the threads are in the
shear plane, the shear strength is

¢r, = 12.4 kips/bolt

No slip is permitted, so this connection is slip-critical. We will assume class A sur-
faces, and for a g-inch-diameter Group A bolt, the minimum tension is 7, = 19 kips

\d‘n.

< e —

//(}roup A bolts

A572 Grade 50 steel

D=8k
L=24%k
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(from AISC Table J3.1). From Manual Table 7-3, the slip-critical strength for one
bolt is

¢r, = 6.44 kips/bolt

The slip-critical strength controls. We will determine the number of bolts based
on this strength and check bearing after selecting the member (because the bearing
strength cannot be computed until the member thickness is known). Hence

total load ~ 48.0
load per bolt  6.44

Number of bolts = = 7.5 bolts

Eight bolts will be required. Figure 7.20 shows two potential bolt layouts. Although
either of these arrangements could be used, the connection length can be decreased
by using a larger bolt size and fewer bolts.

Try 7/g-inch bolts: From Manual Table 7-1, assuming that the threads are in the
shear plane, the shear strength is

¢r, = 24.3 kips/bolt

From Manual Table 7-3, the slip-critical strength is
¢r, = 13.2 kips/bolt (controls)

The number of 74-inch bolts required is

48.0
@ = 3.6 bolts

Four 74-inch-diameter Group A bolts will be used. From AISC J3.3, the minimum
spacing is

7 7
s =2.607d = 2.667(8) =233in. (or, preferably, 3d = 3(8) = 2.631in.)

From AISC Table J3.4, the minimum edge distance is

L,=1%in.
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FIGURE 7.21 " " "
14" > 3 > | 14"

Try the layout shown in Figure 7.21 and select a tension member. The required gross
area is

_ P, 480
& 0.90F, 0.90(50)

A =1.07 in.2

and the required effective net area is
A= P, _ 480
¢ 0.75F, 0.75(65)

= 0.985in.?

The required minimum radius of gyration is
. L 13(12)
300 300
Try an L35 x 214 x Vj:
A,=145in?>1.07in>  (OK)
rmin = 7, = 0.541 in. > 0.52 in. (OK)

= (0.52 in.

For net area computation, use a hole diameter of 74 + % = 1.0 in.

7 1\(1 :
A=A, — Ay =145 — (8 + 8)(4) =1.2in2

Compute U with Equation 3.1:

x
=1-=

v L
=1—0'69ﬂ=0.9326

where ¥ = 0.607 inch for the long leg vertical. The effective net area is

A,= A U=12(09326) = 1.12in.2 > 0985in.2  (OK)
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Now check the bearing strength. The edge distance for the angle is the same as the
edge distance for the gusset plate and the angle is thinner than the gusset plate,
so the angle thickness of 4 inch will be used. For the inner holes and a spacing of
3 inches, the bearing strength from Manual Table 7-4 is

1
or, =102t = 102(4) = 25.5kips/bolt

For the holes nearest the edge of the tension member, use Manual Table 7-5 and an
edge distance of 1'/4 inches.

1
br, =457t = 45.7(4) — 11.4kips/bolt

Using the minimum of shear and bearing strengths for each bolt location, the con-
nection strength based on shear and bearing is

¢R, = edge bolt strength + 3(inner bolt strength)
= 11.4 + 3(24.4) = 84.6 kips > 48.0 kips (OK)

Now check block shear. With the bolts placed in the long leg at the workable gage
distance (see Manual Table 1-7A), the failure block is as shown in Figure 7.22. The
shear areas are

1 .,
Ag =7 (125 +9) =2563 in.

1
A, = 1 [1.25 + 9 — 3.5(1.0)] = 1.688 in.? (3.5 hole diameters)

The tension area is

1
A, = 1 [1.5 — 0.5(1.0)] = 0.2500 in.? (0.5 hole diameter)

" 3// 3// 3// "
1Y4 |11/4
\
—
\
\
\\I

£ |
2// %
1 Ik
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Answer

FIGURE 7.23

7.8

From AISC Equation J4-5,

R =06F,A, +U,F,A,
= 0.6(65)(1.688) + 1.0(65)(0.2500) = 82.08 kips

with an upper limit of
0.6F,A,, + Uy F, A, = 0.6(50)(2.563) + 1.0(65)(0.2500) = 93.14 kips

The nominal block shear strength is therefore 84.50 kips, and the design strength is
¢R, = 0.75(82.08) = 61.6 kips > 48.0 kips (OK)

Use an L3% X 2% X Y4 with the long leg connected. Use four ’4-inch-diameter,
Group A bolts, as shown in Figure 7.23.

3 n 3 n 3 n
14" | 14"
\
—
\
\
\\I
) |
2”

HIGH-STRENGTH BOLTS IN TENSION

When a tensile load is applied to a bolt with no initial tension, the tensile force in
the bolt is equal to the applied load. If the bolt is pretensioned, however, a large
part of the applied load is used to relieve the compression, or clamping forces, on
the connected parts. This was determined by Kulak, Fisher, and Struik (1987) and is
demonstrated here. Figure 7.24 shows a hanger connection consisting of a structural
tee-shape bolted to the bottom flange of a W shape and subjected to a tensile load.
A single bolt and a portion of the connected parts will be isolated and examined
both before and after loading.

Before loading, all forces are internal, and a free-body diagram of the as-
sembly is as shown in Figure 7.25a. For simplicity, all forces will be assumed to



FIGURE 7.24

FIGURE 7.25
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Sl
4]

be symmetrical with respect to the axis of the bolt, and any eccentricity will be
neglected. If the connected parts are considered as separate free bodies, the forces
consist of the bolt tension 7o and the normal clamping force No, shown here as
uniformly distributed. Equilibrium requires that 7o equals No. When the external
tensile load is applied, the forces on the assembly are as shown in Figure 7.25b, with
F representing the total tensile force applied to one bolt (again, the actual distri-
bution of the applied force per bolt has been idealized for simplicity). Figure 7.25¢
shows the forces acting on a free-body diagram of the segment of the structural tee

flange and the corresponding segment of the bolt. Summing forces in the direction
of the bolt axis gives

T=F+N
q
Ty
AAPR AL
(a)
F
—_——— T
b4

3 e v +_u_+_?_+_u_+ S
Foy T

vy

—_— —
F F

(b) ()
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The application of force F will increase the bolt tension and cause it to elongate by
an amount §,. Compression in the flange of the structural tee will be reduced, result-
ing in a distortion 8y, in the same sense and amount as 6,. A relationship between
the applied force and the change in bolt tension can be approximated as follows.

From elementary mechanics of materials, the axial deformation of an axially
loaded uniform member is

_PL (7.3)

p p—
AE

where
P = applied axial force
L = original, undeformed length
A = cross-sectional area
E = modulus of elasticity

Equation 7.3 can be solved for the load:

AES
P=— 7.4
- (74)
The change in bolt force corresponding to a given axial displacement , therefore is
ApEydy,
T=—— 7.5
- (75)

where the subscript indicates a property or dimension of the bolt. Application of
Equation 7.4 to the compression flange requires a somewhat more liberal inter-
pretation of the load distribution in that N must be treated as if it were uniformly
applied over a surface area, Ay. The change in the force N is then obtained from

Equation 7.4 as
AyE 0
AN = LR (7.6)
L
¢

where Ly is the flange thickness. As long as the connected parts (the two flanges) re-
main in contact, the bolt deformation, §,, and the flange deformation, Sﬂ, will be equal.
Because E, approximately equals £, (Bickford, 1981), and Ay is much larger than A,
ApEpdp  ApEd,
L Ly,

and therefore
AN > AT

The ratio of AT to AN is in the range of 0.05 to 0.1 (Kulak, Fisher, and Struik,
1987). Consequently, AT will be no greater than 0.1AN, or equivalently, maximum
AT/AN = 0.1, demonstrating that most of the applied load is devoted to reliev-
ing the compression of the connected parts. To estimate the magnitude of the load
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required to overcome completely the clamping effect and cause the parts to sepa-
rate, consider the free-body diagram in Figure 7.26. When the parts have separated,

T=F
or
To+ AT =F (7.7)
At the point of impending separation, the bolt elongation and plate decompression
are the same, and
ApEy ApEy

AT = 8y = 5 7.8
L, " L, (7.8)

where 8, is the elongation corresponding to the release of the initial compression
force No. From Equation 7.3,

6. — NoLy

Substituting this expression for 6, into Equation 7.8 yields

A E,\( NoL A E /L AT
) G- -

s7-

From Equation 7.7,
T,+01T,=F or F=11T,

Therefore, at the instant of separation, the bolt tension is approximately 10% larger
than its initial value at installation. Once the connected parts separate, however, any
increase in external load will be resisted entirely by a corresponding increase in bolt
tension. If the bolt tension is assumed to be equal to the externally applied force (as
if there were no initial tension) and the connection is loaded until the connected
parts separate, the bolt tension will be underestimated by less than 10%. Although
this 10% increase is theoretically possible, tests have shown that the overall strength
of a connection with fasteners in tension is not affected by the installation tension
(Amrine and Swanson, 2004). However, the amount of pretension was found to af-
fect the deformation characteristics of the connection.



418 Chapter 7: Simple Connections

FIGURE 7.27

In summary, the tensile force in the bolt should be computed without consider-
ing any initial tension.

Prying Action

In most connections in which fasteners are subjected to tension forces, the flexibility
of the connected parts can lead to deformations that increase the tension applied to
the fasteners. A hanger connection of the type used in the preceding discussion is
subject to this type of behavior. The additional tension is called a prying force and
is illustrated in Figure 7.27, which shows the forces on a free body of the hanger.
Before the external load is applied, the normal compressive force, Ny, is centered on
the bolt. As the load is applied, if the flange is flexible enough to deform as shown,
the compressive forces will migrate toward the edges of the flange. This redistribu-
tion will change the relationship between all forces, and the bolt tension will in-
crease from Bo to B. If the connected parts are sufficiently rigid, however, this shift-
ing of forces will not occur, and there will be no prying action. The maximum value
of the prying force, g, will be reached when only the corners of the flange remain in
contact with the other connected part. The corresponding bolt force, including the
effects of prying, is B,.

In connections of this type, bending caused by the prying action will usually
control the design of the connected part. AISC J3.6 requires that prying action be
included in the computation of tensile loads applied to fasteners.

A procedure for the determination of prying forces, based on research repor-
ted in Guide to Design Criteria for Bolted and Riveted Joints (Kulak, Fisher,
and Struick, 1987), is given in the Manual in Part 9, “Design of Connection

Before external load After external load

Maximum prying force
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Elements.” This method is presented here in a somewhat different form, but it
gives the same results.

The method used is based on the model shown in Figure 7.28. All forces are for
one fastener. Thus, T 'is the external tension force applied to one bolt, g is the prying
force corresponding to one bolt, and B, is the total bolt force. The prying force has
shifted to the tip of the flange and is at its maximum value.

The equations that follow are derived from consideration of equilibrium based
on the free-body diagrams in Figure 7.28. From the summation of moments at b—b
in Figure 7.28b,

Tb-M, ,=qa (7.9)
From Figure 7.28c,
M, , =qa (7.10)

Finally, equilibrium of forces requires that
B.=T+gq (7.11)

These three equilibrium equations can be combined to obtain a single equation for
the total bolt force, which includes the effects of prying action. We first define the
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variable « as the ratio of the moment per unit length along the bolt line to the mo-
ment per unit length at the face of the stem. For the bolt line, the length is a net

length, so
M, —d’ M, M,
oo b b/ (P ): b—b 1 _ Mp-p (712)
Mafa/p Mafa 1_dl/P 8Ma7a
where

p = length of flange tributary to one bolt, which can be conservatively taken
as 3.5b but = s (see Figure 7.28a).
d' = diameter of bolt hole
d net area at bolt line

5=1->=
p  gross area at stem face

The numerical evaluation of « will require the use of another equation, which we
develop shortly. With this notation, we can combine the three Equilibrium Equa-
tions 7.9 through 7.11 to obtain the total bolt force, B,:

da b
B, T[l + 1+ a) a] (7.13)
At this level of loading, deformations are so large that the resultant of tensile stresses
in the bolt does not coincide with the axis of the bolt. Consequently, the bolt force pre-
dicted by Equation 7.13 is conservative and does not quite agree with test results. Much
better agreement is obtained if the force B, is shifted toward the stem of the tee by an
amount d/2, where d is the bolt diameter. The modified values of b and a are therefore
defined as

d d
b’=b—§ and a’=a+5

(For best agreement with test results, the value of a should be no greater than 1.25b.)
With this modification, we can write Equation 7.13 as

da b’
B.=T|1+—7—— 7.14

¢ [ (1 + 8a) a’] (7.14)
We can evaluate « from Equation 7.14 by setting the bolt force B, equal to the bolt
tensile strength, which we denote B. Doing so results in

__B/D 1)
51— [(B/T) — 1)(a/b")]

Two limit states are possible: tensile failure of the bolts and bending failure of
the tee. Failure of the tee is assumed to occur when plastic hinges form at section
a—a, the face of the stem of the tee, and at b—b, the bolt line, thereby creating a beam
mechanism. The moment at each of these locations will equal M,,, the plastic mo-
ment capacity of a length of flange tributary to one bolt. If the absolute value of «,

(7.15)
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obtained from Equation 7.15, is less than 1.0, the moment at the bolt line is less than
the moment at the face of the stem, indicating that the beam mechanism has not
formed and the controlling limit state will be tensile failure of the bolt. The bolt
force B, in this case will equal the strength B. If the absolute value of « is equal to
or greater than 1.0, plastic hinges have formed at both a—a and b—b, and the control-
ling limit state is flexural failure of the tee flange. Since the moments at these two
locations are limited to the plastic moment M,,, a should be set equal to 1.0.

The three Equilibrium Equations 7.9 through 7.11 can also be combined into a
single equation for the required flange thickness, 1. From Equations 7.9 and 7.10, we
can write

Tp' _Ma—a = Mb—b
where b’ has been substituted for b. From Equation 7.12,
o' -M, ,=daM,, (7.16)

D'

M, ,= 1 +oa) (7.17)

For LRFD, let

i th%Fy
M,_, = design strength = (j)bMp = ¢, Y

where ¢, = 0.90. Substituting into Equation 7.17, we get
PiE,  TH'
P4 1+ sa)

L ATD’
7 N ¢ypF,(1 + b

where T 'is the factored load per bolt.

Kulak, Fisher, and Struik (1987) recognized that this procedure is conservative
when compared with test results. If the ultimate stress F),, is substituted for the yield
stress F, in the expression for flexural strength, much better agreement with test
results is obtained (Thornton, 1992 and Swanson, 2002). Making this substitution,
we obtain

. / ATD'
Required tf = m (7.18)

For ASD, when we substitute F, for F, we get

M. = allowable st th—%—ipt%F“
«—a = allowable streng o, o\ 4

Q,4Tb’

pF,(1 + 8a) (7.19)

Required ¢, =
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where ), = 1.67 and T is the applied service load per bolt. Equations 7.18 and 7.19
are the same as those given in Part 9 of the Manual.

The design of connections subjected to prying is essentially a trial-and-error pro-
cess. When selecting the size or number of bolts, we must make an allowance for the
prying force. The selection of the tee flange thickness is more difficult in that it is a
function of the bolt selection and tee dimensions. Once the trial shape has been se-
lected and the number of bolts and their layout estimated, Equation 7.18 or 7.19 can
be used to verify or disprove the choices. (If the flange thickness is adequate, the bolt
strength will also be adequate.)

If the actual flange thickness is different from the required value, the actual values
of a and B, will be different from those previously calculated. If the actual bolt force,
which includes the prying force g, is desired, « will need to be recomputed as follows.

First, combine Equations 7.9 and 7.10, using b’ instead of b:

Mb—b = Tb, —Ma_a

From Equation 7.12,

o= My,
8Mﬂ*0
' —M, ., Tb/M, ,—1
oM, 8
subject to the limits
0=a =1
For LRFD, set
PiF,
Mafa = d)bMp = d)b( 4 )
then
o
byptfF, /4 1( 4Tp'
a=—" =< . —1) O=a=1) (7.20)
o 0 \dyptiF,

where #;is the actual flange thickness. The total bolt force can then be found from
Equation 7.14.

For ASD, set M,_, equal to the allowable moment:
M, (ptj%Fu>

M =

e, Q,\ 4
Then
o
(p13F,/4)/ Q 1/Q,4Th’
w=—2 ’ =< v —1) O=a=1) (7.21)
S 1) pthu

where £;is the actual flange thickness. Find the total bolt force from Equation 7.14.
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Although the prying analysis presented here is for tee sections, with a slight
modification it can be used for double angles. For b, use the distance from
the bolt centerline to the mid-thickness of the angle leg, rather than to the face
of the leg.

Example 7.9

An 8-inch-long WT10.5 X 66 is attached to the bottom flange of a beam as shown
in Figure 7.29. This hanger must support a service dead load of 20 kips and a service
live load of 60 kips. Determine the number of 7/z-inch-diameter, Group A bolts re-
quired and investigate the adequacy of the tee. A992 steel is used.

Solution Compute the constants that are based on the geometry of the connection.

5.5 — 0.650
, _ (55-0650)

= 2.425 in.
5 m
(12.4 — 5.5) ,
a=———""=34501n.
2
FIGURE 7.29
WT10.5 X 66
5"
<> |
t[ = 1.04”

] l<a.650"
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Since 1.25h = 1.25(2.425) = 3.031 in. < 3.450 in., use @ = 3.031 in.

7/8
b=b-% =25 - "8 _ 1 ossin
2 2

7/8

a =a+ d_ 3.031 + 78 = 3.469 in.

2 2

1 7 1
d=d+—-=-+—-=1in.

g8 8 8

! 1

5=1—df=1—7=0.75

4 4

The bolt cross-sectional area will also be needed in subsequent calculations:
7/8)

Ay = # — 0.6013 in.2

LRFD The design strength of one bolt is
solution B = ¢r, = $F,A, = 0.75(90.0)(0.6013) = 40.59 Kips
The total factored load is
12D + 1.6L = 1.2(20) + 1.6(60) = 120 kips

and the number of bolts required (without considering prying action) is 120/40.59 =
2.96. A minimum of four bolts will be needed to maintain symmetry, so try four bolts.
The factored external load per bolt, excluding prying force, is T = 120/4 = 30 kips.

8

s=5= 4 in.

p = 3.5b = 3.5(2.425) = 8.488 in. > 4 in. o Usep = 4in.
2b = 2(2.425) = 4.85in. > 4 in. - Usep = 4in.
Compute a:
B 40.59

From Equation 7.15,
[(B/T — 1)](a/b") 0.353(3.469/1.988)

a = =2.139

" 8{1 — [(B/T) — 1](aJb’)}  0.75[1 — 0.353(3.469/1.988)]

Because | a | > 1.0, use @ = 1.0. From Equation 7.18,

4Tb’ B 4(30)(1.988)
¢ypF, (1 +8a) '\ 0.90(4)(65)[1 + 0.75(1.0)]

= 0.763 in. < 1.04 in. (OK)

Required 7, =
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Both the number of bolts selected and the flange thickness are adequate, and no fur-
ther computations are required. To illustrate the procedure, however, we compute
the prying force, using Equations 7.20 and 7.14. From Equation 7.20,

_1( 4Tb’ _1>_ 1 ( 4(30)(1.988) _1>
*7 8\ giF, 075 \0.90(4)(1.04)%(65)

Since o must be between 0 and 1 inclusive, use a = 0.
From Equation 7.14, the total bolt force, including prying, is

Sa b’ 075(0)  (1.988 .
B=T|1+—2 2 1_30[1+ =30k
c [ 1 + 5a) a’] 30[ (1 + 0.75 X 0) (3.469)} 30 kips

= —0.07657

The prying force is

q=B,— T=30—30=0Kkips
This indicates that the tee section is not flexible enough to produce prying action.
A WT10.5 X 66 is satisfactory. Use four ’s-inch-diameter Group A bolts.

The allowable tensile strength of one bolt is

5 Ra_FEA,_90006013)
"o o 200 PR

The total applied load is
D + L =20 + 60 = 80 kips

and the number of bolts required (without considering prying action) is 80/27.06 =
2.96. A minimum of four bolts will be needed to maintain symmetry, so try four
bolts. The external load per bolt, excluding prying force, is T = 80/4 = 20 kips.

Compute o:
B 27.06
?—1—7—1 =0.353
[(B/T — 1)](a)b") 0.353(3.469/1.988)
o = =2.139

" 8{1 — [(B/T) — 11(a/b’)} ~ 0.75[1 — 0.353(3.469/1.988)]

Since | a | > 1.0, use « = 1.0. From Equation 7.19,

L[0T [L67)(30)(1.988)
Required ;= 1 ¥ o)~ \4(63)[1 + 0.75(10)]

= 0.936in. < 1.04in.  (OK)
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Answer

7.9

FIGURE 7.30

Determine the prying force (this is not required). From Equation 7.21,

1[04\ 1 (1.67(4)(20)(1.988)_
_5< peF, )‘0.75 4(1.04)%(65)

o

1) = —0.07406

Since o must be between 0 and 1 inclusive, use @« = 0.

sa b 0.75(0)  (1.988 .
I PRI i BEPPN P ~ 20k
B. T[l (1 + 6a) a’} 20 [1 (1 +0.75 X 0) (3.469)} 1

The prying force is
qg=B,-T=20-20=0Kkips
This indicates that the tee section is not flexible enough to produce prying action.

A WT10.5 X 66 is satisfactory. Use four ’k-inch-diameter Group A bolts.

If the flange thickness in Example 7.9 had proved to be inadequate, the altern-
atives would include trying a larger tee-shape or using more bolts to reduce 7, the
external load per bolt.

COMBINED SHEAR AND TENSION IN FASTENERS

In most of the situations in which a bolt is subjected to both shear and tension,
the connection is loaded eccentrically and falls within the realm of Chapter 8.
However, in some simple connections the fasteners are in a state of combined load-
ing. Figure 7.30 shows a structural tee segment connected to the flange of a column
for the purpose of attaching a bracing member. This bracing member is oriented in
such a way that the line of action of the member force passes through the center of
gravity of the connection. The vertical component of the load will put the fasteners

; WT10.5 X 31
gl ENE

{1‘\

60 k

W14 X 90
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Ji

Fy

in shear, and the horizontal component will cause tension (with the possible inclu-
sion of prying forces). Since the line of action of the load acts through the center of
gravity of the connection, each fastener can be assumed to take an equal share of
each component.

As in other cases of combined loading, an interaction formula approach can
be used. The shear and tensile strengths for bearing-type bolts are based on test
results (Chesson et al., 1965) that can be represented by the elliptical interaction
curve shown in Figure 7.31. The equation of this curve can be expressed in a
general way as

required tensile strength \2 required shear strength \2
=1.0 (7.22)

available tensile strength available shear strength

where the strengths can be expressed as forces or stresses and in either LRFD or
ASD format. If stresses are used, Equation 7.22 becomes

(1]22)2 + (?)2 =1.0 (7.23)
where

f, = required tensile strength (stress)
F, = available tensile strength (stress)
f, = required shear strength (stress)

F, = available shear strength (stress)

An acceptable combination of shear and tension is one that lies under this
curve. This fact leads to the requirement that

IASIAT
@4&40

v
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FIGURE 7.32 fi

Fo

FV

The AISC Specification approximates the elliptical curve with three straight
line segments as shown in Figure 7.32. The equation of the sloping line is given by

(2) + (i) =13 (7.24)

v

To avoid going above the line,

IATIAE
(F) ! (a) =13

If Equation 7.24 is solved for the required tensile strength f,, we obtain, for a

given f,,
B 5
f,=13F,— FFt (7.25)
Let

Available strength = ® X nominal strength
or

available strength
P

Nominal strength =

where

® = ¢ for LRED

1
“a for ASD
If £, is viewed as the available tensile strength in the presence of shear, then from
Equation 7.25, the corresponding nominal strength is
fi F_ K

= r
o 1% @vav
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or

. F,,
Fnt - 1‘3Fnt - ?fv

v

or

F
Fr=13F, = gt (7.26)

where

F;, = nominal tensile stress in the presence of shear
F,, = nominal tensile stress in the absence of shear

F,, = nominal shear stress in the absence of tension
f,, = required shear stress

Note that F;,, must not exceed F,

. and f, must not exceed F,,,. The nominal tensile
strength is then

R,=TF,A, (AISC Equation J3-2)
Equation 7.26 will now be presented in the two design formats.
LRFD:

=4
and

F
Fp=13F, — - fw = (AISC Equation J3-3a)

¢an nt
where ¢ = 0.75.
ASD:
1
d=—
Q
and
QOF,, _
F,=13F, - F f=Fy (AISC Equation J3-3b)
where () = 2.00.

The Commentary to AISC J3.7 gives alternative interaction equations based on
the elliptical solution. Either these alternative equations or the elliptical equation
itself, Equation 7.23, may be used in lieu of AISC Equations J3-3a and J3-3b. In this
book, we use AISC Equations J3-3a and J3-3b.

In slip-critical connections subject to both shear and tension, interaction of
shear and tension need not be investigated. However, the effect of the applied
tensile force is to relieve some of the clamping force, thereby reducing the available
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friction force. The AISC Specification reduces the slip-critical strength for this case.
(This reduction is not made for certain types of eccentric connections; that will
be covered in Chapter 8.) The reduction is made by multiplying the slip-critical
strength by a factor k. as follows:

For LRFD,
ke =1- : 0 AISC Equation J3-5
— =~ -
- T ( quation a)
For ASD,
ke =1 1T, =0 AISC Equation J3-5b
= — = t -
- Ton, ( quation )
where

T, = total factored tensile load on the connection

T, = total service tensile load on the connection
D,, = ratio of mean bolt pretension to specified minimum pretension; default
value is 1.13
T, = prescribed initial bolt tension from AISC Table J3.1

n, = number of bolts in the connection

The AISC Specification approach to the analysis of bolted connections loaded
in both shear and tension can be summarized as follows:

Bearing-type connections:

1. Check shear and bearing against the usual strengths.
2. Check tension against the reduced tensile strength using AISC Equation
J3-3a (LRFD) or J3-3b (ASD).

Slip-critical connections:

1. Check tension, shear, and bearing against the usual strengths.
2. Check the slip-critical load against the reduced slip-critical strength.

Example 7.10

A WT10.5 X 31 is used as a bracket to transmit a 60-kip service load to a W14 X 90
column, as previously shown in Figure 7.30. The load consists of 15 kips dead load
and 45 kips live load. Four 7g-inch-diameter Group A bolts are used. The column
is of A992 steel, and the bracket is A36. Assume all spacing and edge-distance
requirements are satisfied, including those necessary for the use of the nominal
strength in bearing deformation (i.e., 2.4d¢F,)", and determine the adequacy of the
bolts for the following types of connections: (a) bearing-type connection with the
threads in shear and (b) slip-critical connection with the threads in shear.

* This occurs when 1.2€tF, > 2.4dt F,

w

or{,>2d.
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Solution (The following values are used in both the LRFD and ASD solutions.)

Compute the nominal bearing strength (flange of tee controls):
7
R, =24dtF, = 2'4<8)(0'615)(58) = 74.91 kips

Nominal shear strength:

m(7/8)*
4
R, = F, A, = 54(0.6013) = 32.47 kips

Ay = = 0.6013 in.?

LRFD P, =12D + 1.6L = 1.2(15) + 1.6(45) = 90 kips

solution , Tpe total shear/bearing load is

3
V,= 5(90) = 54 kips
The shear/bearing force per bolt is

Vbolt = % = 13.5 kips
The design bearing strength is

¢R, = 0.75(74.91) = 56.2 kips > 13.5 kips (OK)
The design shear strength is

¢R, = 0.75(32.47) = 24.4 kips > 13.5 kips (OK)
The total tension load is

T,= %(90) = 72 kips

The tensile force per bolt is

72 .
Tubolt = I =18 klpS

To determine the available tensile strength, use AISC Equation J3-3a:

F,=13F, — Fo f,=F
t ° t — t
n n. d)FnV rv n.
where
F,, = nominal tensile stress in the absence of shear = 90 ksi
F,, = nominal shear stress in the absence of tension = 54 ksi

f ~ Vivon 135
m T A, 0.6013

= 22.45 ksi
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Then

90

Fu=1300) = g=oep

(22.45) = 67.11 ksi < 90 ksi

The nominal tensile strength is
R,=F, A, = 6711(0.6013) = 40.35 kips
and the available tensile strength is
¢R, = 0.75(40.35) = 30.3 kips > 18 kips (OK)
Answer The connection is adequate as a bearing-type connection. (In order not to obscure

the combined loading features of this example, prying action has not been included
in the analysis.)

b. From part (a), the shear, bearing, and tensile strengths are satisfactory. From
AISC Equation J3-4, the slip-critical strength is

Rn = MDuthbns

From AISC Table J3.1, the prescribed tension for a 74-inch-diameter Group A
bolt is

T, = 39 kips
If we assume Class A surfaces, the slip coefficient is w = 0.30, and for four bolts,
R, = ;LDuthbns X 4 = 0.30(1.13)(1.0)(39)(1) X 4 = 52.88 kips
¢R, = 1.0(61.70) = 61.70 kips

Since there is a tensile load on the bolts, the slip-critical strength must be reduced
by a factor of

T, 2
ky, =1 L

- =1- = 0.591
s D, Tyn, L13Go)@E) 1

The reduced strength is therefore

k,(52.88) = 0.5916(52.88) = 31.3 kips < 54 kips (N.G))
Answer The connection is inadequate as a slip-critical connection.

ASD P,=D + L =15 + 45 = 60 kips

solution a. The total shear/bearing load is

V,= %(60) = 36 kips
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The shear/bearing force per bolt is

36

V[l bolt - I - 9.0 kipS

The allowable bearing strength is

R, 7491 . .

— = = . >0,

Q- 2.00 37.5 kips > 9.0 kips (OK)
The allowable shear strength is

R, 3247 . .

Q- 200 16.24 kips > 9.0 kips (OK)

The total tension load is
4
T,= 5(60) = 48 kips

The tensile force per bolt is

4
T 8

abolt — T =12 klpS

To determine the available tensile strength, use AISC Equation J3-3b:

QOF,,
F

nyv

Fl,=13F, —

f;’V = Fnt

where

F,, = nominal tensile stress in the absence of shear = 90 ksi
F,, = nominal shear stress in the absence of tension = 54 ksi

Va bolt 9.0
= Zabolt 72 _ 1497 ksi
m T T4, 06013 o
Then
2.00(90) : .
Fe=13(90) = 2, (14.97) = 67.10 ksi < 90 ksi

The nominal tensile strength is
R, =F,,A, = 67.10(0.6013) = 40.35 kips
and the available tensile strength is

R, 4035 . .
o200 20.2 kips > 12 kips (OK)
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Answer The connection is adequate as a bearing-type connection. (In order not to obscure
the combined loading features of this example, prying action has not been included
in the analysis.)

b. From part (a), the shear, bearing, and tensile strengths are satisfactory. From
AISC Equation J3-4, the slip-critical strength is

Rn = MDuthbns

From AISC Table J3.1, the prescribed tension for a 74-inch-diameter Group A
bolt is

T, = 39 kips
If we assume Class A surfaces, the slip coefficient is . = 0.30, and for four bolts,

R, = uD, i, Tyng X 4 = 0.30(1.13)(1.0)(39)(1) X 4 = 52.88 kips

R, 5288 )
— = ———=35.25 kips
Q 150
Since there is a tensile load on the bolts, the slip-critical strength must be reduced
by a factor of
P 157, " 1.5(48) L5016
s~ D,Tyny, — 11339)(4)

The reduced strength is therefore
k. (35.25) = 0.5916(35.25) = 20.9 kips < 36 kips (N.G.)

Answer The connection is inadequate as a slip-critical connection.

Connections with fasteners in shear and tension can be designed by trial, but a
more direct procedure can be used if one assumes that the design is controlled by
the strength that is reduced. If the assumption turns out to be correct, no iteration
is required. This technique will be illustrated in the following example.

Example 7.11

A concentrically loaded connection is subjected to a service-load shear force of
50 kips and a service-load tensile force of 100 kips. The loads are 25% dead load
and 75% live load. The fasteners will be in single shear, and bearing strength will be
controlled by a %/4s-inch-thick connected part of A36 steel. Assume that all spacing
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and edge distances are satisfactory, including those that permit the nominal bearing
strength of 2.4dtF, to be used. Determine the required number of %/4-inch-diameter
Group A bolts for the following cases: (a) a bearing-type connection with threads
in the plane of shear and (b) a slip-critical connection with threads in the plane of
shear. All contact surfaces have clean mill scale.

Consider this to be a preliminary design so that no consideration of prying
action is necessary.

LRFD Factored load shear = 1.2[0.25(50)] + 1.6[0.75(50)] = 75 kips
solution Factored load tension = 1.2[0.25(100)] + 1.6[0.75(100)] = 150 kips

a. For the bearing-type connection with threads in the shear plane, assume that
tension controls:

’ Fy -
Fnt_1'3Fm_ f -

=Ly
OF,,
90
= 1.3(90) — mfrv =90

=117 — 2.222f,, = 90
SF!, = 0.75(117 — 2.222f,,) = 0.75(90)
= 87.75 — 1.667f,, = 67.5

Let
150 75
Fy=<, and f, =<
d) nt EAb an frv EAb

where 2 A, is the total bolt area. Substituting and solving for XA, we get

150 = 87.75 — 1.667 5
SA, SA,

150 = 87.755 A4, — 1.667(75)
SA, =3.134in2

The area of one bolt is

3/4)2
m( i ) o 04418in2

b

and the number of bolts required is

2A, 3134
S22 )
"= T 0ads Y
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Try eight bolts. First, check the upper limit on F,;:

75 75
= = = 2122 ksi
m T SA,  8(0.4418) -

Fl, =117 — 2.5, = 117 — 2.222(21.22) = 69.8 ksi < 90 ksi

Check shear:
oR, = ¢F, A, X n, = 0.75(54)(0.4418)(8)
=143 kips >75kips  (OK)
Check bearing:
¢R, = $(2.4dtF,) X 8 bolts

= 0.75(2.4)(3)(;)(58)(8) — 196 kips > 75kips ~ (OK)

Answer Use eight bolts.

(OK)

b. Slip-critical connection. Assume that the slip load controls. The reduced slip-critical

strength is

kscd)Rn
where
T, 150 4.741
k,=1-——"—=1- =1-
D,Tyn, 1.13(28)n, n,

where T}, = 28 kips (from AISC Table J3.1).

For one bolt,

¢R, = & (uD, 1 Tyny) = 1.0(0.30)(1.13)(1.0)(28)(1.0) = 9.492 kips

Setting the total factored-load shear to the reduced slip-critical strength for

ny, bolts,
4.741
75 = nb(l = )(9.492)
ny,
=9.492n, — 45.0

Since eight bolts are adequate for shear, bearing, and tension (with a reduced

tensile strength), these limit states will not have to be checked.

Answer For symmetry, use fourteen -inch-diameter, Group A bolts.
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Check shear: The nominal shear stress for one bolt is
R,=F, A, =54(0.4418) = 23.86 kips

and the allowable strength for eight bolts is

% X 8 = % X 8 = 95.44 kips > 50 kips (OK)
Check bearing:
R, 2.4dtF,
- 0 X 8 bolts
= 2'4(3/4)2(.(5){)16)(58) X 8 = 131 kips > 50 kips (OK)

Answer Use eight bolts.

b. Slip-critical connection: assume that the slip load controls. The reduced slip-critical
strength is

N
SCQ
where
. LST, _ 150100 _ 4741
s~ D, Ty, ~  11328)n, n,

where T}, = 28 kips (from AISC Table J3.1).
For one bolt,
R, wDTyng  030(1.13)(1.0)(28)(1.0)

) Q0 150 = 6.328 kips

Setting the total shear load to the reduced slip-critical strength for n,, bolts,

4.741
50 = nb<1 - )(6.328)
ny
= 6.328n, — 30.00
n, =12.6

From part (a), the connection is adequate in shear, bearing, and tension with
eight bolts, so it will be adequate if more bolts are used.

Answer Use 14 bolts (one extra to provide symmetry).
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WELDED CONNECTIONS

Structural welding is a process whereby the parts to be connected are heated and
fused, with supplementary molten metal added to the joint. For example, the ten-
sion member lap joint shown in Figure 7.33 can be constructed by welding across
the ends of both connected parts. A relatively small depth of material will become
molten, and upon cooling, the structural steel and the weld metal will act as one
continuous part where they are joined. The additional metal, sometimes referred
to as filler metal, is deposited from a special electrode, which is part of an electri-
cal circuit that includes the connected part, or base metal. In the shielded metal arc
welding (SMAW) process, shown schematically in Figure 7.34, current arcs across
a gap between the electrode and base metal, heating the connected parts and de-
positing part of the electrode into the molten base metal. A special coating on the
electrode vaporizes and forms a protective gaseous shield, preventing the molten
weld metal from oxidizing before it solidifies. The electrode is moved across the
joint, and a weld bead is deposited, its size depending on the rate of travel of the
electrode. As the weld cools, impurities rise to the surface, forming a coating called
slag that must be removed before the member is painted or another pass is made
with the electrode.

Shielded metal arc welding is normally done manually and is the process univer-
sally used for field welds. For shop welding, an automatic or semiautomatic process
is usually used. Foremost among these processes is submerged arc welding (SAW).
In this process, the end of the electrode and the arc are submerged in a granular

-

(a) (b)

Direction of travel
B

Coated electrode

Arc
Slag / S ::‘-.  ._ /Gaseous shield
[

Base metal



440 Chapter 7: Simple Connections

FIGURE 7.35

FIGURE 7.36

flux that melts and forms a gaseous shield. There is more penetration into the base
metal than with shielded metal arc welding, and higher strength results. Other com-
monly used processes for shop welding include gas shielded metal arc, flux cored
arc, and electroslag welding.

Quality control of welded connections is particularly difficult, because defects
below the surface, or even minor flaws at the surface, will escape visual detection.
Welders must be properly certified, and for critical work, special inspection tech-
niques such as radiography or ultrasonic testing must be used.

The two most common types of welds are the fillet weld and the groove weld.
The lap joint illustrated in Figure 7.33a is made with fillet welds, which are defined
as those placed in a corner formed by two parts in contact. Fillet welds can also be
used in a tee joint, as shown in Figure 7.33b. Groove welds are those deposited in a
gap, or groove, between two parts to be connected. They are most frequently used
for butt, tee, and corner joints. In most cases, one or both of the connected parts will
have beveled edges, called prepared edges, as shown in Figure 7.35a, although relat-
ively thin material can be groove welded with no edge preparation. The welds shown
in Figure 7.35a are complete penetration welds and can be made from one side,
sometimes with the aid of a backing bar. Partial penetration groove welds can be
made from one or both sides, with or without edge preparation (Figure 7.35b).

Figure 7.36 shows the plug or slot weld, which sometimes is used when more
weld is needed than length of edge is available. A circular or slotted hole is cut in
one of the parts to be connected and is filled with the weld metal.

Bdckmg bar

Butt

i

Corner

(a) Complete penetration groove welds

Ei]@

(b) Partial penetration groove welds

1
[
|
1
D
L
[
1

I Z §
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FIGURE 7.37
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Of the two major types of welds, fillet welds are the most common and are con-
sidered here in some detail. The design of complete penetration groove welds is a
trivial exercise in that the weld will have the same strength as the base metal and the
connected parts can be treated as completely continuous at the joint. The strength
of a partial penetration groove weld will depend on the amount of penetration; once
that has been determined, the design procedure will be essentially the same as that
for a fillet weld.

FILLET WELDS

The design and analysis of fillet welds is based on the assumption that the cross sec-
tion of the weld is a 45° right triangle, as shown in Figure 7.37. Any reinforcement
(buildup outside the hypotenuse of the triangle) or penetration is neglected. The
size of a fillet weld is denoted w and is the length of one of the two equal sides of this
idealized cross section. Standard weld sizes are specified in increments of Y46 inch.
Although a length of weld can be loaded in any direction in shear, compression, or
tension, a fillet weld is weakest in shear and is always assumed to fail in this mode.
Specifically, failure is assumed to occur in shear on a plane through the throat of
the weld. For fillet welds made with the shielded metal arc process, the throat is the
perpendicular distance from the corner, or root, of the weld to the hypotenuse and
is equal to 0.707 times the size of the weld. (The effective throat thickness for a weld
made with the submerged arc welding process is larger. In this book, we conserva-
tively assume that the shielded metal arc welding process is used.) Thus, for a given
length of weld L subjected to a load of P, the critical shearing stress is

. P
Y 0.707wL

where w is the weld size.

Throat = w X cos 45°
=w x 0.707

Failurc
plane
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FIGURE 7.38

If the weld ultimate shearing stress, F

L 15 used in this equation, the nominal
load capacity of the weld can be written as

R, = 0.707wLF,,

The strength of a fillet weld depends on the weld metal used—that is, it is a func-
tion of the type of electrode. The strength of the electrode is defined as its ultimate
tensile strength, with strengths of 60, 70, 80, 90, 100, 110, and 120 kips per square
inch available for the shielded metal arc welding process. The standard notation for
specifying an electrode is the letter E followed by two or three digits indicating the
tensile strength in kips per square inch and two digits specifying the type of coating.
As strength is the property of primary concern to the design engineer, the last two
digits are usually represented by XX, and a typical designation would be E70XX
or just E70, indicating an electrode with an ultimate tensile strength of 70 ksi. Elec-
trodes should be selected to match the base metal. For the commonly used grades of
steel, only two electrodes need be considered:

Use E70XX electrodes with steels that have a yield stress less than 60 ksi.
Use ES80XX electrodes with steels that have a yield stress of 60 ksi or 65 ksi.

Most of the AISC Specification provisions for welds have been taken from the
Structural Welding Code of the American Welding Society (AWS, 2014). Excep-
tions are listed in AISC J2. The AWS Code should be used for criteria not covered
in the AISC Specification.

The design strengths of welds are given in AISC Table J2.5. The ultimate shear-
ing stress F,,, in a fillet weld is 0.6 times the tensile strength of the weld metal,
denoted Fryy. The nominal stress is therefore

F,, = 0.60F;yy

AISC Section J2.4b presents an alternative fillet weld strength that accounts for
the direction of the load. If the angle between the direction of the load and the axis
of the weld is denoted 6 (see Figure 7.38), the nominal fillet weld strength is

F,, = 0.60F (1.0 + 0.50 sin'9) (AISC Equation J2-5)

Table 7.1 shows the strength for several values of 0. As Table 7.1 shows, if the
weld axis is parallel to the load, the basic strength given by F,, = 0.60F ., is cor-
rect, but when the weld is perpendicular to the load, the true strength is 50% higher.

Pt
P L

7
—— 777777;55779—"\—'
Axis of weld

N
Ve
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TABLE 7.1 Dijrection of load () Fuw = 0.60Fgxx (1.0 + 0.50 sin'-%0)

0° 0.60F . (1.0)

15° 0.60F .y 1 (1.066)

30° 0.60F 5y y (1.177)

45° 0.60F v (1.297)

60° 0.60F . (1.403)

75° 0.60F . (1475)

90° 0.60F 5y (1.5)

For simple (that is, concentrically loaded) welded connections with both lon-
gitudinal and transverse welds, AISC J2.4b(2) specifies that the larger nominal
strength from the following two options be used:

1. Use the basic weld strength, F,,, = 0.6Fyy, for both the longitudinal and
the transverse welds:

R,=R,.,+R,, (AISC Equation J2-10a)

n

where R, and R, are the strengths of the longitudinal and transverse
welds, both calculated with F,, = 0.6F .

2. Use the 50% increase for the transverse weld, but reduce the basic strength
by 15% for the longitudinal welds. That is, use F,,, = 0.85(0.6F ) for the
longitudinal welds and F,,,, = 1.5(0.6F v y) for the transverse welds:

R,=085R,,,+ 15R,,, (AISC Equation J2-10b)

Because AISC permits the larger of the two options to be used, it is permissible to
use either and be conservative at worst. In this book, however, we will use the AISC
specified approach and check both options.

For LRFD, the design strength of a fillet weld is ¢R,,, where ¢ = 0.75. For ASD,
the allowable strength is R, /Q), where ) = 2.00.

An additional requirement is that the shear on the base metal cannot ex-
ceed the shear strength of the base metal. This means that we cannot use a weld
shear strength larger than the base-metal shear strength, so the base-metal shear
strength is an upper limit on the weld shear strength. This requirement can be ex-
plained by an examination of the welded connection shown in Figure 7.39a. Al-
though both the gusset plate and the tension member plate are subject to shear,
we will examine the shear on the gusset plate adjacent to the weld A B. The shear
would occur along line A B (Figure 7.39b) and subject an area of tL to shear (Fig-
ure 7.39¢). The shear strength of the weld AB cannot exceed the shear strength
of the base metal corresponding to an area tL.

The strength of components at connections, including connecting elements
such as gusset plates and elements of the members, are covered in AISC J4, “Af-
fected Elements of Members and Connecting Elements.” Shear strength is covered
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FIGURE 7.39

Gusset plate
thickness = ¢

(b)

(

L

Shear area

(©)
in Section J4.2, where the limit states of shear yielding and shear rupture are given.
For yielding, the nominal strength is
R, = 0.60F A,, (AISC Equation J4-3)
where

0.60F, = shear yield stress
A,, = gross area of the shear surface = 1L

For LRFD, ¢ = 1.00, and for ASD, () = 1.50. For rupture, the nominal strength is
R,=0.60F,6 A, (AISC Equation J4-4)
where

0.60F, = shear ultimate stress
A, = net area of the shear surface = ¢L (for material adjacent to a weld)

For LRFD, ¢ = 0.75, and for ASD, Q = 2.00.
The strength of a fillet weld can now be summarized for both load and resist-
ance factor design and for allowable strength design.

LRFD Equations:
Weld shear strength:
¢R, = 0.75(0.707wLF ) (7.27)



FIGURE 7.40
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Base-metal shear strength:

R, = min[1.0(0.6F,rL), 0.75(0.6F,1L)] (7.28)

It is frequently more convenient to work with the strength per unit length, in which
case, L = 1, and Equation 7.27 and 7.28 become

Weld shear strength:
¢R, = 0.75(0.707wF,,,,) for a one-inch length (7.29)

Base-metal shear strength:

$R,, = min[1.0(0.6F 1), 0.75(0.6F,,1)] for a one-inch length (7.30)

ASD Equations:
R, 0.707wLF,,

n

Weld shear strength: o 200

B tal shear strength: - = mi DOL 0.6R/L
ase-metal snear strengin: QO = min 150 s 200

(7.31)

(7.32)

If the strength per unit length is used, L = 1 and Equations 7.31 and 7.32 become
R, 0.707wF,,

Weld shear strength: 6” STy for a one-inch length (7.33)
B | shear strength: % — min| oot 2O inch length
ase-metal shear strength: q — min|— | foraone-inch leng

(7.34)

Example 712

A plate used as a tension member is connected to a gusset plate, as shown in
Figure 7.40. The welds are ¥1¢-inch fillet welds made with E70XX electrodes. The
connected parts are of A36 steel. Assume that the tensile strength of the member is
adequate, and determine the available strength of the welded connection.

A6 fillet welds
E70 clectrodes
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Solution

LRFD
solution

Answer

ASD
solution

Because the welds are placed symmetrically about the axis of the member, this
connection qualifies as a simple connection, and there is no additional load due to
eccentricity. Since both weld segments are parallel to the applied load, # = 0° and
the basic strength of the weld is F,,,, = 0.60F yy. The nominal load capacity per inch
of weld is

3
R, = 0.707wF,, = 0.707 (16>(O.6 X 70) = 5.568 kips/in.

The design strength of the weld is
¢R, = 0.75(5.568) = 4.176 kips/in.

Check the base-metal shear. Since both components are of the same type of steel,
the smaller thickness will control. The shear yield strength is

1
R, = ¢(0.6F)1) = 1.00(0.6)(36)(4) = 5.4 kips/in.
The shear rupture strength is
1
oR, = $(0.6F 1) = 0.75(0.6)(58)<4> = 6.525 kips/in.
The base-metal shear strength is therefore 5.4 kips/in., and the weld shear strength
controls. For the connection,
¢R, = 4.176 kips/in. X (4 + 4) in. = 33.4 kips
Design strength of the weld is 33.4 kips.

The allowable strength of the weld is

R, 5568 .
6 = W =2.784 klpS/lIl.

Check the base-metal shear. Since both components are of the same type of steel,
the smaller thickness will control. The shear yield strength is

R, 0.6F1 0.6(36)(1/4)

o150 150 = 3.6 kips/in.
The shear rupture strength is

R, 0.6Ft 0.6(58)(1/4

== o 06D 4.35 kips/in.

Q 2.00 2.00
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The base-metal shear strength is therefore 3.6 kips/in., and the weld shear strength
controls. For the connection,

R
6" = 2.784 kips/in. X (4 + 4) in. = 22.3 kips

Allowable strength of the weld is 22.3 kips.

Example 713

If the connection of Example 7.12 includes both the 4-inch-long longitudinal welds
shown in Figure 7.40 and an additional 4-inch-long transverse weld at the end of the
member, what is the available strength of the connection?

From Example 7.12, the weld shear design strength is
¢R, = 4.176 kips/in.

Also from Example 7.12, the base-metal shear design strength is
¢R, = 5.4 kips/in.

So the weld strength of 4.176 kips/in. controls.
To determine the strength of the connection, we will investigate the two options
given in AISC J2 4c.

1. Use the basic weld strength for both the longitudinal and transverse welds.
¢R, =4.176 (4 + 4 + 4) = 50.1 kips

2. Use 0.85 times the basic weld strength for the longitudinal welds and
1.5 times the basic weld strength for the transverse weld.

¢R, = 0.85 (4.176)(4 + 4) + 1.5(4.176)(4) = 53.5 kips
The larger value controls.
Design strength of the weld is 53.5 kips.
From Example 7.12, the allowable weld shear strength is 2.784 kips/in., and the

allowable base metal shear strength is 3.6 kips/in. The weld strength therefore
controls.
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To determine the strength of the connection, we will investigate the two options
given in AISC J2.4c.

1. Use the basic weld strength for both the longitudinal and transverse welds.

R
ﬁ” =2.784(4 + 4 + 4) = 33.4 kips

2. Use 0.85 times the basic weld strength for the longitudinal welds and
1.5 times the basic weld strength for the transverse weld.

n

R
- 0.85(2.784)(4 + 4) + 1.5(2.784)(4) = 35.6 kips
The larger value controls.

Answer Allowable strength of the weld is 35.6 kips.

When E70 electrodes are used, and this will usually be the case, computation
of the weld shear strength can be simplified. The strength per unit length can be
computed for a /16-inch increment of weld size (and fillet welds are specified to the
nearest '/i6 inch).

LRFD: The weld design shear strength from Equation 7.29 is
1
¢R, = 0.75(0.707wF,,,,) = 0.75(0.707)(16>(0.6 X 70) = 1.392 kips/in.
Using this constant, the design shear strength of the ¥-inch fillet weld in
Example 7.12 is

¢R, = 1.392 X 3 sixteenths = 4.176 kips/in.

The base-metal shear strength expression can also be somewhat simplified. The
shear yield design strength per unit length is

®R, = 1.0(0.6F,1) = 0.6F¢ for a one-inch length (7.35)
and the base-metal shear rupture design strength per unit length is

¢R, = 0.75(0.6F 1) = 0.45F ¢ for a one-inch length (7.36)

ASD: The weld allowable shear strength from Equation 7.31 is

R, _0707wE,, _0707(1/16)06X70) p
Q- 200 2.00 ' Py
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Using this constant, the allowable shear strength of the ¥i¢-inch fillet weld in
Example 7.12 is

¢R, = 0.9279 X 3 sixteenths = 2.784 kips/in.

The base-metal shear strength expression can also be simplified. The allowable
shear yield strength per unit length is

Q 1.50

R, 0.6F;
= = 04F,r  for aone-inch length (7.37)

and the base metal allowable shear rupture strength per unit length is

Ry = 0.6F, =03F ¢t  for aone-inch length (7.38)
Q 2.00 "
To summarize, for E70 electrodes, the design strength of a fillet weld can be
taken as
1.392D
$R, = minqy 0.6F tkips/in.
0.45F ¢t

and the allowable strength is

0.9279D
n_ . . .
q ~ min 0.4F ¢ kips/in.
0.3Ft

where

D = number of sixteenths of an inch of weld size
t = thickness of the base metal

Example 714

A connection of the type used in Example 7.12 must resist a service dead load of
9 kips and a service live load of 18 kips. What total length of “4-inch fillet weld,
E70XX electrode, is required? Assume that both connected parts are %3 inch thick.

LRFD P,=1.2D + 1.6L = 1.2(9) + 1.6(18) = 39.6 kips
solution The shear strength of the weld per inch of length is

1.392D = 1.392(4) = 5.568 kips/in.
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Answer

ASD
solution

Answer

The shear yield strength of the base metal is
3 .
0.6F 1 = 0.6(36)(8) = 8.1 kips/in.
and the shear rupture strength of the base metal is
3 "
0.45Ft = 0.45(58)<8) = 9.788 kips/in.

The weld strength of 5.568 kips/in. governs.
The total length required is

_POKips

5.568 kips/in.

Use 8 inches total, 4 inches on each side.

P,=D+ L =9+ 18 =27 kips

The shear strength of the weld per inch of length is
0.9279D = 0.9279(4) = 3.712 kips/in.

The allowable shear yield strength of the base metal is
3 _
04F 1 = 0.4(36)(8) = 5.4 kips/in.
and the allowable shear rupture strength of the base metal is
3 .
0.3F,t = 0.3(58) 3= 6.525 kips/in.

The weld strength of 3.712 kips/in. governs.
The total length required is
27 kips

=P 927,
3712 kips/im, 2/ 1B

Use 8 inches total, 4 inches on each side.
Practical design of welded connections requires a consideration of such details

as maximum and minimum weld sizes and lengths. The requirements for fillet welds
are found in AISC J2.2b and are summarized here.



FIGURE 7.41
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Minimum Size

The minimum size permitted is a function of the thickness of the thinner connected
part and is given in AISC Table J2.4. This requirement is taken directly from the
American Welding Society Structural Welding Code (AWS, 2015).

Maximum Size
Along the edge of a part less than Y4 inch thick, the maximum fillet weld size is equal
to the thickness of the part. For parts %4 inch or more in thickness, the maximum size
is £ — Vs inch, where ¢ is the thickness of the part.

For fillet welds other than those along edges (as in Figure 7.41), there is no
maximum size specified. In these cases, the maximum size to be used in strength
computation would be that limited by the base metal shear strength.

Minimum Length

The minimum permissible length of a fillet weld is four times its size. This limitation
is certainly not severe, but if this length is not available, a shorter length can be used if
the effective size of the weld is taken as one-fourth its length.

Maximum Length

AISC does not impose a limit on the length of welds, but for end-loaded welds,
there are some restrictions. End-loaded welds are longitudinal welds at the end of an
axially loaded member. If the length exceeds 100 times the weld size, a reduced ef-
fective length is used in the computation of strength. The effective length is obtained
by multiplying the actual length by a factor 8, where

B=12-0.002¢/w)=1.0 (AISC Equation J2-1)
€ = actual length of weld
w = weld size

If the length is larger than 300 times the weld size, use an effective length of 180w.

End Returns

When a weld extends to the end of a member, it is sometimes continued around the
corner, as shown in Figure 7.42. The primary reason for this continuation, called an
end return, is to ensure that the weld size is maintained over the full length of the
weld. The AISC Specification does not require end returns.*

*If end returns are used in certain types of connections, AISC Commentary J2.2b places restrictions
on their length.
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FIGURE 7.42

FIGURE 7.43

Solution

LRFD
solution

Small welds are generally cheaper than large welds. The maximum size that can
be made with a single pass of the electrode is approximately %16 inch, and multiple
passes will add to the cost. In addition, for a given load capacity, although a small
weld must be made longer, a larger and shorter weld will require more volume of
weld metal. Reducing the volume of weld metal will also minimize heat buildup and
residual stresses.

Example 715

A plate 15 X 4 of A36 steel is used as a tension member to carry a service dead load
of 6 kips and a service live load of 18 kips. It is to be attached to a */s-inch gusset
plate, as shown in Figure 7.43. Design a welded connection.

The base metal in this connection is A36 steel, so E70XX electrodes will be used.
No restrictions on connection length have been stipulated, so weld length will not be
limited, and the smallest permissible size will be used:

3
Minimum size = 16 in. (AISC Table J2.4)

Try a Y6-in. fillet weld, using E70XX electrodes. The design strength per inch is
1.392D = 1.392(3) = 4.176 kips/in.

The shear yield strength of the base metal is

0.6F,1 = 0.6(36)(2) — 8.1 kips/in.



Answer

FIGURE 7.44

ASD
solution

7.11: Fillet Welds

and the shear rupture strength of the base metal is
3 .
0.45F t = 0'45(58)<8) = 9.788 kips/in.

The weld strength of 4.176 kips/in. governs. The factored load is
P,=12D + 1.6L = 1.2(6) + 1.6(18) = 36 kips

and

. 36 .
Required length = 1176 8.62 in.

Minimum length = 4w = 4(136) = (.75 in. < 8.62 in. (OK)

Use two 4.5-in.-long side welds for a total length of 2 X 4.5 = 9 in.

453

Use a /¢-inch fillet weld with E70XX electrodes, with a total length of 9 inches, as

shown in Figure 7.44.

o]

> <

?

Try a %e-in. fillet weld, using E70XX electrodes. The allowable strength per inch is

0.9279D = 0.9279(3) = 2.784 kips/in.

The allowable shear yield strength of the base metal is
3 .
0.4F,1 = 0.4(36) 3= 5.4 kips/in.
and the allowable shear rupture strength of the base metal is

0.3F,t = 0.3(58)(2) = 6.525 kips/in.
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Answer

The weld strength of 2.784 kips/in. governs. The load to be resisted is
P,=D + L =6+ 18 = 24 kips

and

. 24 .
Required length = 278a 8.62 in.

3
Minimum length = 4w = 4(16) = (.75 1in. < 8.62 in. (OK)

Use two 4.5-in.-long side welds for a total length of 2 X 4.5 = 9 in. For this type
of connection, the length of the side welds must be at least equal to the transverse
distance between them, or 4 inches in this case. The provided length of 4.5 inches
will therefore be adequate.

Use a Y6-inch fillet weld with E70XX electrodes, with a total length of 9 inches, as
shown in Figure 7.44.

Weld Symbols
Welds are specified on design drawings by standard symbols, which provide a con-
venient method for describing the required weld configuration. Details are given
in Part 8 of the Manual, “Design Considerations for Welds,” so they are not fully
covered here. In this book, we provide only a brief introduction to the standard
symbols for fillet welds. The following discussion refers to the symbols shown in
Figure 7.45.

The basic symbol is a horizontal line (reference line) containing information
on the type, size, and length of weld and an inclined arrow pointing to the weld. A
right triangle with the vertical leg on the left side is used to indicate a fillet weld. If
the symbol for the type of weld is below the reference line, the weld is on the arrow
side of the joint, that is, the part of the joint that the arrow is touching. If the sym-
bol is above the line, the weld is on the other side of the joint, which may or may not
be hidden from view in the drawing. The numbers on the reference line, from left
to right, are the weld size and length. They should always be shown in this order. If
both the front and back sides of the joint are to be welded, all information should
be shown on each side of the reference line. A circle at the bend in the reference
line is an instruction to weld all around the joint. To specify the process used or
to furnish other information, a tail can be placed at the end of the reference line
and the desired notation placed beside it. If no such reference is to be provided,
the tail is omitted. Finally, a flag placed at the bend in the reference line indicates
a field weld.
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LRFD
solution

The design strength of the member based on its gross area is

¢P, = 0.90F,A, = 0.90(36)(;)(8) — 129.6 kips

Compute the design strength of the member based on its effective area. For a plate
connection, if the welds are along the sides only, A, = AgU, where U is determined
by Case 4 in Table D3.1. If there is also a transverse weld at the end, then 4, = A,.
Assuming the latter, we have

é,P, = 0.75F A, = 0.75(58)@(8) = 174.0 kips

Design for a factored load of 129.6 kips and use E70 electrodes.
From AISC Table J2.4, the minimum weld size is %6 inch. Because of the length
constraint, however, try a slightly larger weld.

Try a V4-inch E70 fillet weld:
Design strength per inch of weld = 1.392D = 1.392(4) = 5.568 kips/in.

The base metal shear yield strength is
_ 3\ _ e/
0.6F,t = 0.6(36) 3= 8.1 kips/in.
and the base metal shear rupture strength is
3 .
0.45F ¢t = O.45(58)<8> = 9.788 kips/in.

The weld strength of 5.568 kips/in. governs. Both longitudinal and transverse welds
will be used. To determine the required length of the longitudinal welds, we invest-
igate the two options specified in AISC J2.4c. First, assuming the same strength for
both the longitudinal and transverse welds,

. 1296 :
Total required length of weld = 5568 23.28 in.
23.28 —
Length of longitudinal welds = % = 7.64 in.

For the second option, the strength of the longitudinal welds is
0.85(5.568) = 4.733 kips/in.
and the strength of the transverse weld is

1.5(5.568) = 8.352 kips/in.
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FIGURE 7.47
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The load to be carried by the longitudinal welds is
129.6 — 8(8.352) = 62.78 kips

so the required length of the longitudinal welds is

62.78
2(4.733)

= 6.63 in.

The second option requires shorter longitudinal welds. Try an 8-inch trans-
verse weld and two 7-inch longitudinal welds. Check the block shear strength of
the gusset plate.

3 .

A, =A,=2X §(7) = 5.25in.
3 -
A, = §(8) =3.0in.

From AISC Equation J4-5,

R, = 0.60F,A,, + U, F,A

u”-nv nt

= 0.60(58)(5.25) + 1.0(58)(3.0) = 356.7 kips
with an upper limit of

0.60F,A,, + U, F,A,, = 0.60(36)(5.25) + 1.0(58)(3.0) = 287.4 kips  (controls)

nt
The design strength is
¢R, = 0.75(287.4) = 216 kips > 129.6 kips (OK)

Use the weld shown in Figure 7.47.

E70

1
/4 /4_ » _»‘
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ASD
solution

The allowable strength of the member based on its gross area is

p, F 36(1/2)(8
L (/)()=86.23kips
Q, 167 1.67

Compute the allowable strength based on the effective area. For a plate connection,
if the welds are along the sides only, A, = A, U, where U is determined by Case 4
in Table D3.1. If there is also a transverse weld at the end, then A, = A,. Assuming
the latter, we have

P, F,A, 58(1/2)(8)

Tn_lue — 116.0 ki
Q, 200 2.00 =

Design for a load of 86.23 kips and use E70 electrodes. From AISC Table J2.4, the
minimum weld size is %46 inch. Because of the length constraint, a slightly larger size
will be tried.

Try a Ys-inch E70 fillet weld:
Allowable strength per inch of weld = 0.9279D = 0.9279(4) = 3.712 kips/in.

The allowable base metal shear yield strength is
_ 6 3\ 5.4 Kins/i
0.4F,t = 0.4(36) 3~ A4 kips/in.
and the allowable base metal shear rupture strength is
3
0.3F,t = 0.3(58)<8> = 6.525 kips/in.

The weld strength of 3.712 kips/in. governs. Both longitudinal and transverse
welds will be used. To determine the required length of the longitudinal welds,
we investigate the two options specified in AISC J2.4c. First, assuming the same
strength for both the longitudinal and transverse welds,

86.23

Total required length of weld = ——— = 23.23 in.
3.712
2323 -8

Length of longitudinal welds = - 7.62 in.

For the second option, the strength of the longitudinal welds is
0.85(3.712) = 3.155 kips/in.
and the strength of the transverse weld is

1.5(3.712) = 5.568 kips/in.
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PROBLEMS

7.3-1

7.3-2

7.4-1

Bearing Strength, Spacing, and Edge-Distance Requirements

The tension member is a PL 1/ X 6. It is connected to a %-inch-thick gus-
set plate with 74-inch-diameter bolts. Both components are of A36 steel.

a. Check all spacing and edge-distance requirements.
b. Compute the nominal bearing strength of each bolt.

3/8" PL
PL'/2X 6

o O O E—

s R R

FIGURE P7.3-1

The tension member shown in Figure P7.3-2 is a PL /4 X 5/ of A242
steel. It is connected to a */s-inch-thick gusset plate (also A242 steel) with
%4-inch-diameter bolts.

a. Check all spacing and edge-distance requirements.
b. Compute the nominal bearing strength of each bolt.

\

1.5 O O O
2.5"
o O O
Y
A
L —
/{ 3"
—]
1.5" 1.5"
FIGURE P7.3-2

Shear Strength

A C8 X 18.75 is to be used as a tension member. The channel is bolted
to a ¥g-inch gusset plate with 7s-inch-diameter, A307 bolts. The tension
member is A572 Grade 50 steel and the gusset plate is A36.

a. Check all spacing and edge-distance requirements.
b. Compute the design strength based on shear and bearing.
¢. Compute the allowable strength based on shear and bearing.
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2” 3” 3” 3” |
= [ =]
I~
A B
2//
-O O O
i —
tlooo
T/( C8 X 1875
t=3/¢"
FIGURE P7.4-1

A '5-inch-thick tension member is spliced with two 4-inch-thick splice
plates as shown in Figure P7.4-2. The bolts are 7/g-inch-diameter, Group
A and all steel is A36.

a. Check all spacing and edge-distance requirements.
b. Compute the nominal strength based on shear and bearing.

|

112" |
T O O i O O
5// % :
& I
11/ © 00 O
B | | ||
=5 | e
2@ 1"
/4" PL
1 / 4" PL 1/ 2" PL
FIGURE P7.4-2

Determine the number of %-inch-diameter, Group A bolts required, based
on shear and bearing, along line a—b in Figure P7.4-3. The given loads are
service loads. A36 steel is used. Assume that the bearing strength is con-
trolled by the bearing deformation strength of 2.4dtF,,.

a. Use LRFD.
b. Use ASD.
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L D =14k
b ] > 1 =25k
/ 204 X 4 X Y4
Section
FIGURE P7.4-3

7.4-4 The splice plates shown in Figure P7.4-4 are Y4-inch-thick. How many

7.4-5

"g-inch-diameter, Group A bolts are required? The given load is a service
load consisting of 25% dead load and 75% live load. A36 steel is used.

a. Use LRFD.
b. Use ASD.

3"

60 k<—— ¢

| | |
T T T > —» 60k
] ] ]

FIGURE P7.4-4

The tension member is an L6 X 34 X 6. It is connected to a i6-inch-
thick gusset plate with %4-inch-diameter, Group A bolts. Both the tension
member and the gusset plate are of A36 steel. What is the total service
load that can be supported, based on bolt shear and bearing, if the ratio of
live load to dead load is 2.0? The bolt threads are in the plane of shear.

a. Use LRFD.
b. Use ASD.

1" 31727 312" 2”|

‘

™~

274"

217"

FIGURE P7.4-5



Problems 463

7.4-6 A double-angle tension member, 2.4 X 3 X 14 LLBB, is connected to a

7.6-1

7.6-2

3/g-inch-thick gusset plate with 7/g-inch-diameter, Group A bolts as shown
in Figure P7.4-6. Both the tension member and the gusset plate are of
A36 steel. Does the connection have enough capacity based on shear and
bearing? It is not known whether the bolt threads will be in shear.

a. Use LRFD.
b. Use ASD.

o 3" 3" 3" 3" o |

- ‘

—

HH zyﬁ O O O O O — 700k
][ /

FIGURE P7.4-6

Slip-Critical and Bearing-Type Connections

A double-angle shape, 216 X 6 X 34, is connected to a >4-inch gusset plate as
shown in Figure P7.6-1. Determine the maximum total service load that can
be applied if the ratio of dead load to live load is 8.5. The bolts are 74-inch-
diameter, Group A bearing-type bolts. A572 Grade 50 steel is used for the
angle, and A36 steel is used for the gusset plate.
a. Use LRFD.
b. Use ASD.
o 3" 3" 3" o |
\\ —
|
O O O O .
O O O O
FIGURE P7.6-1
Determine the total number of 7s-inch, Group A bearing-type bolts

required for the tension splice in Figure P7.6-2. The threads are not in the
shear planes.
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a. Use LRFD.
b. Use ASD.
1
|
< I robo I < A36 steel
I
|
11/2” 3// 3// 11/211
5 <
2@ 1%
="
[ 1 Pp =35k
~ = . ' I S > p, =86k
— 14
= e
FIGURE P7.6-2

7.6-3 A WT7 X 19 of A572 Grade 50 steel is used as a tension member. It will be
connected to a %s-inch-thick gusset plate, also of A572 Grade 50 steel, with
7/s-inch-diameter bolts. The connection is through the flange of the tee and
is a bearing-type connection. The connection must resist a service dead
load of 45 kips and a service live load of 90 kips. Assume that the nominal
bearing strength will be 2.4dtF, and answer the following questions:

a. How many A307 bolts are required?
b. How many Group A bolts are required?
¢. How many Group B bolts are required?

7.6-4 a.Prepare a table showing values of Group A bolt shear strength and
slip-critical strength for bolt diameters of /2 inch to 1!/ inches in incre-
ments of /g inch. Assume Class A surfaces and that threads are in the
plane of shear. Your table should have the following form:

Single-shear Slip-critical design Single-shear Slip-critical
Bolt design strength, one slip allowable allowable strength,
diameter strength, R, plane, $R, strength, R,/Q one slip plane, R,/Q
(in.) (kips) (kips) (kips) (kips)
) 7.07 4.75 471 3.16

b. What conclusions can you draw from this table?



7.6-5

7.6-6

7.71

Problems 465

A plate /2 X 6!/ of A36 steel is used as a tension member as shown in Fig-
ure P7.6-5. The gusset plate is g-inch-thick and is also of A36 steel. The
bolts are 1'/4-inch-diameter, Group A bolts. No slip is permitted. Using
a ratio of live load-to-dead load of 3.0, determine the maximum service
load, P, that can be applied. Investigate all possible failure modes.

a. Use LRFD.
b. Use ASD.

PL'/2 X 6'/2

T/<
t=5/¢"

FIGURE P7.6-5

The tension member shown in Figure P7.6-6 is an L6 X 314 X 4. Itis con-
nected with 1!/g-inch-diameter, Group A slip-critical bolts to a ¥z-inch-
thick gusset plate. It must resist a service dead load of 20 kips, a service
live load of 60 kips, and a service wind load of 20 kips. The length is
9 feet and all structural steel is A36. Are the member and its connection
satisfactory?

a. Use LRFD.
b. Use ASD.

\

31/
G’zwfi-o<>o<>o o —>

5@31/"
=151
2// 2/[

FIGURE P7.6-6
Design

A C9 X 20is used as a tension member and is connected to a /2-inch gusset
plate as shown in Figure P7.7-1. A588 steel is used for the tension member
and A36 steel is used for the gusset plate. The member has been designed
to resist a service dead load of 40 kips and a service live load of 80 kips. If
the connection is to be slip critical, how many 1%4g-inch-diameter, Group
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7.7-2

7.7-3

A bolts are needed? Show a sketch with a possible layout. Assume that the
member tensile and block shear strengths will be adequate.

a. Use LRFD.
b. Use ASD.

N(: 175"

P —
/ C9 X 20
FIGURE P7.71

Design a single-angle tension member and a bolted connection for the
following conditions:
® Dead load = 50 kips, live load = 100 kips, and wind load = 45 kips
e Group A bolts, no slip permitted
* 3%k-inch-thick gusset plate
® A36 steel for both the tension member and the gusset plate
e Length = 20 feet
Provide a complete sketch showing all information needed for the fabri-
cation of the connection.
a. Use LRFD.
b. Use ASD.
Design a tension member and its connection for the following conditions:

e Length = 15 feet

 The connection will be to a *z-inch-thick gusset plate
All structural steel is A36

¢ The connection will be bolted. Slip is not permitted

¢ Service dead load = 45 kips and service live load = 105 kips

Select a double-angle section with unequal legs, long legs back-to-back.
Provide a complete sketch showing all information needed for the fab-
rication of the connection.

a. Use LRFD.
b. Use ASD.
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High-Strength Bolts in Tension

7.8-1 Investigate both the tee and the bolts in the hanger connection in Figure
P7.8-1. Include the effects of prying.

a. Use LRFD.
b. Use ASD.
34" diameter Group A bolts
5 y2” 10”
M m mn
WT8 X 50
A992
D =25k
L="75k

FIGURE P7.8-1

7.8-2 Determine the adequacy of the hanger connection in Figure P7.8-2
Account for prying action.

a. Use LRFD.
b. Use ASD.

30
}4&,‘ ¥2" diameter Group A bolts
lmm] jmm |

| | | |
<
T T
o O
214 X 4 X R
\ A36
%4 ~<~—
D=6k 7"
L=15k
FIGURE P7.8-2

Combined Shear and Tension in Fasteners

7.9-1 A bracket must support the service loads shown in Figure P7.9-1, which
act through the center of gravity of the connection. The connection
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7.9-2

7.9-3

to the column flange is with eight 7/s-inch-diameter, Group A bear-
ing-type bolts. A992 steel is used for all components. Is the connection
adequate?

a. Use LRFD.
b. Use ASD.

)
I

o o
o IS
~

L 30°

W12 X 120 vl 7
1 WT6 X 29
LV

FIGURE P7.9-1
A structural tee bracket is attached to a column flange with six bolts as
shown in Figure P7.9-2. All structural steel is A992. Check this connec-
tion for compliance with the AISC Specification. Assume that the bearing
strength is controlled by the bearing deformation strength of 2.4dtF,.
a. Use LRFD.

b. Use ASD.

WT6 X 32.5

(e] o - ]/1
2

o o A
ollol posoxe LT
L=70k WI2 X 65
%" diameter Group A
bearing-type bolts
with threads in shear
FIGURE P7.9-2

In the connection of Figure P7.9-3, how many ’s-inch-diameter Group A
bearing-type bolts are needed? The 80-kip load is a service load, consist-
ing of 20 kips dead load and 60 kips live load. Assume that the bolt threads
are in the plane of shear and bearing strength is controlled by the bearing
deformation strength of 2.4dtF,.

a. Use LRFD.
b. Use ASD.



Problems 469

A992 steel

W16 X 40

80 k

FIGURE P7.9-3

7.9-4 A double-angle tension member is attached to a 7s-inch gusset plate, which
in turn is connected to a column flange via another pair of angles as shown in
Figure P7.9-4. The given load is a service load consisting of 25% dead load
and 75% live load. All connections are to be made with 7s-inch-diameter,
Group B slip-critical bolts. Assume that the threads are in shear. Determ-
ine the required number of bolts and show their location on a sketch. The
column is of A992 steel and the angles and plate are A36.

a. Use LRFD.
b. Use ASD.
/120 k
gl
(—‘ .
: 2L5 X 3 X ¥a 1
long legs
3 back-to-back
X
) 78" PL
=
| 215 X3 X ¥
long legs
J back-to-back .
Section
FIGURE P7.9-4

7.9-5 A bracket cut from a W12 X 120 is connected to a W12 X 120 column
flange with 12 Group A bearing-type bolts as shown in Figure P7.9-5.
A992 steel is used. The line of action of the load passes through the center
of gravity of the connection. What size bolt is required?
a. Use LRFD.

b. Use ASD.
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7.11-1

7.11-2

1-1"
D =55k
L=145k

5 @ 4"
2 V" —> I P I }<~2}’2”
|

FIGURE P7.9-5

Fillet Welds

Determine the maximum service load that can be applied if the live load-
to-dead load ratio is 2.5. Investigate all limit states. The tension member is

of A572 Grade 50 steel, and the gusset plate is A36. The weld is a ¥i¢-inch
fillet weld with E70 electrodes.

a. Use LRFD.
b. Use ASD.

13—
|
MCS8 X 8.5— ;

- s

t=3l/8,7\

FIGURE P7.111

Determine the maximum service load that can be applied if the live load-
to-dead load ratio is 3.0. Investigate all limit states. All structural steel is
A36, and the weld is a 4-inch fillet weld with E70 electrodes. Note that
the tension member is a double-angle shape, and both of the angles are
welded as shown in Figure P7.11-2.

a. Use LRFD.

b. Use ASD.
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2L5 X 3'/2 X 5/16 LLBB

r=3/¢"

FIGURE P7.11-2

7.11-3 Determine the maximum service load, P, that can be applied if the live
load-to-dead load ratio is 2.0. Each component is a PL % X 7 of A242
steel. The weld is a '/5-inch fillet weld, E70 electrode.

a. Use LRFD.
b. Use ASD.

A
NN\
2%

P <«—— | N

£

FIGURE P7.11-3

7.11-4 A tension member splice is made with /4-inch E70 fillet welds as shown
in Figure P7.11-4. Each side of the splice is welded as shown. The inner
member is a PL 14 X 6, and each outer member is a PL %6 X 3. All steel
is A36. Determine the maximum service load, P, that can be applied if the
live load to dead load ratio is 1:1.

a. Use LRFD.

b. Use ASD.

PL'/2X 6

/—2PL5/16><3

P <+ —> P

FIGURE P7.11-4
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7.11-5 Design a welded connection. The given loads are service loads. Use F, =
50 ksi for the angle tension member and F, = 36 ksi for the gusset plate.
Show your results on a sketch, complete with dimensions.

a. Use LRFD.
t="3"
5\\“<:\\\\j 2L5 X 5 X Y16

b. Use ASD.
D =30k

L=75k

> —

/’,,},,,,/J

FIGURE P7.11-5
7.11-6 Design a welded connection for the conditions of Problem 7.4-3. Show
your results on a sketch, complete with dimensions.
a. Use LRFD.
b. Use ASD.

7.11-7 Design a welded connection for an MC 9 X 23.9 of A572 Grade 50 steel
connected to a ¥g-inch-thick gusset plate. The gusset plate is A36 steel.
Show your results on a sketch, complete with dimensions.

a. Use LRFD.
b. Use ASD.

\41 =3/8n

D =48k
L=120k

//’////,,///”J MC9 X 23.9

FIGURE P7.11-7

7.11-8 Use LRFD and design a welded connection to resist the available strength
of the tension member in Figure P7.11-8. All steel is A36. Show your res-
ults on a sketch, complete with dimensions.
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3/8" PL
—
/ L4 X 4 X /4
A36 steel

FIGURE P7.11-8

Use ASD to select a double-angle tension member and design a wel-
ded connection that will resist a dead load of 12 kips and a live load of
36 kips. The member will be 16 feet long and will be connected to a
5/s-inch-thick gusset plate. Use A36 steel for both the tension mem-
ber and the gusset plate. Show your results on a sketch, complete with
dimensions.

Design a tension member and its connection for the following conditions:

The tension member will be an American Standard Channel.
Length = 17.5 feet.
The web of the channel will be welded to a ¥s-inch-thick gusset plate.

The tension member will be A572 Grade 50 and the gusset plate will
be A36.

Service dead load = 54 kips, service live load = 80 kips, and wind
load = 75 kips.

Show your results on a sketch, complete with dimensions.




Most bolted connections, such as
this beam-to-column connection,
use high-strength bolts. One type

of bolt is installed with a special

wrench that twists off the end when

the correct amount of tension has

been reached.
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chapter 8

Eccentric Connections

8.1 EXAMPLES OF ECCENTRIC CONNECTIONS

An eccentric connection is one in which the resultant of the applied loads does
not pass through the center of gravity of the fasteners or welds. If the connec-
tion has a plane of symmetry, the centroid of the shear area of the fasteners or welds
may be used as the reference point, and the perpendicular distance from the line
of action of the load to the centroid is called the eccentricity. Although a majority
of connections are probably loaded eccentrically, in many cases the eccentricity is
small and may be neglected.

The framed beam connection shown in Figure 8.1a is a typical eccentric con-
nection. This connection, in either bolted or welded form, is commonly used to
connect beams to columns. Although the eccentricities in this type of connection
are small and can sometimes be neglected, they do exist and are used here for
illustration. There are actually two different connections involved: the attachment
of the beam to the framing angles and the attachment of the angles to the column.
These connections illustrate the two basic categories of eccentric connections:
those causing only shear in the fasteners or welds and those causing both shear
and tension.

If the beam and angles are considered separately from the column, as shown in
Figure 8.1b, it is clear that the reaction R acts at an eccentricity e from the centroid
of the areas of the fasteners in the beam web. These fasteners are thus subjected
to both a shearing force and a couple that lies in the plane of the connection and
causes torsional shearing stress.

If the column and the angles are isolated from the beam, as shown in Fig-
ure 8.1c, it is clear that the fasteners in the column flange are subjected to the
reaction R acting at an eccentricity e from the plane of the fasteners, producing
the same couple as before. In this case, however, the load is not in the plane of the
fasteners, so the couple will tend to put the upper part of the connection in tension
and compress the lower part. The fasteners at the top of the connection will there-
fore be subjected to both shear and tension.

Although we used a bolted connection here for illustration, welded connections
can be similarly categorized as either shear only or shear plus tension.

475
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Available strengths (maximum reaction capacities) for various framed beam
connections are given in Tables 10-1 through 10-12 in Part 10 of the Manual,
“Design of Simple Shear Connections.”

8.2 ECCENTRIC BOLTED CONNECTIONS:
SHEAR ONLY

The column bracket connection shown in Figure 8.2 is an example of a bolted con-
nection subjected to eccentric shear. Two approaches exist for the solution of this
problem: the traditional elastic analysis and the more accurate (but more complex)
ultimate strength analysis. Both will be illustrated.
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FIGURE 8.3
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Elastic Analysis

In Figure 8.3a, the fastener shear areas and the load are shown separate from the
column and bracket plate. The eccentric load P can be replaced with the same load
acting at the centroid plus the couple, M = Pe, where e is the eccentricity. If this
replacement is made, the load will be concentric, and each fastener can be assumed
to resist an equal share of the load, given by p, = P/n, where n is the number of
fasteners. The fastener forces resulting from the couple can be found by considering
the shearing stress in the fasteners to be the result of torsion of a cross section made
up of the cross-sectional areas of the fasteners. If such an assumption is made, the
shearing stress in each fastener can be found from the torsion formula

f, = MTd 8.1

where

d = distance from the centroid of the area to the point where the stress is
being computed
J = polar moment of inertia of the area about the centroid

and the stress f, is perpendicular to d. Although the torsion formula is applicable
only to right circular cylinders, its use here is conservative, yielding stresses that are
somewhat larger than the actual stresses.

If the parallel-axis theorem is used and the polar moment of inertia of each
circular area about its own centroid is neglected, J for the total area can be approxi-
mated as

J=2Ad> = AZd?

(a) (b)
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FIGURE 8.4

provided all fasteners have the same area, A. Equation 8.1 can then be written as

_ Md
" AZd?
and the shear force in each fastener caused by the couple is
Md Md
—Af = A =%
Pn = AL = ALS 2T S

The two components of shear force thus determined can be added vectorially to
obtain the resultant force, p, as shown in Figure 8.3b, where the lower right-hand
fastener is used as an example. When the largest resultant is determined, the fas-
tener size is selected so as to resist this force. The critical fastener cannot always be
found by inspection, and several force calculations may be necessary.

It is generally more convenient to work with rectangular components of forces.
For each fastener, the horizontal and vertical components of force resulting from
direct shear are

Px Py
Per = and p,=—=

where P, and Py are the x- and y-components of the total connection load, P, as
shown in Figure 8.4. The horizontal and vertical components caused by the eccen-
tricity can be found as follows. In terms of the x- and y-coordinates of the centers of
the fastener areas,

Sd? = 3(x? + y?)

where the origin of the coordinate system is at the centroid of the total fastener
shear area. The x-component of p,, is

y y Md 'y Md My
P = qPm =4S T a3 +y?) T 2P+ )Y
Similarly,
Mx
<—X——>
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and the total fastener force is
p=VEp)+ Ep,)
where

2p, =Pyt P
2Py =Pey Py

If P, the load applied to the connection, is a factored load, then force p on the
fastener is the factored load to be resisted in shear and bearing—that is, the re-
quired design strength. If P is a service load, then p will be the required allowable
strength of the fastener.




480 Chapter 8: Eccentric Connections

FIGURE 8.6

The horizontal and vertical components of the load are

P, 2236 kips«<— and P, =

2 .
) %(50) = 44.72 kips |,

1
=—(50) =
V5 0)
Referring to Figure 8.6a, we can compute the moment of the load about the centroid:

M = 4472(12 + 2.75) — 22.36(14 — 6) = 480.7 in.-kips (clockwise)

Figure 8.6b shows the directions of all component bolt forces and the relative mag-
nitudes of the components caused by the couple. Using these directions and relative
magnitudes as a guide and bearing in mind that forces add by the parallelogram
law, we can conclude that the lower right-hand fastener will have the largest resul-
tant force.

The horizontal and vertical components of force in each bolt resulting from the
concentric load are

22. 44.72
Pex = 736 =2795kips < and p,, = 5 - 5.590 kips |
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For the couple,

S(x? + y?) = 8(2.75)2 + 2[(6)> + (1)> + (2)* + (5)%] = 192.5 in.2

My 48070
Pox =Sz 4 " 1025 o nBS
My 4807(275)
= = — 6.867 ki
Py =52 132 T 1925 ips |

Sp, = 2795 + 14.98 = 17.78 kips «
Sp, = 5.590 + 6.867 = 12.46 kips |

p= \/(17.78)2 + (12.46)> = 21.7 kips  (see Figure 8.6c)

481

Answer The critical fastener force is 21.7 kips. Inspection of the magnitudes and directions
of the horizontal and vertical components of the forces confirms the earlier conclu-

sion that the fastener selected is indeed the critical one.

Ultimate Strength Analysis

The foregoing procedure is relatively easy to apply but is inaccurate—on the
conservative side. The major flaw in the analysis is the implied assumption that
the fastener load—deformation relationship is linear and that the yield stress is
not exceeded. Experimental evidence shows that this is not the case and that in-
dividual fasteners do not have a well-defined shear yield stress. The procedure to
be described here determines the ultimate strength of the connection by using an
experimentally determined nonlinear load—deformation relationship for the indi-

vidual fasteners.

The experimental study reported in Crawford and Kulak (1971) used ¥4-inch-
diameter A325 bearing-type bolts and A36 steel plates, but the results can be used
with little error for A325 (or other Group A) bolts of different sizes and steels of other
grades. The procedure gives conservative results when used with slip-critical bolts and

with A490 (or other Group B) bolts (Kulak, Fisher, and Struik, 1987).
The bolt force R corresponding to a deformation A is

R = Ry (1 — e+
— Rult(l _ e*lOA)O.SS

where

R, = bolt shear force at failure
e = base of natural logarithms
= aregression coefficient = 10

A = aregression coefficient = 0.55

(8.2)



482 Chapter 8: Eccentric Connections

FIGURE 8.7 R, Fastener n
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The ultimate strength of the connection is based on the following assumptions:

1. At failure, the fastener group rotates about an instantaneous center (IC).

2. The deformation of each fastener is proportional to its distance from the IC
and acts perpendicularly to the radius of rotation.

3. The capacity of the connection is reached when the ultimate strength of the
fastener farthest from the IC is reached. (Figure 8.7 shows the bolt forces as
resisting forces acting to oppose the applied load.)

4. The connected parts remain rigid.

As a consequence of the second assumption, the deformation of an individual fas-

tener is
r r
A=—A_.=—(034)
rmax rmax
where

r = distance from the IC to the fastener
Fmax = distance to the farthest fastener
A .« = deformation of the farthest fastener at ultimate = 0.34 in. (determined

experimentally)

As with the elastic analysis, it is more convenient to work with rectangular com-
ponents of forces, or

_x -
R, = rR and R, = rR
where x and y are the horizontal and vertical distances from the instantaneous cen-
ter to the fastener. At the instant of failure, equilibrium must be maintained, and
the following three equations of equilibrium will be applied to the fastener group
(refer to Figure 8.7):
EFX = E(Rx)n - Px = 0 (8'3)

n=1



8.2: Eccentric Bolted Connections: Shear Only 483

My = P(ry+ ¢) = S (r, X R,) = 0 (8.4)
n=1
and
EFy = E(Ry)n — Py =0 (8.5)
n=1

where the subscript n identifies an individual fastener and m is the total number
of fasteners. The general procedure is to assume the location of the instantaneous
center, then determine if the corresponding value of P satisfies the equilibrium
equations. If so, this location is correct and P is the capacity of the connection. The
specific procedure is as follows.

1. Assume a value for r,

2. Solve for P from Equation 8.4.

3. Substitute r, and P into Equations 8.3 and 8.5.

4. If these equations are satisfied within an acceptable tolerance, the analysis
is complete. Otherwise, a new trial value of r, must be selected and the
process repeated.

For the usual case of vertical loading, Equation 8.3 will automatically be satisfied.
For simplicity and without loss of generality, we consider only this case. Even with
this assumption, however, the computations for even the most trivial problems are
overwhelming, and computer assistance is needed. Part (b) of Example 8.2 was
worked with the aid of standard spreadsheet software.

Example 8.2

The bracket connection shown in Figure 8.8 must support an eccentric load consist-
ing of 9 kips of dead load and 27 kips of live load. The connection was designed
to have two vertical rows of four bolts, but one bolt was inadvertently omitted. If
"/-inch-diameter Group A bearing-type bolts are used, is the connection adequate?
Assume that the bolt threads are in the plane of shear. Use A36 steel for the bracket,
A992 steel for the W6 X 25, and perform the following analyses: (a) elastic analysis,
(b) ultimate strength analysis.

Solution Compute the bolt shear strength.

w(7/8)?

i 0.6013 in.2

Ab=

R, = F, A, = 54(0.6013) = 32.47 kips

n
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FIGURE 8.9

‘=

{
IF.
R

—J ~<—1.286"

For the other holes,

15 .
EC—s—h—3—E—2.0631n.
R, =12 F,

= 1.2(2.063)(0.455)(65) = 73.22 kips

Since 62.11 kips < 73.22 kips, bearing deformation controls, and R, = 62.11 kips
for these bolts.

Both bearing values are larger than the bolt shear strength, so the nominal
shear strength of R, = 32.47 kips controls.

a. Elastic analysis. For an x-y coordinate system with the origin at the center of the
lower left bolt (Figure 8.9),

_2(3) +2(6) + 1(9)
a 7

= 3.857 in.

<

3(3
30) _ 1 2g6in.
7
S+ y?) = 4(1.286)% + 3(1.714)2 + 2(3.857)% + 2(0.857)>
+2(2.143)2 + 1(5.143)? = 82.29 in.2

e=3+5—-1286=6.7141n.

X

LRFD P, =12D + 1.6L = 1.2(9) + 1.6(27) = 54 kips
solution 37 _ p, — 54(6.714) = 362.6 in.-kips  (clockwise)

54 :
Py =3 =TT14kips | pe=0



486 Chapter 8: Eccentric Connections

From the directions and relative magnitudes shown in Figure 8.9, the lower right
bolt is judged to be critical, so

My 3626(857)
I I Y e o
Mx 362.6(1.714)
— = — 7553 ki
Pmy =32 + ) 82.29 93

2p, = 17.00 kips
Epy = 7.714 + 7.553 = 15.27 kips
p =\/(17.00)2 + (1527)2 = 22.9 kips
The bolt design shear strength is
¢R, = 0.75(32.47) = 24.4 kips > 22.9 kips (OK)
Answer The connection is satisfactory by elastic analysis.
ASD P,=D + L =9+ 27 =36kips
solution 4/ _ p, — 36(6.714) = 241.7 in.-kips  (clockwise)

36 .
Poy="—7 = 5143kips | p., =0

Check the lower right bolt.

My _2MIG8S)
Pos =52+, 829 U T
Mx  2417(1714)
= = = 5.034ki
Pmy = 302 + y2) 82.29 ips |

>p, = 11.33 kips
2p, =5.143 + 5.034 = 10.18 kips
p =\/(1133)2 + (10.18)> = 15.23 kips

The bolt allowable shear strength is
R, 3247 . .
Q- 200 16.24 kips > 15.23 kips (OK)

Answer The connection is satisfactory by elastic analysis.

b. Ultimate strength analysis. We will use the procedure as outlined previously,
with one slight modification. Instead of incorporating a numerical value for
R, we will use a unit strength and modify Equation 8.2 as

R = Rult(1 _ eipdA))L = 10(1 — eif’“A))t = (1 _ e*p.A))\
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FIGURE 8.10
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That is, we will obtain a result corresponding to a unit bolt strength. The result
then can be multiplied by the actual bolt strength to find the strength of the con-
nection. The calculations will be performed with standard spreadsheet software.

The results of the final trial value of r, = 1.57104 inches are given in
Table 8.1. The coordinate system and bolt numbering scheme are shown in
Figure 8.10. (Values shown in the table have been rounded to three decimal

places for presentation purposes.)

From Equation 8.4,
P(ry + e) = 2rR

2rR 23.1120

P = =
rot+e 157104 + 6.71429

= 2.78951 kips

where e has been expressed to six significant figures for consistency.

Origin at
Bolt1 Origin at IC
Bolt x' y x y r A R R R,
1 0 0 028 —3857 3.868 0.255 0.956 3.699 0.071
2 3 0 328 3857 5.067 0.334 0.980 4.968 0.636
3 0 3 028 —0.857 0903 0.060 0.644 0.582 0.203
4 3 3 3285 —0.857 3395 0.224 0.940 3.192 0.910
5 0 6 0285 2.143 2.162 0.143  0.860 1.859 0.113
6 3 6 3285 2.143 3922 0.259 0.958 3.758 0.802
7 0 9 0.285 5143 5151 0.340 0.982 5.056 0.054
Sum 23.1120  2.78951
v P
D7

N
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LRFD
solution

Answer

ASD
solution

Answer

From Equation 8.5,
EFy = ZRy — P =2.78951 — 2.78951 = 0.000

The applied load has no horizontal component, so Equation 8.3 is automatically
satisfied.

The load of 2.78951 kips just computed is the failure load for the connection
and is based on the critical fastener reaching its ultimate load capacity. Since
this analysis was based on a unit bolt ultimate strength, we can obtain the true
connection capacity by multiplying by the actual bolt ultimate strength. The
nominal strength of one bolt, based on shear, is R, = 28.86 kips. The nominal
strength of the connection is

PR, = 2.790(28.86) = 80.52 kips

The design strength of the connection is
0.75(80.52) = 60.4 kips > 54 kips (OK)

The connection is satisfactory by ultimate strength analysis.

The allowable strength of the connection is

80.52 . .
—_— = : >
200 40.3 kips > 36 kips (OK)

The connection is satisfactory by ultimate strength analysis.

Tables 7-6 through 7-13 in Part 7 of the Manual, “Design Considerations for
Bolts,” give coefficients for the design or analysis of common configurations of fas-
tener groups subjected to eccentric loads. For each arrangement of fasteners con-
sidered, the tables give a value for C, the ratio of connection available strength to
fastener available strength. (Note that, this constant C has the same significance as
the connection strength obtained in Example 8.2 for a unit bolt strength. That is,
2R, in Table 8.1 is the same as C .) To obtain a safe connection load, this constant
must be multiplied by the available strength of the particular fastener used. For ec-
centric connections not included in the tables, the elastic method, which is conser-
vative, may be used. Of course, a computer program or spreadsheet software may
also be used to perform an ultimate strength analysis.

Example 8.3

Use the tables in Part 7 of the Manual to determine the available strength based on
bolt shear, for the connection shown in Figure 8.11. The bolts are %4-inch Group A
bearing-type with the threads in the plane of shear. The bolts are in single shear.
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Solution

Answer

8.3
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This connection corresponds to the connections in Table 7-7, for Angle = 0°. The

eccentricity is
e, =8+ 15=95in.
The number of bolts per vertical row is
n=3
From Manual Table 7-7,
C = 1.53 by interpolation
The nominal strength of a ¥-inch-diameter bolt in single shear is
r, =F, A, = 54(0.4418) = 23.86 kips

(Here we use 7, for the nominal strength of a single bolt and R, for the strength of
the connection.)

The nominal strength of the connection is
R, = Cr, = 1.53(23.86) = 36.51 kips

For LRFD, the available strength of the connection is ¢R,, = 0.75(36.51) = 27.4 kips.
For ASD, the available strength of the connection is R, /) = 36.51/2.00 = 18.3 kips.

ECCENTRIC BOLTED CONNECTIONS:
SHEAR PLUS TENSION

In a connection such as the one for the tee stub bracket of Figure 8.12, an ec-
centric load creates a couple that will increase the tension in the upper row of
fasteners and decrease it in the lower row. If the fasteners are bolts with no initial
tension, the upper bolts will be put into tension and the lower ones will not be
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FIGURE 8.12

FIGURE 8.13

/Q;Lﬁ R W
: |

Pe

affected. Regardless of the type of fastener, each one will receive an equal share
of the shear load.

If the fasteners are pretensioned high-strength bolts, the contact surface be-
tween the column flange and the bracket flange will be uniformly compressed
before the external load is applied. The bearing pressure will equal the total bolt
tension divided by the area of contact. As the load P is gradually applied, the com-
pression at the top will be relieved and the compression at the bottom will increase,
as shown in Figure 8.13a. When the compression at the top has been completely
overcome, the components will separate, and the couple Pe will be resisted by ten-
sile bolt forces and compression on the remaining surface of contact, as shown in
Figure 8.13b. As the ultimate load is approached, the forces in the bolts will ap-
proach their ultimate tensile strengths.

A conservative, simplified method will be used here. The neutral axis of the
connection is assumed to pass through the centroid of the bolt areas. Bolts above
this axis are subjected to tension, and bolts below the axis are assumed to be sub-
jected to compressive forces, as shown in Figure 8.13c. Each bolt is assumed to have

I — 2r, < Assumed

-/_ neutral axis

— 2r

(b) ()
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reached an ultimate value of r,. Since there are two bolts at each level, each force is
shown as 2r,. The resisting moment furnished by these bolt forces is computed as
the resultant of the tension bolt forces times a moment arm equal to the distance
between the centroid of the tension bolt areas and the centroid of the “compres-
sion” bolt areas, or

M=nrd (8.6)
where

M = resisting moment
r, = bolt force
n = number of bolts above the neutral axis
d = distance between the centroid of the tension bolts and the centroid of the
“compression” bolts

When the resisting moment is equated to the applied moment, the resulting
equation can be solved for the unknown bolt tensile force r,. (This method is the
same as Case II in Part 7 of the Manual.)

Example 8.4

A beam-to-column connection is made with a structural tee as shown in Figure 8.14.
Eight %4-inch-diameter, Group A, fully tightened bearing-type bolts are used to
attach the flange of the tee to the column flange. Investigate the adequacy of this
connection (the tee-to-column connection) if it is subjected to a service dead load
of 20 kips and a service live load of 40 kips at an eccentricity of 2.75 inches. Assume
that the bolt threads are in the plane of shear. All structural steel is A992.
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LRFD
solution

FIGURE 8.15

Determine the shear and bearing strengths. The tables in Part 7 of the Manual will
be used. From Table 7-1, the shear strength is

¢r, = 17.9 kips/bolt

For the inner bolts with a spacing of 3 inches, the bearing strength from
Table 7-4 is

ér, = 87.8t = 87.8(0.560) = 49.2 kips/bolt

For the edge bolts, use Table 7-5 and a conservative edge distance of 1!/ inches.
The bearing strength for these bolts is

br, = 49.41 = 49.4(0.560) = 27.7 kips/bolt

Since the shear strength is less than the bearing strength of any bolt, the shear
strength controls.
The factored load is

P,=12D + 1.6L = 1.2(20) + 1.6(40) = 88 kips

and the shear/bearing load per bolt is 88/8 = 11 kips. The shear design strength
per bolt is

¢r, = 17.9 kips > 11 kips (OK)

Compute the tensile force per bolt and then check the tension—shear interaction.
Because of symmetry, the centroid of the connection is at middepth. Figure 8.15
shows the bolt areas and the distribution of bolt tensile forces.

From Equation 8.6, the resisting moment is

M=nrd=4r(3—15+3+3—15)=24r,
The applied moment is
M, = P, = 88(2.75) = 242 in.-kips
Equating the resisting and applied moments, we get
24r, =242, or r,=10.08 kips

The factored load shear stress is

fn= O.iilé% = 24.90 ksi
(@) (©) x 2r; <«—
o o —3X— 2r, <€—
o o+ o
(@) (©) —3*— —> 2r,
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and from AISC Equation J3-3a, the nominal tensile stress is

F' . =13F, — P =F
nt— e (bF frv_ nt
nyv

90
= 1300) ~ G7sism)

The design tensile strength is

&R, = 0.75F A, = 0.75(61.67)(0.4418) = 20.4 kips > 10.08 kips  (OK)

(24.90) = 61.67 ksi < 90 ksi

The connection is satisfactory.

Determine the shear and bearing strengths. The tables in Part 7 of the Manual will
be used. From Table 7-1, the shear strength is

r
5” = 11.9 kips/bolt

For the inner bolts with a spacing of 3 inches, the bearing strength from Table 7-4 is
r
5” = 58.5t = 58.5(0.560) = 32.8 kips/bolt

For the edge bolts, use Table 7-5 and a conservative edge distance of 1/ inches. The
bearing strength for these bolts is

r
6" = 32.9t = 32.9(0.560) = 18.4 kips/bolt
The shear strength controls.
The total applied load is
P,=D + L =20+ 40 = 60 kips

and the shear/bearing load per bolt is 60/8 = 7.5 kips. The allowable shear strength
per bolt is

r
o = 119kips >75kips  (OK)

Compute the tensile force per bolt, then check the tension—shear interactions. The
applied moment is

M, = P = 60(2.75) = 165 in.-kips
From Equation 8.6, the resisting moment is
M=nrd=4r(3—15+3+3 —1.5) =24r,
Equating the resisting and applied moments, we get

24r,=165 or r,= 6.875Kkips
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Answer

8.4

The shearing stress is

7.5 .
r T 04418 16.98 ksi
and from AISC Equation J3-3b, the nominal tensile stress is
; OF,,
F,=13F, — F i =
2.00(90) . .
= 1.3(90) — ———(16.98) = 60.40 ksi < 90 ksi

54

The allowable tensile strength is
R, F,A, 60.40(0.4418)
Q- 0 200

= 133 kips > 6.875kips  (OK)

The connection is satisfactory.

When bolts in slip-critical connections are subjected to tension, the slip-critical
strength is ordinarily reduced by the factor given in AISC J3.9 (see Section 7.9). The
reason is that the clamping effect, and hence the friction force, is reduced. In a con-
nection of the type just considered, however, there is additional compression on the
lower part of the connection that increases the friction, thereby compensating for
the reduction in the upper part of the connection. For this reason, the slip-critical
strength should not be reduced in this type of connection.

ECCENTRIC WELDED CONNECTIONS:
SHEAR ONLY

Eccentric welded connections are analyzed in much the same way as bolted connec-
tions, except that unit lengths of weld replace individual fasteners in the computa-
tions. As in the case of eccentric bolted connections loaded in shear, welded shear
connections can be investigated by either elastic or ultimate strength methods.

Elastic Analysis
The load on the bracket shown in Figure 8.16a may be considered to act in the plane
of the weld—that is, the plane of the throat. If this slight approximation is made, the
load will be resisted by the area of weld shown in Figure 8.16b. Computations are
simplified, however, if a unit throat dimension is used. The calculated load can then
be multiplied by 0.707 times the weld size to obtain the actual load.

An eccentric load in the plane of the weld subjects the weld to both direct shear
and torsional shear. Since all elements of the weld receive an equal portion of the
direct shear, the direct shear stress is

P
f1—z
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FIGURE 8.17
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\ P
0.707w

M = Pe

QULILLNIRUNLURL LAY

§
N
\
N

(a) (b)

where L is the total length of the weld and numerically equals the shear area, be-
cause a unit throat size has been assumed. If rectangular components are used,

Px Py
fu=7  and  fy =

where P, and P, are the x and y components of the applied load. The shearing stress
caused by the couple is found with the torsion formula

Md
h=—"F

J
where

d = distance from the centroid of the shear area to the point where the stress
is being computed
J = polar moment of inertia of that area

Figure 8.17 shows this stress at the upper right-hand corner of the given weld. In
terms of rectangular components,
My Mx
fo=— and  fo, =7
Also,
J=Jr2dA =J (x* + y?)dA :JdeA + JyszzlwaIx
A A A A

where /, and I, are the rectangular moments of inertia of the shear area. Once all
rectangular components have been found, they can be added vectorially to obtain
the resultant shearing stress at the point of interest, or

Ef)* + )
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FIGURE 8.18

LRFD
solution

As with bolted connections, the critical location for this resultant stress can usually
be determined from an inspection of the relative magnitudes and directions of the
direct and torsional shearing stress components.

Because a unit width of weld is used, the computations for centroid and mo-
ment of inertia are the same as for a line. In this book, we treat all weld segments as
line segments, which we assume to be the same length as the edge of the connected
part that they are adjacent to. Furthermore, we neglect the moment of inertia of a
line segment about the axis coinciding with the line.

Example 8.5

Determine the size of weld required for the bracket connection in Figure 8.18. The
service dead load is 10 kips, and the service live load is 30 kips. A36 steel is used for
the bracket, and A992 steel is used for the column.

P,=12D + 1.6L = 1.2(10) + 1.6(30) = 60 kips
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The eccentric load may be replaced by a concentric load and a couple, as shown in
Figure 8.18. The direct shearing stress is the same for all segments of the weld and
is equal to

= 60 _ 60
o8+ 12+8 28
Before computing the torsional component of shearing stress, the location of the

centroid of the weld shear area must be determined. From the principle of moments
with summation of moments about the y axis,

= 2.143 ksi

x(28) = 8(4)(2) or x = 2.286 in.
The eccentricity e is 10 + 8 — 2.286 = 15.71 in., and the torsional moment is
M = Pe = 60(15.71) = 942.6 in.-kips

If the moment of inertia of each horizontal weld about its own centroidal axis is
neglected, the moment of inertia of the total weld area about its horizontal centroi-
dal axis is

1
L= E(l)(12)3 + 2(8)(6)? = 720.0 in.*
Similarly,

1= 2[112(1)(8)3 + 8(4 — 2.286)2} +12(2.286)? = 195.0 in.*

and
J=1 + I/V =720.0 + 195.0 = 915.0 in.*

Figure 8.18 shows the directions of both components of stress at each corner of
the connection. By inspection, either the upper right-hand corner or the lower right-
hand corner may be taken as the critical location. If the lower right-hand corner is
selected,

My 942.6(6)
== 5150
Mx  942.6(8 — 2.286)
fy="= 915.0

f,= \/(6.181)2 + (2.143 + 5.886)2 = 10.13 ksi = 10.13 kips/in.
for a unit throat dimension.

= 6.181 ksi

= 5.886 ksi
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Answer

ASD
solution

Check the strength of the base metal. The bracket is the thinner of the connected
parts and controls. From Equation 7.35, the base-metal shear yield strength per unit
length is

$R, = 0.6F,1 = 0.6(36) (196> = 12.2 kips/in.

From Equation 7.36, the base-metal shear rupture strength per unit length is
¢R, = 045F t = 0.45(58)(;) = 14.7 kips/in.

The base metal shear strength is therefore 12.2 kips/in. > 10.13 kips/in. (OK)

From Equation 7.29, the weld strength per inch is
¢R, = $(0.707WF,,,)

The matching electrode for A36 steel is E70. Because the load direction varies on
each weld segment, the weld shear strength varies, but for simplicity, we will conser-
vatively use F,,, = 0.6Fyy for the entire weld. The required weld size is therefore
Y ¢R, 10.13
¢(0.707)F,,, 0.75(0.707)(0.6 X 70)

Alternatively, for E70 electrodes, ¢R,, = 1.392 kips/in. per sixteenth of an inch in
size. The required size in sixteenths is therefore

10.13 . . 8. 1,
@ = 7.3 sixteenths .. Use 16 n. = > n.

Use a Y-inch fillet weld, E70 electrode.

= 0.455 in.

The total load is P, = D + L = 10 + 30 = 40 kips.

The eccentric load may be replaced by a concentric load and a couple, as shown
in Figure 8.18. The direct shearing stress is the same for all segments of the weld
and is equal to

40 _40_ 1.429 ksi

hv=sv12+8 =

To locate the centroid of the weld shear area, use the principle of moments with
summation of moments about the y axis.

x(28) =8(4)(2) or x=2.286in.
The eccentricity e is 10 + 8 — 2.286 = 15.71 in., and the torsional moment is

M = Pe = 40(15.71) = 628.4 in.-kips
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If the moment of inertia of each horizontal weld about its own centroidal axis is neglected,
the moment of inertia of the total weld area about its horizontal centroidal axis is

I .= 117(1)(12)3 + 2(8)(6)* = 720.0 in.*
Similarly,

I, = 2[112(1)(8)3 + 8(4 — 2.286)2} + 12(2.286)? = 195.0 in.*
and

J=1I,+1,=720.0+1950=9150in.*

Figure 8.18 shows the directions of both components of stress at each corner of
the connection. By inspection, either the upper right-hand corner or the lower right-
hand corner may be taken as the critical location. If the lower right-hand corner is
selected,

My 628.4(6)

L B TER

_ Mx  628.4(8 — 2.286)

=77 915.0

f,= \/(4.121)2 + (1.429 + 3.924)2 = 6.756 ksi = 6.756 kips/in.
for a unit throat dimension.

= 4.121 ksi

= 3.924 ksi

Check the strength of the base metal. The bracket is the thinner of the connected parts
and controls. From Equation 7.37, the base metal shear yield strength per unit length is

Ry = (0.4F ;= 0.4(36) <9> = 8.10 kips/in.
Q Y 16
From Equation 7.38, the base metal shear rupture strength per unit length is
R, 9 e
o 0.3F,t = 0.3(58) <16> = 9.79 kips/in.

The base metal shear strength is therefore 8.10 kips/in. > 6.756 kips/in. (OK)
From Equation 7.33, the weld strength per inch is

R, 0J07wF,,

Q Q
The matching electrode for A36 steel is E70. Because the load direction varies on each
weld segment, the weld shear strength varies, but for simplicity, we will conservatively
use F,,, = 0.6Fyy for the entire weld. The required weld size is, therefore,
QR Q(f,)  2.00(6.756)
YT 0707F,, ~ 0.707F,,  0.707(0.6 X 70)

1
= 0.455in. .. Usegin.



500 Chapter 8: Eccentric Connections

Answer

FIGURE 8.19

Alternatively, for E70 electrodes, R,/ = 0.9279 kips/in. per sixteenth of an inch in
size. The required size in sixteenths is, therefore,

6.756 . ) 8. 1.
09279 7.3 sixteenths ... Use 16 n. = > n.

Use a Y-inch fillet weld, E70 electrode.

Ultimate Strength Analysis

Eccentric welded shear connections may be safely designed by elastic methods, but
the factor of safety will be larger than necessary and will vary from connection to
connection (Butler, Pal, and Kulak, 1972). This type of analysis suffers from some
of the same shortcomings as the elastic method for eccentric bolted connections,
including the assumption of a linear load-deformation relationship for the weld.
Another source of error is the assumption that the strength of the weld is indepen-
dent of the direction of the applied load. An ultimate strength approach, based on
the relationships in AISC J2.4b, is presented in Part 8 of the Manual and is sum-
marized here. It is based on research by Butler et al. (1972) and Kulak and Timler
(1984) and closely parallels the method developed for eccentric bolted connections
by Crawford and Kulak (1971).

Instead of considering individual fasteners, we treat the continuous weld as an
assembly of discrete segments. At failure, the applied connection load is resisted
by forces in each element, with each force acting perpendicular to the radius con-
structed from an instantaneous center of rotation to the centroid of the segment,
as shown in Figure 8.19. This concept is essentially the same as that used for the
fasteners. However, determining which element has the maximum deformation and
computing the force in each element at failure is more difficult, because unlike
the bolted case, the weld strength is a function of the direction of the load on the
element. To determine the critical element, first compute the deformation of each
element at maximum stress:

A, = 0.209(6 + 2) 032y

R Segment

IC

\ Centroid
of weld

A |
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where

A, = deformation of the element at maximum stress
6 = angle that the resisting force makes with the axis of the weld segment
(see Figure 8.19)
w = weld leg size

Next, compute A, /r for each element, where r is the radius from the IC to the
centroid of the element. The element with the smallest A, /r is the critical element,
that is, the one that reaches its ultimate capacity first. For this element, the ultimate
(fracture) deformation is

A, =1.087(6 + 6) "%w < 0.17w

and the radius is ... The deformation of each of the other elements is

crit*

A
u
A=r
Ferit

The stress in each element is then

Fpyy = 0.60F (1 + 0.5 5in56) [ p(1.9 — 0.9p)]°3
where

Fpyx = weld electrode strength

p= n for the element

The force in each element is F, A, where A, is the weld throat area.

The preceding computations are based on an assumed location of the instanta-
neous center of rotation. If it is the actual location, the equations of equilibrium will
be satisfied. The remaining details are the same as for a bolted connection.

1. Solve for the load capacity from the equation

where IC is the instantaneous center.

2. If the two force equilibrium equations are satisfied, the assumed location
of the instantaneous center and the load found in Step 1 are correct; other-
wise, assume a new location and repeat the entire process.

The absolute necessity for the use of a computer is obvious. Computer solu-
tions for various common configurations of eccentric welded shear connections are
given in tabular form in Part 8 of the Manual. Tables 8-4 through 8-11 give available
strength coefficients for various common combinations of horizontal and vertical
weld segments based on an ultimate strength analysis. These tables may be used
for either design or analysis and will cover almost any situation you are likely to
encounter. For those connections not covered by the tables, the more conservative
elastic method may be used.
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Example 8.6

Determine the weld size required for the connection in Example 8.5, based on ul-
timate strength considerations. Use the tables for eccentrically loaded weld groups
given in Part 8 of the Manual.

Solution The weld of Example 8.5 is the same type as the one shown in Manual Table 8-8
(angle = 0°), and the loading is similar. The following geometric constants are
required for entry into the table:

at e 157
e A T

kt 8
k—7—5—0.67

By interpolation in Table 8-8 for a = 1.3,
C=152 for k=06 and C=173 for k=07
Interpolating between these two values for k = 0.67 gives
C =1.67

For E70XX electrodes, C; = 1.0.
LRFD From Table 8-8, the nominal strength of the connection is given by
solution R, = CC,DC
For LRFD,
¢R, = P,

SO
Pu
g = CC1D€

and the required value of D is

P, 60
~ CCE 0.75(1.67)(1.0)(12)

D = 3.99 sixteenths

The required weld size is therefore

3.99
16 0.249in. (versus 0.455 inch required in Example 8.5)
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Use a Y4-inch fillet weld, E70 electrode.

From Table 8-8, the nominal strength of the connection is given by
R,=CC,D¢
For ASD,

==z
SO

QOP,=CC, D¢t
and the required value of D is

b QP 20040 o
T CCH T 167(10)(12) T Seemis

The required weld size is, therefore,

3.99
6 - 0.249in. (versus 0.455 inch required in Example 8.5)

Use a Ys-inch fillet weld, E70 electrode.

Special Provision for Axially Loaded Members

When a structural member is axially loaded, the stress is uniform over the cross sec-
tion and the resultant force may be considered to act along the gravity axis, which
is a longitudinal axis through the centroid. For the member to be concentrically
loaded at its ends, the resultant resisting force furnished by the connection must also
act along this axis. If the member has a symmetrical cross section, this result can be
accomplished by placing the welds or bolts symmetrically. If the member is one with
an unsymmetrical cross section, such as the double-angle section in Figure 8.20, a
symmetrical placement of welds or bolts will result in an eccentrically loaded con-
nection, with a couple of Te, as shown in Figure 8.20b.

AISC J1.7 permits this eccentricity to be neglected in statically loaded single-
and double-angle members. When the member is subjected to fatigue caused by
repeated loading or reversal of stress, the eccentricity must be eliminated by an
appropriate placement of the welds or bolts.* (Of course, this solution may be used
even if the member is subjected to static loads only.) The correct placement can

*Since Chapter J does not consider fatigue loading, Section J1.7 simply says that the eccentricity can be
ignored. The Commentary to Section J1.7 states that for fatigue loading conditions the welds should
be balanced.
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FIGURE 8.20 Gusset PL
Gravity
. 7
axis
Centroid
—> T
Section
(a)
P
R=T
R "_"Pz
— —_— T = ;£ —_— T
P, e
R IM=Tc#0
(b)
FIGURE 8.21 L,
=~
T P ~—F—
L; P;—~—— T
R I N
¢ Gravily axis
4
of member

be determined by applying the force and moment equilibrium equations. For the
welded connection shown in Figure 8.21, the first equation can be obtained by sum-
ming moments about the lower longitudinal weld:

L
M, = Tc— 13373 ~PL,;=0

This equation can be solved for P, the required resisting force in the upper
longitudinal weld. This value can then be substituted into the force equilibrium
equation:

SF=T—-P —P,—Py=0

This equation can be solved for P,, the required resisting force in the lower longi-
tudinal weld. For any size weld, the lengths L, and L, can then be determined. We
illustrate this procedure, known as balancing the welds, in Example 8.7.
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Example 8.7

A tension member consists of a double-angle section, 2L5 X 3 X 2 LLBB (long
legs placed back-to-back). The angles are attached to a ¥3-inch-thick gusset plate.
All steel is A36. Design a welded connection, balanced to eliminate eccentricity,
that will resist the full tensile capacity of the member.

The nominal strength of the member based on the gross section is
P, =F,A, = 36(7.50) = 270.0 kips

The nominal strength based on the net section requires a value of U, but the length
of the connection is not yet known, so U cannot be computed from Equation 3.1.
We will use an estimated value of 0.80, and, if necessary, revise the solution after
the connection length is known.

A, = AU =17.50(0.80) = 6.000 in.”
P, =F,A, = 58(6.000) = 348.0 kips
For A36 steel, the appropriate electrode is E70XX, and

3
Minimum weld size = 16 in. (AISC Table J2.4)
Maximum si. —1—i—lin (AISCJ2.2b)
aximum size = > — 72 = 7 in. .

Compute the required design strength. For yielding of the gross section,
¢,P, = 0.90(270.0) = 243.0 kips

For fracture of the net section,
¢, P, = 0.75(348.0) = 261.0 kips

Yielding of the gross section controls. For one angle, the required design strength is

@ = 121.5 kips

Try a ¥6-inch fillet weld:
Capacity per inch of length = ¢R, = 1.392D = 1.392(5) = 6.960 kips/in.

where D is the weld size in sixteenths of an inch.

Check the base metal shear strength. The gusset plate is the thinner of the con-
nected parts and controls. From Equation 7.35, the base metal shear yield strength
per unit length is

3
$R, = 0.6F,1 = 0.6(36)(8> — 8.100 kips/in.
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FIGURE 8.22

From Equation 7.36, the base metal shear rupture strength per unit length is
3
¢R, = 045F t = 0.45(58)(8) = 9.788 kips/in.

The base metal shear strength is therefore 8.100 kips/in., and the weld strength of
6.960 kips/in. controls.

Refer to Figure 8.22. Since there are both transverse and longitudinal welds,
we will try both of the options given in AISC J2.4b(2). First, we will use the basic
electrode strength of 0.6Fyy for both the longitudinal and transverse welds (this
corresponds to ¢R,, = 6.960 kips/in.) The capacity of the weld across the end of the
angle is

P, = 6.960(5) = 34.80 kips

Summing moments about an axis along the bottom, we get

5
EMLZ = 121.5(3.26) — 34.80<2> — P(5)=0, P,=061.82Kkips

2F=1215-61.82 — 3480 — P, =0, P, =24.88kips

P, 6182
L = = 22 _g88in. . Use9in,
176960  6.960 i serim
P, 2488 . .
L2_6.960_m_3'57m' . Use 4in.

We will now examine the second option given in AISC J2.4b(2), in which we use
150% of the basic strength for the transverse weld and 85% of the basic strength for
the longitudinal welds. For the transverse weld, use

¢R, = 1.5 X 6.960 = 10.44 kips/in.
and for the longitudinal welds,

#R, = 0.85 X 6.960 = 5.916 kips/in.



Answer

ASD
solution

FIGURE 8.23
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The capacity of the weld across the end of the angle is

P, = 10.44(5) = 52.20 kips

Summing moments about an axis along the bottom, we get

5
3 M, =121.5(3.26) - 52.20(2) — P,(5) =0, P, =53.12kips

2 F=1215-5312-5220- P, =0, P,=16.18kips

P, 5312
L = = 22C _808in. .- in.
175916~ 5916 8.98 in Use 9 in
P, 1618
L= = —273in. - in.
2= 5916 5916 /oMM - Usedin

The second option results in a slight savings and will be used.

507

Verify the assumption on U to be sure that the strength of the member is gov-

erned by yielding. From Equation 3.1,

X 0.746
U=1--=1-—"=09171
4 9

This is larger than the value of 0.80 that was initially used, so the strength based on
fracture will be larger than originally calculated, and the strength will be governed

by yielding as assumed.

Use the weld shown in Figure 8.23.

Compute the required allowable strength. For yielding of the gross section,

P, 2700
= = 161.7 ki
Q, 167 S
For fracture of the net section,
P, 3480
= = 174.0 ki
Q, 200 =

/16,9




508 Chapter 8: Eccentric Connections

Yielding of the gross section controls. For one angle, the required allowable
strength is

161.7

S = 80.85 kips

Try a Yi¢-inch fillet weld:

R
Capacity per inch of length = 6" = 0.9279D = 0.9279(5) = 4.640 kips/in.
where D is the weld size in sixteenths of an inch.
Check the base metal shear strength. The gusset plate is the thinner of the con-
nected parts and controls. From Equation 7.37, the base metal shear yield strength
per unit length is

R, 3 .
o 0.4F,t = 0.4(36) <8) = 5.400 kips/in.

From Equation 7.38, the base metal shear rupture strength per unit length is

R, 3
0 = 0.3F,t = 0.3(58) <8> = 6.525 kips/in.

The base metal shear strength is therefore 5.400 kips/in., and the weld strength of
4.640 kips/in. controls.

Refer to Figure 8.22. Since there are both transverse and longitudinal welds,
we will try both of the options given in AISC J2.4b(2). First, we will use the basic
electrode strength of 0.6Fyy for both the longitudinal and transverse welds (this
corresponds to R, /) = 4.640 kips/in.) The capacity of the weld across the end of
the angle is

P5 = 4.640(5) = 23.20 kips
Summing moments about an axis along the bottom, we get
5
EMLZ = 80.85(3.26) — 23.20<2> — P(5)=0, P,=41.11kips

SF=280.85—41.11 — 2320 — P, =0, P, = 16.54kips

P, 41.11 . .
L= 1640~ 2640 8.86in. .. Use9in.
P, 16.54
L,= =——=356in. .. 4 in.
2= 4640 4640 oo0mm. . Usedin
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We will now examine the second option given in AISC J2.4b(2), in which we use
150% of the basic strength for the transverse weld and 85% of the basic strength for
the longitudinal welds. For the transverse weld, use

R
6” = 1.5 X 4.640 = 6.960 kips/in.

and for the longitudinal welds,

R

6" = 0.85 X 4.640 = 3.944 kips/in.

The capacity of the weld across the end of the angle is
P, =6.960(5) = 34.80 kips
Summing moments about an axis along the bottom, we get
5
EMLZ = 80.85(3.26) — 34.80<2> — P(5)=0, P,=3531kips

2F =80.85 — 3531 —34.80 — P, =0, P,=10.74kips

P, 3531
L = = 2220 _g95in. . Use 9in.
173044 3944 m. . Use9in
P, 1074

I, = ——" _o5%in . Use3in.
273044 3944 n se2

The second option results in a slight savings and will be used.
Verify the assumption on U to be sure that the strength of the member is gov-
erned by yielding. From Equation 3.1,

X 0.746
U=1--=1-—"=09171
4 9

This is larger than the value of 0.80 that was initially used, so the strength based on
fracture will be larger than originally calculated, and the strength will be governed
by yielding as assumed.

Use the weld shown in Figure 8.23.

ECCENTRIC WELDED CONNECTIONS:
SHEAR PLUS TENSION

Many eccentric connections, particularly beam-to-column connections, place the
welds in tension as well as shear. Two such connections are illustrated in Figure 8.24.

The seated beam connection consists primarily of a short length of angle that
serves as a “shelf” to support the beam. The welds attaching this angle to the column



510 Chapter 8: Eccentric Connections

FIGURE 8.24

FIGURE 8.25
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(a) Seated beam connection

D

(b) Framed beam connection

must resist the moment caused by the eccentricity of the reaction as well as the beam
reaction in direct shear. The angle connecting the top flange provides torsional sta-
bility to the beam at its end and does not assist in supporting the reaction. It may be
attached to the beam web instead of the top flange. The beam-to-angle connections
can be made with either welds or bolts and will not carry any calculated load.

The framed beam connection, which is very common, subjects the vertical
angle-to-column welds to the same type of load as the seated beam connection. The
beam-to-angle part of the connection is also eccentric, but the load is in the plane
of shear, so there is no tension. Both the seated and the framed connections have
their bolted counterparts.

In each of the connections discussed, the vertical welds on the column flange
are loaded as shown in Figure 8.25. As with the bolted connection in Section 8.3,
the eccentric load P can be replaced by a concentric load P and a couple M = Pe.
The shearing stress is

P
fv_Z

e

T

f BE =l
/-




FIGURE 8.26

Solution
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where A is the total throat area of the weld. The maximum tensile stress can be
computed from the flexure formula

Mc
=

where [ is the moment of inertia about the centroidal axis of the area consisting of
the total throat area of the weld, and c is the distance from the centroidal axis to the
farthest point on the tension side. The maximum resultant stress can be found by
adding these two components vectorially:

L=N+ 1

For units of kips and inches, this stress will be in kips per square inch. If a unit throat
size is used in the computations, the same numerical value can also be expressed as
kips per linear inch. If f, is derived from factored loads, it may be compared with
the design strength of a unit length of weld. Although this procedure assumes elastic
behavior, it will be conservative when used in an LRFD context.

Example 8.8

An L6 X 4 X 4 is used in a seated beam connection, as shown in Figure 8.26. It
must support a service load reaction of 5 kips dead load and 10 kips live load. The
angles are A36 and the column is A992. E70XX electrodes are to be used. What
size fillet welds are required for the connection to the column flange?

—
VTL

6”

EZA 17

1

1.6 X 4 X 1A

W10 x 54

As in previous design examples, a unit throat size will be used in the calculations.
Although an end return is usually used for a weld of this type, conservatively for
simplicity it will be neglected in the following calculations.
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FIGURE 8.27

LRFD
solution

For the beam setback of ¥ inch, the beam is supported by 3.25 inches of the
4-inch outstanding leg of the angle. If the reaction is assumed to act through the cen-
ter of this contact length, the eccentricity of the reaction with respect to the weld is

e=0.75+ % = 2.375 in.

For the assumed weld configuration in Figure 8.27,

| 2)(6)
12

The factored-load reaction is P, = 1.2D + 1.6L = 1.2(5) + 1.6(10) = 22 kips.

=36 in.%, c=g=3in.

M, = Pe = 22(2.375) = 52.25 ft-kips
M 5225(3)

(=7 36 4.354 kips/in.
P, 22
===c= = 1.833 kips/in.
Y= A T 201)6) ips/in

£.= 2+ £2 = \/(4354)% + (1.833)2 = 4.724 kips/in.

The required weld size w can be found by equating f, to the weld capacity per inch
of length:
f,=1.392D
4724 = 1.392D, D = 3.394

where D is the weld size in sixteenths of an inch for E70 electrodes. The required
size is therefore

41
T 16 4™
From AISC Table J2.4,

Minimum weld size = 1% n.

From AISC J2.2b,

7.
—in.

. . 1 1
Maximum size = > 16" 16
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Try w = Vs inch: Check the shear capacity of the base metal (the angle controls):
Applied direct shear = f, = 1.833 kips/in.

From Equation 7.35, the shear yield strength of the angle leg is
$R, = 0.6F,1 = 0.6(36) (;) = 10.8 kips/in.
From Equation 7.36, the shear rupture strength is
¢R, = 0.45F t = 0.45(58)<;) = 13.1 kips/in.
The base metal shear strength is therefore 10.8 kips/in. > 1.833 kips/in. (OK)
Answer Use a Y-inch fillet weld, E70XX electrodes.
ASD The total reactionis P, = D + L = 5 + 10 = 15 kips.

solution
M, = P,e = 15(2.375) = 35.63 ft kips

~ Me  35.63(3)

(=7 6 2.969 kips/in.
P, 15
=—= = 1.250 kips/in.
V=4 " 20)(6) 50 kips/in

£ =2+ £2=1/(2.969) + (1.250)% = 3.221 kips/in.
To find the required weld size, equate f, to the weld capacity per inch of length:

f,=0.9279D
3.221 = 0.9279D, D = 3471

where D is the weld size in sixteenths of an inch for E70 electrodes. The required
size is therefore

_4 1
YT 16 4™

From AISC Table J2.4,
Minimum weld size = 1% in.

From AISC J2.2b,

Moaximum sige = L L _ 7
aximum S1Z€ —2 16_ 16 1mn.
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Answer

FIGURE 8.28

Solution

Try w = Vs inch: Check the shear capacity of the base metal (the angle controls):
Applied direct shear = f, = 1.250 kips/in.

From Equation 7.37, the shear yield strength of the angle leg is

R, 1 .
o 04F 1 = 0.4(36)(2) = 7.20 kips/in.

From Equation 7.38, the shear rupture strength is
R, 1 .
— =03F,t = 0.3(58)( 7 | = 8.70 kips/in.
Q 2
The base metal shear strength is therefore 7.20 kips/in. > 1.250 kips/in. (OK)

Use a Y4-inch fillet weld, E70XX electrodes.

Example 8.9

A welded framed beam connection is shown in Figure 8.28. The framing angles
are 4 X 3 X 14, and the column is a W12 X 72. A36 steel is used for the angles, and
A992 steel is used for the W shapes. The welds are ¥s-inch fillet welds made with
E70XX electrodes. Determine the maximum available beam reaction as limited by
the welds at the column flange.

Y — ’e/

ﬁ
|
j

| 32"

[f—IE \/
WI2x72 o Lao3

The beam reaction will be assumed to act through the center of gravity of the
connection to the framing angles. The eccentricity of the load with respect to
the welds at the column flange will therefore be the distance from this center of grav-
ity to the column flange. For a unit throat size and the weld shown in Figure 8.29a,
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LRFD
solution

Answer

ASD
solution

Answer

Let
0.01705R,, = 1.392 X 6

where R, is the factored load reaction and 6 is the weld size in sixteenths of an inch.
Solving for R, we get

R, = 489.9 kips
Check the shear capacity of the base metal (the angle controls). From
Equation 7.35, the shear yield strength of the angle leg is
1
$R, = 0.6F,1 = 0.6(36) (2> = 10.8 kips/in.
From Equation 7.36, the shear rupture strength is

1
&R, = 0.45F, 1 = 0.45(58)(2) — 13.1 kips/in.

The direct shear to be resisted by one angle is

&—ﬂ—748 kips/in. < 10.8 kips/in (OK)
A 2(3275) rodpyIm.= ROy

The maximum factored load reaction = 490 kips.

Let
0.01705R, = 0.9279 X 6

where R, is the service load reaction and 6 is the weld size in sixteenths of an inch.
Solving for R, we get

R, = 326.5 kips

Check the shear capacity of the base metal (the angle controls). From
Equation 7.37, the shear yield strength of the angle leg is

Q

From Equation 7.38, the shear rupture strength is

R, 1
— = 0.4Fyt = 0.4(36) <2> = 7.20 kips/in.

R, 1
) =03F = 0.3(58)<2> = 8.70 kips/in.

The direct shear to be resisted by one angle is
R, 326.5 . "
il m = 4.99 kips/in. < 7.20 kips/in. (OK)

The maximum service load reaction = 327 kips.
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8.6 MOMENT-RESISTING CONNECTIONS

FIGURE 8.30

FIGURE 8.31

Although most connections appear to be capable of transmitting moment, most are
not, and special measures must be taken to make a connection moment-resisting.
Consider the beam connection shown in Figure 8.30. This connection is sometimes
referred to as a shear connection, because it can transmit shear but virtually no
moment. It can be treated as a simple support. In a beam connection, any moment
transfer takes place mostly through the flanges, in the form of a couple. This couple
consists of a compressive force in one flange and a tensile force in the other. In a
shear connection, there is no connection of the flanges, and the web connection is
designed to be flexible enough to allow some relative rotation of the members at
the joint. Only a very small rotation is necessary in order for a connection to be
treated as pinned.

The connection in Figure 8.31 is the same as the one in Figure 8.30, except that the
beam flanges are welded to the column flange. A connection of this type can transfer
both shear and moment. The shear is transmitted mostly through the web connection,

~~

i’

-1

4
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FIGURE 8.32

FIGURE 8.33

as in the shear connection, and the moment is transferred through the flanges. This
connection is treated as a rigid connection and can be modeled as shown.

Although connections are usually treated as either simple or rigid, the reality is
that most connections fall somewhere in between and can be accurately described
as partially restrained or semirigid. The distinction between different types of con-
nections can be made by examining the degree of relative rotation that can take
place between the connected members.

Figure 8.32 shows a moment-rotation curve for a connection. This graph shows
the relationship between moment transferred at a joint and the corresponding rel-
ative rotation of the connection. Moment-rotation curves can be constructed for
specific connections, and the relationship can be determined experimentally or
analytically. Moment-rotation curves for three different connections are shown in
Figure 8.33. Connections that are designed to be fully restrained actually permit
some rotation; otherwise, the curve would just be represented by the vertical axis.
Connections designed to be moment-free have some moment restraint. A perfectly
moment-free connection would be represented by the horizontal axis.

Figure 8.34 shows the moment-rotation curve for a beam connection and
includes the moment-rotation relationship for the beam as well as the connec-
tion. The straight line in the graph is called the beam line, or load line. It can be

Moment
Moment-rotation
curve for a particular
connection
Rotation
Fully restrained
moment connection
Moment

Partially restrained
moment connection

Simple shear
connection

Rotation
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FIGURE 8.35
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Moment
End moment when /
end rotation = 0
(fixed-end condition)
ATITITITI Ty Beam line for a
‘9_‘(‘)\\ __________ I particular beam
B and loading

/ Rotation ()
End rotation when

moment =0
(pinned-end condition)

N O A

A~ - 0

constructed as follows. If the end of the beam were fully restrained, the rotation
would be zero. The fixed-end moment, caused by the actual load on the beam, is
plotted on the moment axis (rotation = 0). If the end were simply supported (pinned
end), the moment would be zero. The end rotation corresponding to a simple sup-
port and the actual loading is then plotted on the rotation axis (moment = 0). The
line connecting the two points is the beam line, and points on the line represent
different degrees of end restraint. The curved line in the graph is the moment-
curvature relation for the connection that is used with the beam. The intersection
of these curves gives the moment and rotation for this particular combination of
beam, connection, and loading.

In Figure 8.35, a beam line is superimposed on the three moment-rotation
curves of Figure 8.33. Although a connection designed as rigid has a theoretical

Moment
FEM

~ (0.90 FEM

~ (.20 FEM

Rotation
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FIGURE 8.36

moment capacity equal to the fixed-end moment (FEM) of the beam, it will actu-
ally have a moment resistance of about 90% of the fixed-end moment. The moment
and rotation for this combination of beam and connection are defined by the inter-
section of the moment-rotation curve and the beam line. Similarly, a connection
designed as pinned (simply supported; no moment) would actually be capable of
transmitting a moment of about 20% of the fixed-end moment, with a rotation of
approximately 80% of the simple support rotation. The design moment for a par-
tially restrained connection corresponds to the intersection of the beam line with
the actual moment-rotation curve for the partially restrained connection.

The advantage of a partially-restrained connection is that it can equalize the
negative and positive moments within a span. Figure 8.36a shows a uniformly
loaded beam with simple supports, along with the corresponding moment diagram.

+¢+¢++++¢++W+++*
I
L |
wL?/8
(a)
Y Y Y Y Y Y Y YYYYYYY
|
wL?/24
wL?/8
wL?/12
(b)
wL?/16
wL?/8




FIGURE 8.37

8.6: Moment-Resisting Connections 521

Figure 8.36b shows the same beam and loading with fixed supports. Regardless of
the support conditions, whether simple, fixed, or something in between, the same
static moment of wL?/8 will have to be resisted. The effect of partially restrained
connections is to shift the moment diagram as shown in Figure 8.36¢. This will
increase the positive moment but decrease the negative moment, which is the maxi-
mum moment in the beam, thereby potentially resulting in a lighter beam.

One of the difficulties in designing a partially restrained system is obtaining
an accurate moment-rotation relationship for the connection, whether bolted or
welded. Such relationships have been developed, and this is an area of ongoing re-
search (Christopher and Bjorhovde, 1999). Another drawback is the requirement
for a structural frame analysis that incorporates the partial joint restraint. Part 11
of the Manual, “Design of Partially Restrained Moment Connections,” presents
a simplified alternative to the partially restrained connection. The alternative is
called a flexible moment connection. The AISC Specification defines three catego-
ries of connections in Section B3.4, “Design of Connections and Supports.” They
are the three types we have just covered:

e Simple
e FR—Fully Restrained
e PR—Partially Restrained

In the present chapter of this book, we will consider only fully restrained mo-
ment connections designed to resist a specific value of moment.

Several examples of commonly used moment connections are illustrated in
Figure 8.37. As a general rule, most of the moment transfer is through the beam

e I

¥
=l

|
-
—

(a) (b)

Conventional shim

Cr7Y

Finger shim

"] Shims

© (d)
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flanges, and most of the moment capacity is developed there. The connection in
Figure 8.37a (the same type of connection as in Figure 8.31) typifies this concept.
The plate connecting the beam web to the column is shop welded to the column
and field bolted to the beam. With this arrangement, the beam is conveniently held
in position so that the flanges can be field welded to the column. The plate connec-
tion is designed to resist only shear and takes care of the beam reaction. Complete
joint penetration (CJP) groove welds connect the beam flanges to the column and
can transfer a moment equal to the moment capacity of the beam flanges. This
will constitute most of the moment capacity of the beam, but a small amount of re-
straint will also be provided by the plate connection. (Because of strain hardening,
the full plastic moment capacity of the beam can actually be developed through
the flanges.) Making the flange connection requires that a small portion of the
beam web be removed and a “backing bar” used at each flange to permit all weld-
ing to be done from the top. When the flange welds cool, they will shrink, typically
about !/g inch. The resulting longitudinal displacement can be accounted for by
using slotted bolt holes and tightening the bolts after the welds have cooled. The
connection illustrated also uses column stiffeners, which are not always required
(see Section 8.7).

The moment connection of Figure 8.37a also illustrates a recommended con-
nection design practice: Whenever possible, welding should be done in the fabricat-
ing shop, and bolting should be done in the field. Shop welding is less expensive and
can be more closely controlled.

In most beam-to-column moment connections, the members are part of a plane
frame and are oriented as shown in Figure 8.37a—that is, with the webs in the plane
of the frame so that bending of each member is about its major axis. When a beam
must frame into the web of a column rather than its flange (for example, in a space
frame), the connection shown in Figure 8.37b can be used. This connection is simi-
lar to the one shown in Figure 8.37a but requires the use of column stiffeners to
make the connections to the beam flanges.

Although the connection shown in Figure 8.37a is simple in concept, its ex-
ecution requires close tolerances. If the beam is shorter than anticipated, the gap
between the column and the beam flange may cause difficulties in welding, even
when a backing bar is used. The three-plate connection shown in Figure 8.37c does
not have this handicap, and it has the additional advantage of being completely
field bolted. The flange plates and the web plate are all shop welded to the column
flange and field bolted to the beam. To provide for variation in the beam depth, the
distance between flange plates is made larger than the nominal depth of the beam,
usually by about %3 inch. This gap is filled at the top flange during erection with
shims, which are thin strips of steel used for adjusting the fit at joints. Shims may
be one of two types: either conventional or “finger” shims, which can be inserted
after the bolts are in place, as shown in Figure 8.37d. In regions where seismic forces
are large, the connection shown in Figure 8.37a requires special design procedures
(FEMA, 2000).

Example 8.10 illustrates the design of a three-plate moment connection, includ-
ing the requirements for connecting elements, which are covered by AISC J4.
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LRFD
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Example 8.10

Design a three-plate moment connection of the type shown in Figure 8.38 for the
connection of a W21 X 50 beam to the flange of a W14 X 99 column. Assume a
beam setback of /5 inch. The connection must transfer the following service load
effects: a dead-load moment of 35 ft-kips, a live-load moment of 105 ft-kips, a dead-
load shear of 6.5 kips, and a live-load shear of 19.5 kips. All plates are to be shop
welded to the column with E70XX electrodes and field bolted to the beam with
Group A bearing-type bolts. A36 steel is used for the plates, and A992 steel is used
for the beam and column.

I /Shims

W21 x 50

|

W14 x 99

M,=12M,+ 1.6 M, = 1.2(35) + 1.6(105) = 210.0 ft-Kips
V, =12V, + 1.6V, = 1.2(6.5) + 1.6(19.5) = 39.0 kips

For the web plate, try ¥%-inch-diameter bolts. Neglect eccentricity and assume that
the threads are in the plane of shear. From Manual Table 7-1, the shear strength of
one bolt is ¢r, = 17.9 kips/bolt.

Number of bolts required = % = 2.18

Try three bolts: The minimum spacing is 2%4d = 2.667(*4) = 2.0 in. From AISC
Table J3.4, the minimum edge distance is 1 inch. Try the layout shown in Figure 8.39
and determine the plate thickness required for bearing.

For the inner bolts, with a spacing of 3 inches, the bearing strength from Manual
Table 7-4 is

¢r, = 78.3t kips/bolt

For the edge bolts, use Table 7-5 with an edge distance of 1'/4 inches. The bearing
strength for these bolts is

¢r, = 44.0t kips/bolt
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FIGURE 8.39
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To find the required plate thickness, equate the total bearing strength to the applied
load:

4401+ 2(78.30) =39, 1= 0.19%in.

(The beam web has a thickness of 7,, = 0.380 in. > 0.194 in., and since F, for the
beam is larger than F, for the plate, the bearing strength of the beam web will be
adequate.)

Other limit states for connection plates (in addition to bolt bearing) can be
found in AISC J4, “Affected Elements of Members and Connecting Elements.”
(These are the same provisions we use for shear on the base metal for welded con-
nections.) To determine the plate thickness required for the vertical shear, consider
both yielding of the gross section and rupture of the net section. For shear yielding,
from AISC Equation J4-3,

R, = 0.60F,A,, = 0.60(36)(8.51) = 183.6¢
&R, = 1.00(183.61) = 183.6¢

For shear rupture, the net area is

301
A = [8.5 - 3<4 + 8)} = 5.875t

From AISC Equation J4-4,
R, =0.6F A, = 0.6(58)(5.875f) = 204.5t
¢R, = 0.75(204.5t) = 153.4¢

Shear rupture controls. Let
153.4t =39, t=0.2541n.

The largest required thickness is for the limit state of shear rupture.
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Try t = %s¢ inch: For the connection of the shear plate to the column flange, the

required strength per inch is
Vi 39 .
f = g = 4.588 klpS/lIl.

From Equation 7.35, the base metal shear yield strength per unit length is
R, = 0.6Ft = 0.6(36)(156> = 6.75 kips/in.

From Equation 7.36, the base metal shear rupture strength per unit length is
¢R, = 0.45F t = 0'45(58)<156> = 8.16 kips/in.

The base metal shear strength is therefore 6.75 kips/in., which is greater than the
required strength of 4.588 kips/in. For welds on both sides of the plate, the required
strength per weld is 4.588/2 = 2.294 kips/in. To determine the required weld size, let

1.392D = 2.294, D = 1.65 sixteenths of an inch

The minimum weld size from AISC Table J2.4 is %6 inch, based on the thinner con-
nected part (the shear plate). There is no maximum size requirement for this type of con-
nection (one where the weld is not along an edge). Use a %6-inch fillet weld on each side
of the plate. The minimum width of the plate can be determined from a consideration of
edge distances. The load being resisted (the beam reaction) is vertical, so the horizontal
edge distance need only conform to the clearance requirements of AISC Table J3.4. For
a ¥4-inch bolt, the minimum edge distance is 1 inch.

With a beam setback of 5 inch and edge distances of 1!/2 inches, as shown in
Figure 8.39b, the width of the plate is

0.5 +2(1.5) = 3.5in.
Try a plate %6 X 3%: Check block shear. The shear areas are

5 .
Ay, = E(?» + 3+ 1.5) =2.344in?

S 3 1
A, = 16[3 +3+15~- 2.5(4 +* 8)] = 1.661 in.?

The tension area is

5 3 1
A= 16[1.5 = 0.5(4 i3 8)} = 0.3320 in.?

For this type of block shear, U,; = 1.0. From AISC Equation J4-5,
R,=006F,A,, + U,FA,,
= 0.6(58)(1.661) + 1.0(58)(0.3320) = 77.06 kips
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FIGURE 8.40

with an upper limit of
0.6F,A,, + Uy,F,A,, = 0.6(36)(2.344) + 1.0(58)(0.3320)

u nt
= 69.89 kips < 77.06 kips
®R, = 0.75(69.89) = 52.4 kips > 39 kips  (OK)

Use a plate Y16 x 3 V4: For the flange connection, first select the bolts. From Fig-
ure 8.40, the force at the interface between the beam flange and the plate is

M 210(12)

d 20.8

where d is the depth of the beam. Although the moment arm of the couple is actu-
ally the distance from center of flange plate to center of flange plate, the plate thick-
ness is not yet known, and use of the beam depth is conservative.

H

P —

= 121.2 kips

——

H

Try ¥%-inch Group A bolts: (Since ¥-inch-diameter bolts were selected for the shear
connection, try the same size here.) If bolt shear controls, the number of bolts required is

121.2
179 - 6.77 .. Use eight bolts for symmetry (four pairs).

Use edge distances of 1/ inches, spacings of 3 inches, and determine the minimum
plate thickness required for bearing. The bolt size, spacing, and edge distances here
are the same as for the shear connection; therefore, the bearing strength will be
the same. For the edge bolts, ¢r, = 44.0¢ kips/bolt, and for the inner bolts, ¢r, =
78.3t kips/bolt. The total bearing strength is

2(44.00) + 6(78.31) = 121.2, ¢=0.217 in.

The flange plate will be designed as a tension-connecting element (the top
plate) then checked for compression (the bottom plate). The minimum cross section
required for tension on the gross and net areas will now be determined. From AISC
Equation J4-1,

R,=FA,
$R, = 0.90F A,
R, H 121.2
Required A, = ¢ =3.741in.?

0.90F, ~ 0.90F,  0.90(36)
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From AISC Equation J4-2,

Rn = FuAe
®R, = 0.75F A,
R H 121.2
Required A4, ol =2.786 in.

T 075F,  0.75F,  0.75(58)

Try a plate width of w, = 6.5 inch (equal to the beam flange width): Compute the
thickness needed to satisfy the gross area requirement.

A, =6.5t=3.41 in.2 or t = 0.576 in.

Compute the thickness needed to satisfy the net area requirement.

7
A=A, =, =tw, = Zdy,) = t[6.5 — 2(8)] = 4.750¢
Let
4750t = 2786 in.2 or ¢t = 0.587 in. (controls)

This thickness is also greater than that required for bearing, so it will be the mini-
mum acceptable thickness.

Try a plate %3 X 61/5: Check compression. Assume that the plate acts as a fixed-end
compression member between fasteners, with L. = 3 in. and K = 0.65.

1 [esE®)12 ,
_ \/; = ecem = 0.1804 in.

r
L. KL 0.6503)

r r o 0.1804

=10.81

From AISC J4.4, for compression elements with L /r < 25, the nominal strength is

P,=FA, (AISC Equation J4-6)
and for LRFD, ¢ = 0.9

5

P, = 0.9F,A, = 0.9(36) <8 X 6.5) = 132 kips > 121.2 kips (OK)
Check block shear in the plate. In the transverse direction, use bolt edge distances of
1% inches and a spacing of 3% inches. This places the bolts at the “workable gage” lo-
cation in the beam flange (see Table 1-7 A in the Manual). Figure 8.41 shows the bolt

layout and two possible block shear failure modes. The shear areas for both cases are

_5 — a2
Ap =3B +3+3+125x2=128Lin.

n

A, = 2[3 +3+3+125- 3.5(2)] X 2 = 8.984 in.2
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FIGURE 8.41 A
112"

31/

172"

If a transverse tension area between the bolts is considered (Figure 8.41a), the width
is 3.5 in. If two outer blocks are considered (Figure 8.41b), the total tension width is
2(1.5) = 3.0 in. This will result in the smallest block shear strength.

A

B A
12" ‘P{

iz

3!/ I

I 3” I 3” I
11/4"

(a)

R

mm
=

114"

112"
(b)

5

7
= 8[1,5 . 05(8)} X 2 =1328in>

R,=006F,A, + U,F,A,

= 0.6(58)(9.279) + 1.0 (58)(1.328) = 399.9 kips

Upper limit = 0.6F,A,,

= 360.6 kips

#R, = 0.75(360.6) = 271 kips > 121.2 kips

Check block shear in the beam flange. The bolt spacing and edge distance are

the same as for the plate.

+ U, F,A,, = 0.6(36)(13.13) + 1.0(58)(1.328)
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0.535 5
A, =13 13(5/8) = 1124 1in
_ 0.535\ 5
A, 9297(5/8 > = 7.958 in
_ 0.535\ .5
A, = 1.328(5/8 ) = 1.137 in.
R, =0.6F A, + Uy F, A, = 0.6(65)(7958) + 1.0(65)(1.137)
= 384.3 kips

0.6F,A,, + UpF A, = 0.6(50)(11.24) + 1.0(65)(1.137) = 411.1 kips > 384.3 kips
Since 384.3 kips > 360.6 kips, block shear in the plate controls.

Use a plate %3 X 61/: Part of the beam flange area will be lost because of the bolt
holes. Use the provisions of AISC F13.1 to determine whether we need to account
for this loss. The gross area of one flange is

Ap, = 1y = 0.535(6.53) = 3.494 in.2

The effective hole diameter is

3 1 7.
dhzz-f—g:gln.

and the net flange area is
7 . 5
Ap = Ap — thdh =3.494 — 0.535(2 X 8) = 2.558 in.

F,Aj, = 65(2.558) = 166.3 kips

Determine Y,. For A992 steel, the maximum F,/F, ratio is 0.85. Since this is greater
than 0.8, use Y, = 1.1.

Y,F, A, = 1.1(50)(3.494) = 192.2 kips
Since F,A;,, <Y, F Ay, the holes must be accounted for. From AISC Equation F13-1,
FAp 1
M = fi g - 66.3

" A Y 3494

(94.5) = 4498 in.-kips

by M, = 0.90(4498) = 4048 in.-kips = 337 ft-kips > 210 ft-kips  (OK)

Answer Use the connection shown in Figure 8.42 (column stiffener requirements will be
considered in Section 8.7).*

*Figure 8.42 also shows the symbol for a bevel groove weld, used here for the beam flange plate-to-
column connection.
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FIGURE 8.42

ASD
solution

__1 1/21/

® 6 o o — 1
31/21/
¢ & o 0 _11/2//
\
27 | ‘3@3 1%

— \H‘ -

34" ¢ A325 bolts
E70XX electrodes

] / Shim as required
_
" %E
s °
ol— Plate %4 X 3% X 0'-9”

\Platc KX 6V x1-0%"

(Portions of this solution will be taken from the LRFD solution.)
M,=Mp+ M; =35+ 105 = 140 ft-kips
V,=Vp+V, =065+ 19.5 = 26 kips
For the web plate, try Ys-inch-diameter bolts. Neglect eccentricity and assume that

the threads are in the plane of shear. From Manual Table 7-1, the shear strength of
one bolt is r,/Q = 11.9 kips/bolt.

Number of bolts required = % =2.18

Try three bolts: The minimum spacing is 2 %3d = 2.667(%) = 2.0 in. From AISC
Table J3.4, the minimum edge distance is 1 inch. Try the layout shown in Figure 8.39
and determine the plate thickness required for bearing. For the inner bolts, with a
spacing of 3 inches, the bearing strength from Table 7-4 is

Ln—522 kips/bol
0 .2t kips/bolt

For the edge bolt, use Manual Table 7-5 with an edge distance of 1% inches. The
bearing strength for these bolts is

r
5” = 29.4¢ kips/bolt
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To find the required plate thickness, equate the total bearing strength to the applied
load:

29.4t + 2(52.2t) = 26, t =0.194in.

(The beam web has a thickness of 7,, = 0.380 in. > 0.194 in., and since F, for the beam
is larger than F), for the plate, the bearing strength of the beam web will be adequate.)

Other limit states for connection plates (in addition to bolt bearing) can be found
in AISC J4, “Affected Elements of Members and Connecting Elements.” (These are
the same provisions we use for shear on the base metal for welded connections.) To
determine the plate thickness required for the vertical shear, consider both yielding
of the gross section and rupture of the net section. For shear yielding, from AISC
Equation J4-3,

R, = 0.60F,A, = 0.60(36)(8.5¢) = 183.6¢
R, 183.6t

Q150
For shear rupture, the net area is

3.1
=|85-3[>+<])|t=5.
A, [8 5 3<4 8)} 5.875¢t

From AISC Equation J4-4,
R, =0.6F,6A, = 0.6(58)(5.875t) = 204.5¢
R, 204.5t

Q  2.00

Shear rupture controls. Let

102.2t = 26, t=0.254in.

= 122.4¢

= 102.2¢

The largest required thickness is therefore required by the limit state of shear rupture.

Try t = Y6 inch: For the connection of the shear plate to the column flange, the
required strength per inch is

Ve 26 e
7 "85 3.059 kips/in.

From Equation 7.37, the base metal shear yield strength per unit length is

R, 5 .
o 0.4F,r = 0.4(36) <16> = 4.5 kips/in.
From Equation 7.38, the base metal shear rupture strength per unit length is

&—OSFt—O3(58) S = 5.44 kips/in
Q 3F, . 16 . ps/in.
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The base metal shear strength is therefore 4.5 kips/in., which is greater than the
required weld strength of 3.059 kip/in. For welds on both sides of the plate, the
required strength per weld is 3.059/2 = 1.530 kips/in. To determine the required
weld size, let

0.9279D = 1.530, D = 1.65 sixteenths of an inch

The minimum weld size from AISC Table J2.4 is ¢ inch, based on the thinner
connected part (the shear plate). There is no maximum size requirement for this
type of connection (one where the weld is not along an edge).

Use a ¥6-inch fillet weld on each side of the plate: The minimum width of the plate
can be determined from a consideration of edge distances. The load being resisted
(the beam reaction) is vertical, so the horizontal edge distance need only conform
to the clearance requirements of AISC Table J3.4. For a ¥%-inch bolt, the minimum
edge distance is 1 inch.

With a beam setback of /5 inch and edge distances of 1'% inches, as shown in
Figure 8.39b, the width of the plate is

0.5 +2(1.5) = 3.5in.
Try a plate %6 X 3%: Check block shear. From the LRFD solution,

R, = 69.89 kips

R, 69.89
Q” =00 = 349 kips > 26 kips (OK)
Use a plate %46 x 3%: For the flange connection, first select the bolts. From Figure
8.40, the force at the interface between the beam flange and the plate is

M 140(12)

d 208

= 80.77 kips

where d is the depth of the beam. Although the moment arm of the couple is actu-
ally the distance from center of flange plate to center of flange plate, the plate thick-
ness is not yet known, and use of the beam depth is conservative.

Try ¥-inch Group A bolts: (Since ¥4-inch-diameter bolts were selected for the
shear connection, try the same size here). If bolt shear controls, the number of bolts
required is

80.77

——— =7.61 bolts .. Use eight bolts (four pairs).

10.61
Use edge distances of 14 inches, spacings of 3 inches, and determine the minimum plate
thickness required for bearing. The bolt size, spacing, and edge distances here are the
same as for the shear connection; therefore, the bearing strength will be the same. For
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the edge bolts, r,,/Q = 29.4¢ kips/bolt, and for the inner bolts, 7, /) = 52.2¢ kips/bolt.
The total bearing strength is

2(29.4f) + 6(52.20) = 80.77, t = 0.217 in.

The flange plate will be designed as a tension connecting element (the top
plate), then checked for compression (the bottom plate). The minimum cross section
required for tension on the gross and net areas will now be determined. From AISC
Equation J4-1,

R,=F,A,
Rn FyAg
QO 167

. 1.67(R,/Q) 1.67H 1.67(80.77) -

Required A, = F, = F, = 36 = 3.747 in.

From AISC Equation J4-2,
R}’l = FuAe
Rn FuAe
Q200
2.00(R,/Q) 2.00H 2.00(80.77
Required A, = (F”/ ) P 2_8 ) _ 2.785 in.?2

Try a plate width of w, = 6.5 inch (equal to the beam flange width): Compute the
thickness needed to satisfy the gross area requirement.

A, =06.5t=3747 or t=0.576in.

Compute the thickness needed to satisfy the net area requirement.

7
A=A, =, =tw, — Zdy.) = t[6.5 - 2(8)] = 4.750¢
Let

4750t = 2.785 in.? or t = 0.586 in. (controls)

This thickness is also greater than that required for bearing, so it will be the mini-
mum acceptable thickness.

Try a plate % X 64: Check compression. Assume that the plate acts as a fixed-end
compression member between fasteners, with L = 3 in. and K = 0.65. From the
LRFD solution,

P,=F,A,
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Answer

8.7

and for ASD, ) = 1.67.

P FA, 36(3x6.5)

—= = = 87.6 kips > 80.77 ki OK

QO 167 1.67 e s (OK)

Check block shear in the plate. In the transverse direction, use bolt edge distances
of 1% inches and a spacing of 3% inches. This places the bolts at the “workable
gage” location in the beam flange (see Part 1 of the Manual). Figure 8.41 shows the
bolt layout and two possible block shear failure modes. From the LRFD solution,

R, = 360.6 kips

R, 360.6 . .

— === > 80.

Q- 2.00 180 kips > 80.77 kips (OK)

Check block shear in the beam flange. The bolt spacing and edge distance are
the same as for the plate. From the LRFD solution,

R, = 384.3 kips

Since 384.3 kips > 360.6 kips, block shear in the plate controls.

Use a plate 53 X 61/: Part of the beam flange area will be lost because of the bolt
holes. Use the provisions of AISC F13.1 to determine whether we need to account
for this loss. From the LRFD solution, the reduced nominal moment strength is

M, = 4498 in.-kips

M, 4498

P _ 4998 _ 2603 in.-kips = 224 ft-kips > 140 ft-kips ~ (OK)

QO 167
Use the connection shown in Figure 8.42 (column stiffener requirements are consid-
ered in Section 8.7).

COLUMN STIFFENERS AND OTHER REINFORCEMENT

Since most of the moment transferred from the beam to the column in a rigid con-
nection takes the form of a couple consisting of the tensile and compressive forces
in the beam flanges, the application of these relatively large concentrated forces may
require reinforcement of the column. For negative moment, as would be the case
with gravity loading, these forces are directed as shown in Figure 8.43, with the top
flange of the beam delivering a tensile force to the column and the bottom flange
delivering a compressive force.

Both forces are transmitted to the column web, with compression being more
critical because of the stability problem. The tensile load at the top can distort the
column flange (exaggerated in Figure 8.43c), creating additional load on the weld
connecting the beam flange to the column flange. A stiffener of the type shown can
provide anchorage for the column flange. Obviously, this stiffener must be welded
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FIGURE 8.43 [T T 1 — 1

%}/]
|ect— \\
(c)

(@) (b)

to both web and flange. If the applied moment never changes direction, the stiffener
resisting the compressive load (the bottom stiffener in this illustration) can be fitted
to bear on the flange and need not be welded to it.

AISC Specification Requirements

The AISC Requirements for column web reinforcement are covered in Section J10,
“Flanges and Webs with Concentrated Forces.” For the most part, these provisions
are based on theoretical analyses that have been modified to fit test results. If the
applied load transmitted by the beam flange or flange plate exceeds the available
strength for any of the limit states considered, column reinforcement must be used.

Local Bending of the Column Flange. To avoid a local bending failure of the column
flange, the tensile load from the beam flange must not exceed the available strength.
The nominal strength is

R, = 6.25F 15 (AISC Equation J10-1)
where

F,;= yield stress of the column flange
t; = thickness of the column flange

For LRFD, the design strength is ¢R,,, where ¢ = 0.90. For ASD, the allowable
strength is R, /Q), where ) = 1.67.

If the tensile load is applied at a distance less than 107, from the end of the col-
umn, reduce the strength given by AISC Equation J10-1 by 50%.

Local Web Yielding. For the limit state of local web yielding in compression, when
the load is applied at a distance from the end of the column that is more than the
depth of the column,

R =F, t (5k+¢ AISC Equation J10-2
n b q

yww

When the load is applied at a distance from the end of the column that is less than
or equal to the depth of the column,

R, = F, 1,25k + €,) (AISC Equation J10-3)

yw'w
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where

k = distance from the outer flange surface of the column to the toe of the
fillet in the column web
£, = length of applied load = thickness of beam flange or flange plate
F),, = yield stress of the column web
t,, = thickness of the column web

We also used AISC Equations J10-2 and J10-3 in Section 5.14 to investigate web
yielding in beams subjected to concentrated loads.
For LRFD, ¢ = 1.00. For ASD, ) = 1.50.

Web Crippling. To prevent web crippling when the compressive load is delivered to
one flange only, as in the case of an exterior column with a beam connected to one
side, the applied load must not exceed the available strength. (We also addressed
web crippling in Section 5.14.) When the load is applied at a distance of at least d/2
from the end of the column,

d t

w

N\ [\ EFthf
R, = O.SOtEV 1+3— - Qf (AISC Equation J10-4)
f
where

d = total column depth
Q= 1.0 for wide-flange shapes
= value from Table K3.2 for HSS

If the load is applied at a distance less than d/2 from the end of the column,

€\ [/t \5| [EF,t 4
= 211 322 ) 2 Ziwf b
R, 0.4OIW[1 3<d><tf> } . Qf <f0r p 0.2>

(AISC Equation J10-5a)

4¢ t.\15 EF t 14
R. = 040201+ —2—02])(2 — for 2> 02
ot | (o

(AISC Equation J10-5b)

or

For LRFD, ¢ = 0.75. For ASD, Q = 2.00.

Compression Buckling of the Web. Compression buckling of the column web must
be investigated when the loads are delivered to both column flanges. Such loading
would occur at an interior column with beams connected to both sides. The nominal
strength for this limit state is

246 \VEF,,
n= h
where # = column web depth from toe of fillet to toe of fillet (Figure 8.44).

R Oy (AISC Equation J10-8)
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i<t

tw

a1

t, (Flange or plate)

If the connection is near the end of the column (i.e., if the compressive force is
applied within a distance d/2 from the end), the strength given by AISC Equation
J10-8 should be reduced by half.

For LRFD, ¢ = 0.90. For ASD, () = 1.67.

In summary, to investigate the need for column reinforcement, three limit
states should be checked:

1. Local flange bending (AISC Equation J10-1).

2. Local web yielding (AISC Equation J10-2 or J10-3).

3. Web crippling or compression buckling of the web. (If the compressive load
is applied to one flange only, check web crippling [AISC Equation J10-4 or
J10-5]. If the compressive load is applied to both flanges, check compres-
sion buckling of the web [AISC Equation J10-8].)

In addition to these tension and compression loadings, shear in the column web
(panel zone shear) must be considered. This will be addressed presently.

If the required strength is greater than the available strength corresponding to any
of these limit states, column web reinforcement must be provided. This reinforcement
can take the form of transverse stiffeners or web doubler plates. Web doubler plates
are welded to the column web to increase its thickness. For local flange bending, the
Specification requires a pair of transverse stiffeners. For local web yielding, a pair of
transverse stiffeners or a doubler plate should be used. For web crippling or compres-
sive buckling of the web, transverse stiffeners (either a single stiffener or a pair) or a
web doubler plate should be used.

For the available strength of a stiffener, use yielding as the limit state. The nom-
inal stiffener strength therefore will be

F

ystAst

where

F = yield stress of the stiffener
A = area of stiffener
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FIGURE 8.45

For LRFD, equate the design strength of the stiffener to the extra strength needed
and solve for the required stiffener area:

d)stFystAst = be — OR, min
be - qunmin
A, = (8.7)
! d)stFyst

where
¢, = 0.90 (since this is a yielding limit state)

P, = applied factored load from the beam flange or flange plate
¢R, i, = smallest of the strengths corresponding to the three limit states

For ASD, equate the allowable strength of the stiffener to the extra strength needed
and solve for the required stiffener area:

F_A
y;; == be = (R/ Q) min
st
_ be_ (Rn/Q)min (8 8)
* Fyst/Qst .
where

Qg = 1.67 (since this is a yielding limit state)
Py, = applied service load from the beam flange or flange plate
(R,,/Q)in = smallest of the strengths corresponding to the three limit states

AISC J10.8 gives the following guidelines for proportioning the stiffeners.

® The width of the stiffener plus half the column web thickness must be equal
to at least one third of the width of the beam flange or plate delivering the
force to the column or, from Figure 8.45,

bth—WZﬁ .'.bzﬁ—tfw
2 3 32
e The stiffener thickness must be at least half the thickness of the beam flange
or plate, or
)
I = 5

I—>

by
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e The stiffener thickness must be at least equal to its width divided by 16, or

Iy = E

e Full-depth stiffeners are required for the compression buckling case, but half-
depth stiffeners are permitted for the other limit states. Thus full-depth stiffen-
ers are required only when beams are connected to both sides of the column.

For any of the limit states, the decision on whether to weld the stiffener to the
flange should be based on the following criteria:

® On the tension side, the stiffeners should be welded to both the web and the
loaded flange.

® On the compression side, the stiffeners should be welded to the web. They
need only bear on the loaded flange, but they may be welded.

In Part 4 of the Manual, “Design of Compression Members,” the column load
tables contain constants that expedite the evaluation of the need for stiffeners.
Their use is explained in the Manual and is not covered here.

Shear in the Column Web

The transfer of a large moment to a column can produce large shearing stresses
in the column web within the boundaries of the connection; for example, region
ABCD in Figure 8.46. This region is sometimes called the panel zone. The net mo-
ment is of concern, so if beams are connected to both sides of the column, the alge-
braic sum of the moments induces this web shear.

H
—

)

>
&
L_J

L

M, C D
e
N N
(See the text for discussion of notation.)
C——— 3 F = M -V

= F

R
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Each flange force can be taken as

M+ M,
- d

m

where d,, is the moment arm of the couple (for beams of equal depth on both sides
of the column).

If the column shear adjacent to the panel is V and is directed as shown, the total
shear force in the panel (required shear strength) is

M+ M,
- d

m

F=H-V (8.9)

The web nominal shear strength R, is given in AISC J10.6. It is a function of P,
the required axial strength of the column, and P, the yield strength of the column.

When aP, < 0.4P,,
R, = 0.60F,d,t,, (AISC Equation J10-9)

When aP, > 0.4P,,

aP
R, = 0.60F,d, tw<1.4 7 r) (AISC Equation J10-10)
y

where

a = 1.00 for LRFD = 1.60 for ASD
P. = required axial strength of the column
= factored axial load for LRFD
= service axial load for ASD
P, = yield strength of the column = F A,
A, = gross cross-sectional area of column
F, = yield stress of column
d,. = total column depth

c

t,, = column web thickness

For LRFD, the design shear strength is ¢$R,,, where ¢ = 0.90.
For ASD, the allowable shear strength is R, /€), where () = 1.67.

If the column web has insufficient shear strength, it must be reinforced. A dou-
bler plate with sufficient thickness to make up the deficiency can be welded to the
web, or a pair of diagonal stiffeners can be used. Frequently, the most economical
alternative is to use a column section with a thicker web.

AISC J10.6 also provides equations to be used when the effect of inelastic de-
formation of the panel zone is considered in the stability analysis. These equations
are not covered here.
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Example 8.11

Determine whether stiffeners or other column web reinforcement is required for
the connection of Example 8.10. In addition to the loads given in that example,
there is a service axial dead load of 160 kips and a service axial live load of 480 kips.
Assume that V' = 0 and that the connection is not near the end of the column.

LRFD From Example 8.10, the flange force can be conservatively taken as
solution Py = H =121.2 kips
Check local flange bending with AISC Equation J10-1:

_ 2
OR, = G(6.25F,13)
= 0.90[6.25(50)(0.780)3] = 171 kips > 121.2kips  (OK)

Check local web yielding with AISC Equation J10-2:
qun = d)[watw(Sk + €b)]

= 1.0{50(0.485)[5(1.38) + Z]} = 182 kips > 1212 kips ~ (OK)

Check web crippling with AISC Equation J10-4:

~ , 6\ (t,\'5] [EFuL
R, = 0.8015 1 +3( )= LQ,

= 0.75(0.80)(0.485)2[1 + 3<$> <8:‘7‘Zg>1'5} \/ 29’00031525(0'780) (1.0)

= 229 kips > 121.2 kips (OK)

Answer Column web reinforcement is not required.

For shear in the column web, from Equation 8.9 and neglecting the thickness
of shims in the computation of d,,, the factored load shear force in the column web
panel zone is

F:(M1+Mz)_ :(M1+Mz)_
d,, dy + tp,
210(12)

_ 2SS o= 118Kk
208+ 58 0= 118kips
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Determine which panel zone shear strength equation to use.
P, =F,A, = 50(29.1) = 1455 kips
0.4P, = 0.4(1455) = 582 kips
P.=12P, + 1.6P, = 1.2(160) + 1.6(480) = 960 kips

aP. = 1.0(960) = 960 kips > 582 kips .. Use AISC Equation J10-10.

aP,
R, = 0.60F,d, t,| 1.4 — P,

= 0.60(50)(14.2)(0.485)(1.4 - 36505> — 152.9 kips

The design strength is
¢R, = 0.90(152.9) = 138 kips > 118 kips (OK)
Answer Column web reinforcement is not required.

ASD From Example 8.10, the flange force can be conservatively taken as

solution

Check local flange bending with AISC Equation J10-1:

2
R, _ 6.25Fyf 15

Q QO

_ 6.25(50)(0.780)?

= ips > 80. i
167 114 kips > 80.77 kips (OK)

Check local web yielding with AISC Equation J10-2:

R, Fpubi(5k + )

Q Q

50(0.485)[5(1.38) + Z]

_ _ s > 8077 ki
1350 122 kips > 80.77 kips (OK)
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Check web crippling with AISC Equation J10-4:

R, _ 080 [1 -+ 3()e) V=
Q- Q &
080048521 + 3Gl Vo |
- 2.00 '

= 153 kips > 80.77 kips (OK)
Column web reinforcement is not required.

For shear in the column web, from Equation 8.9 and neglecting the thickness
of shims in the computation of d,,, the service load shear force in the column web
panel zone is

e (M, + M,) M 140(12)

- _y=—" =898k
d d, + tp, 208 + 5/8 =

Determine which panel zone shear strength equation to use.
P, = F,A, = 50(29.1) = 1455 kips
0.4P, = 0.4(1455) = 582 kips
P.= P, + P, =160 + 480 = 640 kips

aP. = 1.6(640) = 1024 kips > 582 kips .. Use AISC Equation J10-10.

aP,
R, = 0.60Fydctw <1.4 — >

Py
1024
= 0.60(50)(14.2)(0.485)( 1.4 — ——— ) = 143.8 kips
1455
The allowable strength is

R, 14338 . .

—=———=286. < 89. G.

Q- 167 86.1 kips < 89.8 kips (N.G.)

Column web reinforcement is required.

Example 8.12

The beam-to-column connection shown in Figure 8.47 must transfer the following
gravity load moments: a service dead-load moment of 32.5 ft-kips and a service live-
load moment of 97.5 ft-kips. In addition, there is a service axial dead load of 30 kips
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FIGURE 8.47 | ——
d, =17.9"
A W18 X 40 beam
A 992 steel
| E70XX electrodes
W8 X 40

oy = Ofi”_:"-ﬁf tr = 0.560"

d=8.25"

-

by =8.07" b, = 6.02"

t, = 0.525"
=0.954"

-
k

and a service axial live load of 90 kips. A992 steel is used for the beam and column,
and A36 is used for the plate material. E70XX electrodes are used. Investigate col-
umn stiffener and web panel-zone reinforcement requirements. The connection is
not near the end of the column. Assume that V' = 0.

LRFD The factored-load moment is

solution M, = 12M, + 1.6(M,) = 1.2(32.5) + 1.6(97.5) = 195.0 ft-kips

The flange force is

Pyp= Mo _ _19502) 134.7 kips
Foody =t 179 —0.525
To check local flange bending, use AISC Equation J10-1:
®R, = $(6.25F,;17) = 0.90[6.25(50)(0.560)]
= 88.20 kips < 134.7 kips (N.G.)

... Stiffeners are required to prevent local flange bending.
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To check for local web yielding, use AISC Equation J10-2:

¢Rn = (b[wa tw(Sk + eb)]
= 1.0{50(0.360)[5(0.954) + 0.525]} = 95.31 kips < 134.7 kips (N.G.)
.. Stiffeners are required to prevent local web yielding.

To check web crippling strength, use AISC Equation J10-4:

15 EF
®R, = $0.807 [1 + 3<€”> <tw> } s 0
d )\ V ¢,

 0.75(080)(03 60)2[ - 3(0.525)(0.360)1-5} \/29,000(50)(0.560) @0)

8.25 )\ 0.560 0.360
— 1283 kips < 134.7kips  (N.G.)

.. Stiffeners are required to prevent web crippling.

The local flange bending strength of 88.20 kips is the smallest of the three limit
states. From Equation 8.7, the required stiffener area is
Py = dRymin 1347 — 88.20
o= = — 1.44in?
(;bstFyst 090(36)

The stiffener dimensions will be selected on the basis of the criteria given in
AISC Section J10.8, and the area of the resulting cross section will then be checked.

The minimum width is

b, t, 602 0.360
b 35 3 > 83 in
If the stiffeners are not permitted to extend beyond the edges of the column flange,

the maximum width is

i = A = D _20‘360 =3.86in.

The minimum thickness is
i 0.525
Eb == =0263in.

Try a plate Y6 X 3:

5
A, = 3(16) X 2 stiffeners = 1.88in.2 > 1.44in2  (OK)

Check for t, = b/16:
b 3

. 5.
—=—=). << —1n.
16" 16 0.188 in T (OK)
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FIGURE 8.48

This connection is one-sided, so full-depth stiffeners are not required. Try a depth of
d 825

5= 5 —4125in.  Try4';inches.

Try two plates %16 X 3 X 0'- 414", (Clip the inside corners to avoid the fillets at
the column flange-to-web intersection. Clip at a 45° angle for >4 inch.)
For the stiffener to column web welds,

3
Minimum size = 16 in. (AISC Table J2.4, based on plate thickness)

The size required for strength, in sixteenths of an inch, is

__ force resisted by stiffener
1.392L

Since flange local bending controls in this example, the force to be resisted by the
stiffener is

134.7 — 88.20 = 46.50 kips
The length available for welding the stiffener to the web is

L = (length — clip) X 2 sides X 2 stiffeners

= <4.5 = Z)(Z)(Z) = 15.51in. (See Figure 8.48.)

The required weld size is therefore

46.5

3
- m = 2.16 sixteenths < 16 in. minimum

Try w = ¥ inch: Check the base metal shear strength. From Equation 7.35, the
shear yield strength of the web is

$R,, = 0.6F 1 X 2 sides of stiffener = 0.6(50)(0.360)(2) = 21.6 kips/in.

4 1/2!/
||

e 7
[ 3o
= R

1 g
l" Section

3R

3”

I

-~ 5%
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(The load is shared by two thicknesses of web, one on each side of the stiffener pair.)
From Equation 7.36, the shear rupture strength is

&R, = 0.45F,1 X 2 = 0.45(65)(0.360)(2) = 21.06 Kips/in.

For the stiffener shear yield strength,

$R, = 0.6F, 1, X 2 = 0.6(36) <156) (2) = 13.5 kips/in.
The shear rupture strength is

OR, = 045F 1, X 2 = 0.45(58) <1S6> (2) = 16.31 kips/in.

The base metal shear strength is therefore 13.5 kips/in. The required strength of
the weld is

1.392D X 2 X 2 = 1.392(2.16)(2)(2)
= 12.03 kips/in. < 13.5 kips/in. (OK)
Use two plates Y16 X 3 X 0’ — 414"’ Clip the inside corners to avoid the fillets at the

column flange-to-web intersection. Clip at a 45° angle for %sinch. Use a %6-inch fillet
weld for the stiffener-to-column web welds.

Stiffener-to-column flange welds: Since the beam tension flange force is an issue
(for both column flange bending and web yielding), the stiffener must be welded
to the column flange. Use a weld sufficient to develop the yield strength of the
stiffener. Let

1.392 DL(1.5) = ¢4 F Ay
where
L = (b — clip) X 2 sides X 2 stiffeners

and the factor of 1.5 is used because the load is perpendicular to the axis of the weld.
Then,
b B Ag 0.90(36)(1.88)
C1.392L(1.5)  1.392[(3 — 5/8) X 2 X 2](1.5)

= 3.07 sixteenths

3
Minimum size = 16 in. (AISC Table J2.4, based on plate thickness)

Use a Ys-inch fillet weld for the stiffener-to-column flange connection. (Because
the applied moment is caused by gravity loads and is not reversible, the stiffeners
opposite the beam compression flange can be fitted to bear on the column flange and
need not be welded, but this option is not exercised here.)
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Answer

Check the column web for shear. From Equation 8.9,

(M, + M) M, 195(12)
F= &7 = -V =——0=134.7 ki
d dy—1, " 179 - 0525 e

m

Determine which panel zone shear strength equation to use.
P, =F,A, = 50(11.7) = 585 kips
0.4P, = 0.4(585) = 234 kips
P.=12P, + 1.6P, = 1.2(30) + 1.6(90) = 180 kips
aP, = 1.0(180) = 180 kips < 234 kips .. Use AISC Equation J10-9.
R, = 0.60F,d,t

y“etw

— 0.60(50)(14.2)(0.485) = 89.1 kips

The design strength is
¢R, = 0.90(89.1) = 80.19 kips < 134.7 (N.G)

Alternative 1: Use a Web Doubler Plate
Use AISC Equation J10-9 to find the required doubler plate thickness. Multiplying
both sides by ¢ and solving for ¢,, gives

OR,

" = 5 (0.60F, d,)
Substituting the plate thickness ¢, for ¢,, and using the yield stress of the doubler
plate, we get

PR, 1347 -280.19

4 G 060F,d) ~ 090(0.60)(36)(8.25) 0™

where 134.7 — 80.19 is the extra strength, in kips, to be furnished by the doubler plate.

The design of the welds connecting the doubler plate to the column will
depend on the exact configuration of the plate, including whether the plate extends
beyond the transverse stiffeners. For this and other details, refer to AISC Design
Guide 13, Stiffening of Wide-Flange Columns at Moment Connections: Wind and
Seismic Applications (Carter, 1999).

Use a ¥3-inch-thick doubler plate.

Alternative 2: Use a Diagonal Stiffener
With this alternative, use full-depth horizontal stiffeners along with the diagonal stiff-
ener as shown in Figure 8.49.

The shear force to be resisted by the web reinforcement is 134.7 — 80.19 =
54.51 kips. If this force is taken as the horizontal component of an axial compressive
force P in the stiffener,

P cos 0 = 54.51 kips
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FIGURE 8.49 d,
/o

d,
where
6 = tan ! @ = tan ! Q = 65.26°
d, 8.25 :
54.51 .
= 7005(65.26") = 130.3 kips

Since the stiffener is connected along its length, we will treat it as a compression
member whose effective length, L, is zero. From AISC J4.4, for compression ele-
ments with L /r < 25, the nominal strength is

P,=FA,
and for LRFD, ¢ = 0.90
¢P, = 0.90(36)Ag = 3244,

Equating this strength to the required strength, we obtain the required area of

stiffener:
32.4Ag = 130.3
A, =4.02in?

Try two stiffeners, 34 X 3, one on each side of the web:
3
A, = 2(3)<4> =4.50in.> > 4.02 in.” required  (OK)

Check for t, = b/16:

b 3 . 3.
—=—=1). << —1n.
616 0.188 in i (OK)
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Design the welds. The approximate length of each diagonal stiffener is
d 8.25
e = 19.7 in.
St cos @ cos(65.26°) m

If welds are used on both sides of the stiffeners, the available length for welding is

L =19.7(4) = 788 in.

The weld size, in sixteenths of an inch, required for strength is

b P _ 1303
1392L ~ 1.392(78.8)

= 1.2 sixteenths

Based on the web thickness, use a minimum size of %6 inch (AISC Table J2.4).
Because of the small size required for strength, investigate the possibility of
using intermittent welds. From AISC J2.2b,

3
Minimum length = 4w = 4(16)
= (.75 in., but not less than 1.5 in. (1.5 in. controls)

For a group of four welds, the capacity is
4(1.392DL) = 4(1.392)(3)(1.5) = 25.06 kips

P 1303
Required weld capacity per inch = — = ——— = 6.614 kips/in.
L, 19.7

Check the base metal shear strength of the column web. From Equation 7.35,
the shear yield strength per unit length (considering a web thickness on each side of
the stiffener pair) is

$R, = 0.6F 1, X 2 = 0.6(50)(0.360)(2) = 21.6 kips/in.
From Equation 7.36, the shear rupture strength is

¢R, = 0.45F,t,, X 2 = 0.45(65)(0.360)(2) = 21.1 kips/in.
For the stiffener, the shear yield strength is

$R,, = 0.6F 1, X 2 stiffeners = 0.6(36)(3/4)(2) = 32.4 kips/in.
and the shear rupture strength is

¢R, = 045F t, X 2 = 0.45(58)(3/4) X 2 = 39.15 kips/in.

The controlling base metal shear strength is 21.1 kips/in., but this is greater than the
weld strength of 6.614 kips/in.

strength of weld group (kips) 25.06 .
= =3.79 in

Required ing of welds = = =
TS HpR s B required strength per inch (kips/in.)  6.614
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Answer Use two stiffeners, ¥ X 3, one on each side of the web, and ¥%s-inch X 1%-inch
intermittent fillet welds spaced at 3% inches on center, on each side of each diagonal

stiffener.

ASD The service load moment is
solution  y/ _ 4 M, =325+ 97.5 = 130 fi-kips
The flange force is
M,  130(12)
d,—1, 1790525

Check local flange bending with AISC Equation J10-1:

R, 625Ff
Y
6.25(50)(0.560)> . _
=16 58.68 kips < 89.78 kips  (N.G.)

Check local web yielding with AISC Equation J10-2:
Rn yw w(Sk + eb)

o Q
~50(0.360)[5(0.954) + 0.525]
a 1.50

Check web crippling with AISC Equation J10-4:

— 63.54 kips < 89.78 kips

EE
oso21 + 3] [
fn _ —0
0 = !
_ 0.80(0360)°[1 + e TV R (1.0)
2.00 '

= 85.52 kips < 89.78 kips (N.G.)

(N.G.)

Stiffeners are required. The smallest strength is 58.68 kips, for the limit state of
local flange bending. From Equation 8.8, the required stiffener area is

Py = (Ry/Dmin~ 89.78 — 58.68 L4din2
s = = = 14 1
¢ F,y/Q 36/1.67

The minimum width is
_ b, t 6.02 0.360

e e
3 2 3 2 1.83in
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Use a maximum width of
8.07 — 0.360
S e —
2

The minimum thickness is
I, 0.525

2 2
Try a plate %16 X 3:

b = 3.86 in.

= (0.263 in.

5
A, = 3() X 2 stiffeners = 1.88 in.2 > 1.44in2  (OK)

16
Check for t, = b/16:
b 3 . 5.
—=--=0. < ——in.
1616 0.188 in T (OK)
This connection is one-sided, so full-depth stiffeners are not required. Use a depth of
d 825
5= 5 = 4.125 in. Try 4% inch

Try two plates %16 X 3 X 0’ — 4%": (Clip the inside corners to avoid the fillets at the
column flange-to-web intersection. Clip at a 45° angle for %4 inch.)

Stiffener-to-column web welds: The size required for strength, in sixteenths of an
inch, is
_ force resisted by stiffener
0.9279L

The force to be resisted by the stiffener = 89.78 — 58.68 = 31.10 kips. The length
available for welding the stiffener to the web is

L = (length — clip) X 2 sides X 2 stiffeners
5
= (4.5 = 8>(2)(2) =15.5in. (See Figure 8.48.)

The required weld size is therefore

31.10
=—————=216si h
0.9279(15.5) 10 sixteenths
3
Minimum size = 16 in. (AISC Table J2.4, based on plate thickness)
Try w = Y46 inch: From Equation 7.37, the base metal shear yield strength of the web is

R
ﬁn = 0.4F,t X 2 sides of stiffener = 0.4(50)(0.360)(2) = 14.4 kips/in.
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(The load is shared by two thicknesses of web, one on each side of the stiffener pair.)
From Equation 7.38, the shear rupture strength is

R
6” = 0.3F,t X 2 = 0.3(65)(0.360)(2) = 14.04 kips/in.

For the stiffener shear yield strength,

R
6” = 0.4F,1 X 2 = 0.4(36)(5/16)(2) = 9.0 kips/in.

The shear rupture strength of the stiffener is

R

6" = 0.3F,t X 2 = 0.3(58)(5/16)(2) = 10.88 kips/in.

The stiffener yield strength of 9.0 kips/in. controls the base metal shear strength.
The required strength of the weld is

R
6" = 0.9279D X 4 = 0.9279(2.16)(4)

= 8.017 kips/in. < 9.0 kips/in. (OK)

Use two plates Y16 X 3 X 0" — 4%". Clip the inside corners to avoid the fillets at the
column flange-to-web intersection. Clip at a 45° angle for % inch. Use a ¥j¢-inch fil-
let weld for the stiffener-to-column web welds.

Stiffener-to-column flange welds: Since the beam tension flange force is an issue
(for both column flange bending and web yielding), the stiffener must be welded to
the column flange. Use a weld sufficient to develop the yield strength of the stiff-
ener. Let

FystAst

QO

0.9279DL(1.5) =

st

where
L = (b — clip) X 2 sides X 2 stiffeners

and the factor of 1.5 is used because the load is perpendicular to the axis of the
weld. Then
g AW Qq 36(1.88)/1.67
©0.9279L(1.5)  0.9279[(3 — 5/8) X 2 X 2](1.5)

3
Minimum size = 16 in. (AISC Table J2.4, based on plate thickness)

= 3.06 sixteenths

Use a Y4-inch fillet weld for the stiffener-to-column flange connection. (Because
the applied moment is caused by gravity loads and is not reversible, the stiffeners
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opposite the beam compression flange can be fitted to bear on the column flange and
need not be welded, but this option is not exercised here.)

Check shear in the column panel zone: From Equation 8.9,

Myt My M, 13002) o
T4 T d, -1, 9 179-0525 oS

m

Determine which panel zone shear strength equation to use.
P, =F,A, = 50(11.7) = 585 kips
0.4P, = 0.4(585) = 234 kips
P.= P, + P; =30+ 90 = 120 kips
aP, = 1.6(120) = 192 kips < 234 kips .. Use AISC Equation J10-9.
R, =0.60Fd,t

yetw

— 0.60(50)(8.25)(0.360) = 89.1 kips

The allowable strength is

R _ 891 _ 53 35 kips < 89.78 ki (N.G.)
Q167 T NPSTOTRARS -

Alternative 1: Use a Web Doubler Plate

Use AISC Equation J10-9 to find the required plate thickness. Dividing both sides
of AISC Equation J10-9 by () and substituting the plate thickness ¢, for ¢,,, we get
R, 0.60Fd.1,

Q Q

where the left side of the equation is the required allowable strength of the doubler
plate. Solving for ¢, we get

o R,/Q 8978 —5335
4 0.60F,d./Q  0.60(36)(8.25)/1.67

= 0.341 in.

where 89.78 — 53.35 is the extra strength, in kips, to be furnished by the doubler
plate.

The design of the welds connecting the doubler plate to the column will
depend on the exact configuration of the plate, including whether the plate extends
beyond the transverse stiffeners. For this and other details, refer to AISC Design
Guide 13, Stiffening of Wide-Flange Columns at Moment Connections: Wind and
Seismic Applications (Carter, 1999).

Answer Use a %-inch-thick doubler plate.
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Alternative 2: Use a Diagonal Stiffener

With a diagonal stiffener, use full-depth horizontal stiffeners, as shown in Figure 8.49.
The shear force to be resisted by the web reinforcement is 89.78 — 53.35 =

36.43 kips. If this force is considered to be the horizontal component of an axial

compressive force P in the stiffener,

Pcos® = 36.43 kips

where
d 17.9
_ -1 b _ -1 _ o
= — || = —— ) =652
6 = tan <dc> tan <8.25> 65.26
36.43 .
_7005(65.26") = 87.05 kips

Because the stiffener will be connected along its length, we will consider it to be a
compression member whose effective length is zero. From AISC J4.4, for compres-
sion elements with L_/r < 25, the nominal strength is

P,=F,A,

and for ASD, ) = 1.67, so
L 21.56A
QO 167 g

Equating this available strength to the required strength, we obtain the required
area of stiffener:

21.56Ag = 87.05
Ag = 4.04in.2
Try two stiffeners, 3/4 X 3, one on each side of the web:

3
Ay = 2(3)<4> = 4.50 in.” > 4.04 in.? required (OK)

Check for t, = b/16:

b 5 . 3.
—=—=0. .<=in.
616 0.188 in Z 0 (OK)
Design the welds. The approximate length of each diagonal stiffener is
d, 8.25

L= = = 19.7 in.
St cos®  cos(65.26°) 1n

If welds are used on both sides of the stiffeners, the available length for welding is

L =197(4) = 78.8 in.
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The weld size, in sixteenths of an inch, required for strength is

D= P 8705
0.9279L  0.9279(78.8)
Use the minimum size of 3/16 inch (from Table J2.4, based on the web thickness).

Because of the small size required for strength, try intermittent welds. From
AISC J2.2b,

= 1.2 sixteenths

Minimum length = 4w = 4(136> = 0.75 in.

but not less than 1.5 in. (1.5 in. controls).
For a group of four welds, the allowable strength is

4(0.9279DL) = 4(0.9279)(3)(1.5) = 16.7 kips

The required weld capacity per inch of stiffener length is

P 8705
=20 4 419 kips/in.
L, 197 ips/in

Check the base metal shear strength. From Equation 7.37, the shear yield
strength of the web is

R
ﬁn = 0.4F, 1 X 2 sides of stiffener = 0.4(50)(0.360)(2) = 14.4 kips/in.

From Equation 7.38, the shear rupture strength is

R
o = 0.3F,1 X 2 = 0.3(65)(0.360)(2) = 14.04 kips/in.

For the stiffener shear yield strength,

R
ﬁ” = 0.4F, 1 X 2 stiffeners = 0.4(36)(3/4)(2) = 21.6 kips/in.

The shear rupture strength of the stiffener is

R
ﬁ” = 0.3F,t X 2 = 0.3(58)(3/4)(2) = 26.1 kips/in.

The shear strength of the weld controls.

strength of weld group (kips)

Required ing of welds =
equired spacing ot welds required strength per inch (kips/in.)

16.7 .
= m = 3.78 in.
Answer Use two stiffeners, 7% X 3, one on each side of the web, and % 6-inch X 1%-inch intermit-

tent fillet welds spaced at 3% inches on center, on each side of each diagonal stiffener.
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As previously mentioned, the most economical alternative may be simply to
use a larger column section rather than stiffeners or doubler plates. The labor costs
associated with doubler plates and stiffeners may outweigh the additional cost of
material for a larger column.

AISC Design Guide 13 (Carter, 1999) contains detailed guidelines and exam-
ples of the design of column reinforcement.

END PLATE CONNECTIONS

The end plate connection is a popular beam-to-column and beam-to-beam connection
that has been in use since the mid-1950s. Figure 8.50 illustrates two categories of the
beam-to-column connection: the simple (or shear only) connection (Type PR con-
struction) and the rigid (moment-resisting) connection (Type FR construction). The
rigid version is also called an extended end plate connection because the plate extends
beyond the beam flange. The basis of both types is a plate that is shop welded to the
end of a beam and field bolted to a column or another beam. This feature is one of the
chief advantages of this type of connection, the other being that ordinarily fewer bolts
are required than with other types of connections, thus making erection faster. How-
ever, there is little room for error in beam length, and the end must be square. Cam-
bering will make the fit even more critical and is not recommended. Some latitude can
be provided in beam length by fabricating it short and achieving the final fit with shims.

In a simple connection, care must be taken to make the connection sufficiently
flexible that enough end rotation of the beam is possible. This flexibility can be

l: [ o
1 A — - ° °
= [
5 o
5 o
o ° o
——
= ° o
Simple-shear only Four-bolt unstiffened
l: L] ° :E

Four-bolt stiffened Eight-bolt stiffened
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achieved if the plate is short and thin, compared to the fully restrained version
of this connection. The Steel Construction Manual, in Part 10, “Design of Simple
Shear Connections,” gives guidelines for achieving this flexibility. This part of the
Manual also presents other guidelines. Table 10-4 is a design aid that contains avail-
able strengths for various combinations of plates and bolts.

Figure 8.50 shows three versions of the rigid end plate connection: an unstiff-
ened four-bolt connection, a stiffened four-bolt connection, and a stiffened eight-
bolt connection. The number of bolts in the designation refers to the number
of bolts adjacent to the tension flange in a negative moment connection. In the
three rigid connections shown in Figure 8.50, the same number of bolts are used
at each flange, so that the connections can be used in cases of moment reversal.
Although other configurations are possible, these three are commonly used.

The design of moment-resisting end-plate connections requires determination
of the bolt size, the plate thickness, and the weld details. The design of the bolts and
the welds is a fairly straightforward application of traditional analysis procedures,
but determination of the plate thickness relies on yield-line theory (Murray and
Sumner, 2003). This approach is based on analysis of patterns of yield lines that
form a collapse mechanism. This theory is similar to what is called plastic analysis
for linear members such as beams, where the yielding is at one or more points along
the length (see Appendix A). Yield-line theory was originally formulated for rein-
forced concrete slabs but is equally valid for steel plates.

Part 12 of the Manual, “Design of Fully Restrained Moment Connections,”
gives guidance for extended end-plate moment connections, but the actual design
procedures, along with examples, can be found in AISC Design Guide 4 (Murray
and Sumner, 2003) and AISC Design Guide 16 (Murray and Shoemaker, 2002).

Design Guide 16, Flush and Extended Multiple Row Moment End Plate Con-
nections, is the more general of the two documents. It covers two approaches: “thick
plate” theory, in which thick plates and small diameter bolts result, and “thin plate”
theory, with thin plates and large bolts. The thin plate approach requires the incor-
poration of prying action, whereas the thick plate theory does not. Design Guide 4,
Extended End-Plate Moment Connections— Seismic and Wind Applications, cov-
ers only thick plate theory and three configurations: four-bolt unstiffened, four-bolt
stiffened, and eight-bolt stiffened. Design Guide 4 can be used for both static and
seismic loads, but Design Guide 16 is restricted to static loading (which includes
wind and low seismic loading). We will use the approach of Design Guide 4 in this
book and consider only the four-bolt unstiffened end-plate connection.

The guidelines and assumptions from Part 12 of the Manual can be summa-
rized as follows (this list has been specialized for the connections covered in Design
Guide 4):

® Pretensioned Group A or Group B bolts, with diameter dj, = 14 in., should
be used. Although pretensioning is required, the connection need not be
treated as slip-critical.
The end-plate yield stress should be no greater than 50 ksi.
The following bolt pitch is recommended: d;, + 1/ in. for bolt diameters up
to 1 inch and d;, + %4 in. for larger bolts. Many fabricators, however, prefer
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2 inches or 2!/ inches for all bolt sizes. Figure 8.51 shows the pitch of the
outer bolts (py,) and the pitch of the inner bolts (py,).
All of the shear is resisted by the compression-side bolts. (For negative
moment, this would be the four bolts on the bottom side. By using the same
bolt configuration on the top and bottom sides, the connection will work for
both positive and negative moments.)
The maximum effective end-plate width is the beam flange width plus 1 inch
or the end plate thickness, whichever is greater. Larger values can be used
for the actual width, but this effective width should be used in the computa-
tions if it is smaller than the actual width.
The tension bolt gage (g in Figure 8.51) should be no larger than the beam
flange width. The “workable gage” distance given in Part 1 of the Manual
can be used.
If the required moment strength is less than the full moment capacity of
the beam (in a nonseismic connection), design the flange-to-end plate weld
for at least 60% of the beam strength. (Neither Design Guide 4 nor Design
Guide 16 lists this assumption.)
Beam web-to-end plate welds near the tension bolts should be designed us-
ing the same strength requirements as for the flange-to-end plate welds.
Only part of the beam web welds are considered effective in resisting shear.
The length of web to be used is the smaller of the following:
a. From mid-depth of the beam to the inside face of the compression flange
b. From the inner row of tension bolts plus two bolt diameters to the inside
face of the compression flange
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Design Procedure

We will first consider the procedure for LRFD and then present a summary for
ASD. The approach is the same for both, but the differences have to be considered
throughout the process.

1. Determine whether the connection moment is at least 60% of the beam
moment strength. If not, design the connection for 60% of the beam
moment strength.

2. Select a trial layout. Select a plate width b, and bolt locations relative to the
beam flanges (py;., py,, and g).

3. Determine the bolt diameter. At failure, the bolts are assumed to have
reached their ultimate tensile stress and have a strength of

P, =F,A,

where F, is the ultimate tensile stress of the bolt and A, is the bolt area.
Figure 8.52 shows these forces. Assuming that the moment-resisting couple
is formed by these forces and the compressive force in the bottom beam
flange,
M, = ¢Q2P,hy + 2P,h))
= 2P, (hy + hy)
= ¢p2F,Ay(hy + hy)

Wd%
M, = 42F| =" )(hy + hy) (8.10)
FIGURE 8.52 H
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where

M,, = required moment strength
h, = distance from center of beam compression flange to center of
outer row of bolts on the tension side
h, = distance from center of compression flange to center of inner row

of bolts
¢ =0.75
Equation 8.10 can be solved for the required bolt diameter.
2M,,
dy=—77"— (8.11)

wpF,(hy + hy)

Select a bolt diameter, then using the actual bolt size, compute the actual
moment strength.

M, = G[2P (hy + hy)] 8.12)
where

¢ =0.75
. Determine the plate thickness. The design strength for plate flexural
yielding is

d)bethYp (8.13)
where

¢, = 0.90
1, = end plate thickness
Y, = yield line mechanism parameter

For a four-bolt unstiffened extended end plate, the yield-line mechanism
parameter is given in AISC Design Guide 4 as

b 1 1 1 1] 2
o S BT  E

where

1 .
s = EVbl’g (if p; > s, use p; = s)

To ensure thick-plate behavior (no prying action), use 90% of the strength
given by Equation 8.13 to match the moment strength provided by the bolts
(¢M,, from Equation 8.12).

0.90¢, F,t;Y, = ¢M,

oM, (8.15)
P d)beYp '

Select a practical plate thickness.
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5. Check shear in the plate. The beam flange force is

F, Y,
T d — 1,
where 15, is the beam flange thickness. Half of this force will produce shear
in the plate on each side of the flange. This will be shear on the gross area
of the plate (Sections a—a and b-b in Figure 8.53) and shear on the net area
(Sections c—c and d—d). For both cases, check for

I;ﬁ{ =¢R,

For shear yielding,
¢ = 0.90
R, = (0.6F)A,
Ay =1,by

For shear rupture,
¢ =0.75
R,= (0.6 F)A,
A, =1,[b, = 2(d, +1/8)]

Increase ¢, if necessary.

. Check bolt shear and bearing.

The total beam reaction must be resisted by the four bolts on the compres-
sion side.

Vi=9R,

FIGURE 8.53
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where V,, = beam end shear (reaction). For bolt shear,

¢ =0.75
R,=F,, A, X 4bolts
For bolt bearing,
¢ =0.75

The tear-out strength is
R, =12€tF, per bolt

and the bearing deformation strength is
R, = 2.4dtF, per bolt

where ¢ is the thickness of the end plate or the column flange, and F,, is the
ultimate tensile strength of the end plate or the column flange. For the four
bolts,

R, = 2R, (inner bolts) + 2R,, (outer bolts)

7. Design the welds.
8. Check column strength and stiffening requirements.

Design Procedure for ASD. For allowable strength design, we can use the same
nominal strength expressions as for LRFD. To obtain the design equations, we use
service loads and moments rather than factored loads and moments, and we divide
the nominal strengths by a safety factor rather than multiplying by a resistance fac-
tor. To convert the equations, we simply replace the u subscripts with a subscripts
and replace ¢ by 1/Q.

1. Determine whether the connection moment is at least 60% of the beam
moment strength. If not, design the connection for 60% of the beam
moment strength.

Select a trial layout.

3. Determine the required bolt diameter.

B Q@2M,)
dy = wF(hy + hy)

where

N

0 =2.00

4. Determine the required plate thickness.

_[111M,/9)
b= FY,/Q,
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where
M, =2P,(hy+ hy)
0 =2.00
0, =1.67
5. Check shear in the plate. Check for
fu _ R,
2 Q
where
Ma
T == t
For shear yielding,
QO =1.67
R, = (0.6F)A,
Ag = 1Dy

For shear rupture,
0 =2.00
R, = (0.6F)A,
A, =1t,[b, =2, +1/3)]

6. Check bolt shear and bearing.

V,= 6"
For bolt shear,
Q0 =2.00
R, = F,,A, X 4 bolts
For bolt bearing,
Q=2.00

The tear-out strength is
R, = 1.2 tF, per bolt

and the bearing deformation strength is
R, = 2.4d,tF, per bolt

For the four bolts,
R, = 2R, (inner bolts) + 2R, (outer bolts)

7. Design the welds.
8. Check column strength and stiffening requirements.
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Example 8.13

Use LRFD and design a four-bolt end-plate connection for a W18 X 35 beam. This
connection must be capable of transferring a dead-load moment of 23 ft-kips and
a live-load moment of 91 ft-kips. The end shear consists of 4 kips of dead load and
18 kips of live load. Use A992 steel for the beam, A36 for the plate, E70XX
electrodes, and fully tensioned Group A bolts.

M,=12M, + 1.6M,; = 1.2(23) + 1.6(91) = 173.2 ft-kips

V,=12V, + 1.6V, = 1.2(4) + 1.6(18) = 33.6 kips

For a W18 X 35,

d=177in., 1, = 0.300in., by, = 6.00in., 1, = 0.425 in.,
workable gage = 3.50 in.,

Z.=66.5in?
Compute 60% of the flexural strength of the beam:
dpyM, = &, F,Z, = 0.90(50)(66.5) = 2993 in.-kips
0.60(¢, M) = 0.60(2993) = 1796 in.-kips = 150 ft-kips
M, = 173.2 ft-kips > 150 ft-kips .. Design for 173.2 ft-kips.
For the bolt pitch, try Pro =P = 2 in.
For the gage distance, use the workable gage distance given in Part 1 of the Manual.
g = 3.501in.

Required bolt diameter:

t
fb 0.425 .
hy=d =2 +p,=177-—"=+2=1949in.

t

i 0.425 .
hy=d= 3ty = py=177— ==~ 0425 =2 = 1506 in.

. oM, 2(173.2 X 12) o
bReq'd = \[ 7o F(hy + hy) N m(0.75)(90)(19.49 + 15.06) o
Try d;, = 7% inch: Moment strength based on bolt strength:
P,=F,A, =90(0.6013) = 54.12 kips/bolt
M, = 2P, (hy + hy) = 2(54.12) (19.49 + 15.06) = 3740 in.-kips
M, = 0.75(3740) = 2805 in-kips
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Determine end-plate width. For the bolt hole edge distance, use AISC Table J3.4.
For 7/s-inch diameter bolts,

Minimum ¢, = 1% in.
The minimum plate width is
g +2¢,=3.50+2(1.125) = 5.75 in.

but no less than the beam flange width of 6.00 in.

The maximum effective plate width is the beam flange width plus 1 inch or the
plate thickness, whichever is greater. Since we do not know the plate thickness at
this stage of the design, we will assume 1 inch and check this assumption once we
determine the thickness.

Try b, = 7 inch: Compute the required plate thickness:
1 1
s=3 Vb,g= 5 V7(3.5) =2475in.>py; .. Use the original value of p; = 2.0 in.

From Equation 8.14,

P
Y =—\h|—+—|+hl|— )= +*h1p-+s
2 2|:1<pﬁ S Opfo 2 g[l f )]

7 1 1 1 1 2
= 118.5

From Equation 8.15,
eauived s — . [F6M, _ [TTI805) _ o
SR TN g, E Y, T Voo@e)11ss)

Try £, = 1inch: (The assumed value for computing the effective plate width.)
Beam flange force:

M,  1732x12
Fj, = - = 1203 ki
BT d =g, 177 0425 e
F
1203
> T, T 60.2 kips

The shear yield strength of the end plate is
$(0.6)F,1,b, = 0.90(0.6)(36)(1)(7) = 136 kips > 60.2 kips (OK)
Shear rupture strength of end plate:

A, = tp[bp - 2<d,, + ;)] - (1)[7 - 2(2 + ;)} = 5.000 in.>

$(0.6)F,A, = 0.75(0.6)(58)(5.000) = 131 kips > 602 kips  (OK)

u--n
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Check bolt shear. The compression side bolts must be capable of resisting the entire
vertical shear.

wdj _ w(7/8)?
4 4
dR, = ¢F, A, = 0.75(54)(0.6013) = 24.35 kips/bolt

A, = = 0.6013 in.2

For four bolts, ¢R, = 4 X 24.35 = 97.4 kips
V, = 33.6 kips < 97.4 kips (OK)

Check bearing at the compression side bolts.

1 7 1 15,
=] _’_7:7_'_7:7 X
h=d+ =8 16 16™

For tear out of the outer bolts

15
€c=Ppo+lp+pp—h=2+0425+2 - 7= =3488in.

OR, = ¢(1.2¢.tF,) = 0.75(1.2)(3.488)(1)(58) = 182.1 kips
The bearing deformation strength is

b(2.4dtF,) = 0.75(2.4)(7/8)(1)(58) = 91.35 kips < 182.1 kips
. Use ¢R,, = 91.35 kips/bolt.

Since the inner bolts are not near an edge or adjacent bolts, the outer bolts control.
The total bearing strength is

4 X 91.35 = 365 kips > V,, = 33.6 kips (OK)
The plate length, using detailing dimensions and the notation of Figure 8.51, is
d +2ps, +2d, = 177 + 2(2) + 2(12) = 24%4in.

UseaPL1 X7 X2 —0%"and four "4-inch diameter Group A fully tightened bolts
at each flange.

Beam flange-to-plate weld design: The flange force is
Fy, = 120.3 kips

AISC Design Guide 4 recommends that the minimum design flange force should be
60% of the flange yield strength:

Min. Fy, = 0.6F,(bsyts,) = 0.6(50) (6.00) (0.425) = 76.5 kips < 120.3 kips
Therefore, use the actual flange force of 120.3 kips. The flange weld length is
by, + (bgy, — 1) = 6.00 + (6.00 — 0.300) = 11.70 in.
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Answer

Answer

Answer

The weld strength is
¢R, = 1.392D X 11.70 X 1.5

where D is the weld size in sixteenths of an inch, and the factor of 1.5 accounts for
the direction of the load on the weld. If we equate the weld strength to the flange
force,

1.392D X 11.70 X 1.5 = 120.3, D = 4.92 sixteenths

From AISC Table J2.4, the minimum weld size is %6 in. (based on the thickness of
the flange, which is the thinner connected part).

Use a ¥1¢-inch fillet weld at each flange.

Beam web-to-plate weld design: To develop the yield stress in the web near the
tension bolts, let

1.392D X 2 = 0.6F 1,

for two welds, one on each side of the web. The required weld size is

0.6F,t,  0.6(50)(0.300)

D=13%0) " 1320

= 3.23 sixteenths

Use a Y4-inch fillet weld on each side of the web in the tension region.

The applied shear of V,, = 33.6 kips must be resisted by welding a length of web
equal to the smaller of the following two lengths:

1. From mid-depth to the compression flange:

d 17.7
L= 5 tp, = —5— — 0425 = 8425 in.

2. From the inner row of tension bolts plus 2d, to the compression flange:
L=d—2ty, —p;—2d,=17.7-2(0.425) — 2.0 — 2(7/8) = 13.10 in. > 8.425 in.
Equating the weld strength to the required shear strength, we get
1.392D X 8.425 X 2 = 33.6, D = 1.43 sixteenths (w = 1/8in.)

From AISC Table J2.4, the minimum weld size is %6 in.

Use a ¥i¢-inch fillet weld on each side of the web between mid-depth and the com-
pression flange. This design is summarized in Figure 8.54.
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Special Requirements for Columns in End-Plate Connections

When end-plate connections are used, column flange bending strength is based on
yield-line theory. The equation for the required column flange thickness is the same
as that for the required end-plate thickness, but the equation for the yield-line mech-
anism parameter is different. The required column flange thickness for LRFD is

[T11M,
t, = P —
Je (bbeCYC

where

¢M, = moment design strength based on bolt tension
¢, = 0.90
F. = yield stress of the column
Y, = yield-line mechanism parameter for an unstiffened column flange

b 2

fe 1 1 2 3c c c g
=—|h|\=)+h|=||+= += ]+ +-+=|+2

2 [h1<s> h0<s>} g[h1<s 4) h0<s 4) 2} 2

b;. = column flange width

1
§=2 Vg
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FIGURE 8.55

For ASD,
1.11(M,/ Q)
t, = - - -
fe F,.Y./Q
where
0 =2.00
Q, =167

If the existing column flange is not thick enough, another column shape can be
selected or stiffeners can be used. If stiffeners are used, a different equation for Y,
from Design Guide 4 must be used. As a reminder, all equations given here per-
tain to four-bolt unstiffened end-plate connections. For other configurations, some
equations may be different, and Design Guide 4 should be consulted.

The other difference for columns in end-plate connections is in the column
web yielding strength. This involves a minor liberalization of AISC Equation J10-2.
AISC Equation J10-2 is based on limiting the stress on a cross section of the web
formed by its thickness and a length of 75, + 5k, as shown in Figure 8.55a. As shown
in Figure 8.55b, a larger area will be available when the load is transmitted through
the additional thickness of the end plate. If the beam flange-to-plate welds are taken
into account and the load is assumed to disperse at a slope of 1:1 through the plate,
the loaded length of web will be ¢, + 2w + 2t, + 5k. Based on experimental studies
(Hendrick and Murray, 1984), the term 5k can be replaced with 6k, resulting in the
following equation for web yielding strength:

&R, = | F,,, 1,6k + 15 + 2w + 21 )] (8.16)

where w = weld size.

If the beam is near the top of the column (that is, if the distance from the top face of
the beam flange to the top of the column is less than the column depth), the result from
Equation 8.16 should by reduced by half. This is in lieu of using AISC Equation J10-3.
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All other requirements for column web stiffening and panel zone shear strength
are the same as for other types of moment connections.

CONCLUDING REMARKS

In this chapter, we emphasized the design and analysis of bolts and welds rather
than connection fittings, such as framing angles and beam seats. In most cases, the
provisions for bearing in bolted connections and base metal shear in welded connec-
tions will ensure adequate strength of these parts. Sometimes, however, additional
shear investigation is needed. At other times, direct tension, compression, or bend-
ing must be considered.

Flexibility of the connection is another important consideration. In a shear con-
nection (simple framing), the connecting parts must be flexible enough to permit
the connection to rotate under load. Type FR connections (rigid connections), how-
ever, should be stiff enough so that relative rotation of the connected members is
kept to a minimum.

This chapter is intended to be introductory only and is by no means a complete
guide to the design of building connections. Blodgett (1966) is a useful source of
detailed welded connection information. Although somewhat dated, it contains nu-
merous practical suggestions. Also recommended is Detailing for Steel Construc-
tion (AISC, 2009), which is intended for detailers but also contains information
useful for designers.
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PROBLEMS

Eccentric Bolted Connections: Shear Only

8.2-1 Use an elastic analysis to determine the maximum bolt shear force in the
bracket connection of Figure P8.2-1.
4

3

15k
11/2// ¢ \
o
3@3" o
=9 o
o
e
12”
FIGURE P8.2-1

8.2-2 The bolt group shown in Figure P8.2-2 consists of %4-inch-diameter, Group A
slip-critical bolts in single shear. Assume that the bearing strength is adequate
and use an elastic analysis to determine:

a. The maximum factored load that can be applied if LRFD is used.
b. The maximum total service load that can be applied if ASD is used.

30°

FIGURE P8.2-2

8.2-3 A plate is used as a bracket and is attached to a column flange as shown
in Figure P8.2-3. Use an elastic analysis and compute the maximum bolt
shear force.
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FIGURE P8.2-3

8.2-4 The fasteners in the connection of Figure P8.2-4 are placed at the workable
gage distance shown in Manual Table 1-7A. What additional force is exper-
ienced as a consequence of the fasteners not being on the centroidal axis of
the member?

2L5 X 5 X V4

FIGURE P8.2-4

8.2-5 A plate is used as a bracket and is attached to a column flange as shown in Fig-
ure P8.2-5. Use an elastic analysis and compute the maximum bolt shear force.

|<_ 3 > 6"
40k

[M]
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" 20k
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FIGURE P8.2-5
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8.2-6 The load on the bracket plate consists of a service dead load of 20 kips and
a service live load of 35 kips. What diameter Group A bearing-type bolt is
required? Use an elastic analysis and assume that the bearing strengths of
the bracket and the column flange are adequate.

a. Use LRFD.
b. Use ASD.

1 1/2”_\ 1 1/2”

— l«— 5/ —>

172"

3!/

3//

3!/

12"

4

3 ‘
FIGURE P8.2-6

8.2-7 What diameter Group A bearing-type bolt is required? Use an elastic ana-
lysis and assume that the bearing strengths of the bracket and the column
flange are adequate.

a. Use LRFD.
b. Use ASD.
D=18k
L=40k
3
4
2"
o —_—
4//
o 0o ——
4"
o o 0o ——
2//
I 8//
2” 4/! 2/! 2//

FIGURE P8.2-7
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8.2-8 Use Group A slip-critical bolts and select a bolt size for the service loads
shown in Figure P8.2-8. Use an elastic analysis and assume that the bear-
ing strengths of the connected parts are adequate.

a. Use LRFD.
b. Use ASD.

< 6 /2" >

D =10k
L =15k
60°

53

2 (@] (0]
X o
®

& (0] o
on
(@] (0]
2//
T

] esprs] 1

FIGURE P8.2-8

8.2-9 Group A bolts are used in the connection in Figure P8.2-9. Use an elastic
analysis and determine the required size if slip is permitted. The 10-kip
load consists of 2.5 kips of service dead load and 7.5 kips of service live

load. All structural steel is A36.

a. Use LRFD.
b. Use ASD.
2// 3// 3// 2//
t=3/¢"
2//
O O O
3//
3"
(o] (o]
2//
8//
¢ \ t=3/¢"
10k >

FIGURE P8.2-9
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8.2-10 A plate is connected to the web of a channel as shown in Figure P8.2-10.

a. Use an elastic analysis and compute the maximum bolt force.

b. Use the tables in Part 7 of the Manual to find the maximum bolt force by
the ultimate strength method. (Note that the coefficient C can be inter-
preted as the ratio of total connection load to maximum fastener force.)
What is the percent difference from the value obtained by the elastic
analysis?

L I I D D DS D

43k

A

FIGURE P8.2-10

8.2-11 Solve Problem 8.2-2 by the ultimate strength method (use the tables in
Part 7 of the Manual.)

8.2-12 The bolt group shown in Figure P8.2-12 consists of %4-inch-diameter,
Group A bearing-type bolts in single shear. Assuming that the bearing
strength is adequate, use the tables in Part 7 of the Manual to determine:

a. The maximum permissible factored load for LRFD.
b. The maximum permissible service load for ASD.
4/[ | 4// 4// 4//

3//

PPN
R D
o o o o
o o o o
3!/
—0 Oo0 o0 o

v/
FIGURE P8.2-12

8.2-13 For the conditions of Problem 8.2-12, determine the number of bolts
required per row (instead of three, as shown) if the service dead load is
40 kips and the service live load is 90 kips.

a. Use LRFD.
b. Use ASD.

Eccentric Bolted Connections: Shear Plus Tension

8.3-1 Check the adequacy of the bolts. The given loads are service loads.
a. Use LRFD.
b. Use ASD.
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D =18k
L =50k
3 _>| i" 10
oflo
T 1"-diameter Group A bolts
14" A992 steel
¢ Slip is permitted
oflo
W10 X 100/ A
WT5 X 27 o
FIGURE P8.3-1

8.3-2 A beam is connected to a column with 7g-inch-diameter, Group A bearing-
type bolts, as shown in Figure P8.3-2. Eight bolts connect the tee to the column.
A992 steel is used. Is the tee-to-column connection adequate?

a. Use LRFD.
b. Use ASD.
3”_>
I(B =24k
L=58k
2//
vl
5 Tr° WT6 X 26.5
/ 3@3 [[[° / ,
W12 X 120 e
—— 1t o
bl
z W18 X 106
FIGURE P8.3-2
8.3-3 Check the adequacy of the bolts for the given service loads.
a. Use LRFD.
b. Use ASD.
i 6 | D=25k
2 L =75k
Y
I Ten bolts
[ 7/8" -inch-diameter Group A
4@3"1r Slip is permitted
Y T A992 steel
4 NC WS x 4935
2 NG wizxes

FIGURE P8.3-3
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8.3-4 Check the adequacy of the bolts. The given load is a service load.

a. Use LRFD.
b. Use ASD.
_>|3”<_
177
. 12 %
¢ Reaction = 38 k
e ope (D = 10k, L = 28k)
° 6" 3/4"-diameter, Group A bolts
T © 3!/ ofo A992 steel
TLo T of°o Slip is permitted
N WT5 X 22.5 112" y
W10 X 49 W18 X 50

FIGURE P8.3-4

8.3-5 Check the adequacy of the bolts in the connection shown in Figure P8.3-5.
The load is a service load consisting of 33% dead load and 67% live load.
The bolts are 7/g-inch, Group A bearing-type. Assume that the connected
parts have adequate bearing strength.

a. Use LRFD.
b. Use ASD.
¢ 2//
:: 8// o o
e g n g 4 @ 3//
- o o
- ‘ 3 I_ o o
" 4 " 2"
6 | 10k 1, t
FIGURE P8.3-5

8.3-6 The flange of a portion of a WT6 X 20 is used as a bracket and is attached
to the flange of a W14 X 61 column as shown in Figure P8.3-6. All steel is
A992. Determine whether the bolts are adequate. Use LRFD.

D =15k
2\ L =45k
1

3”
o o
3" 1"-diameter, Group A bolts
o o s
WT6 < 20 6"  Slip is permitted
- [} [} "
3
6"
W14 X 61 5"
v 11/2”—>| |<—>| |<— 12"

FIGURE P8.3-6
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8.3-8

8.3-9

Problems 579

A beam is connected to a column with ¥4-inch-diameter, Group A slip-critical
bolts, as shown in Figure P8.3-7. A992 steel is used for the beam and column,
and A36 steel is used for the angles. The force R is the beam reaction. Based
on the strength of the 10 angle-to-column bolts, determine:

a. The maximum available factored load reaction, R,,, for LRFD.
b. The maximum available service load reaction, R, for ASD.
R

21/4"—>|

1[/2//i
- o
3” 1l o
3” 1l o
3” il o
33 Mo 204 X 4 X 6
11/2”—(
W10 X 45 W21 X 83
FIGURE P8.3-7

A bracket cut from a WT-shape is connected to a column flange with 10
Group A slip-critical bolts, as shown in Figure P8.3-8. A992 steel is used.
The loads are service loads, consisting of 30% dead load and 70% live load.
What size bolt is required?

a. Use LRFD.
b. Use ASD.

Y 8" |60k

—> 47k

_L-.
I: WTI12 X 31
T

2 \w12 X 72

FIGURE P8.3-8

4sp @3

For the following designs, use A36 steel for the angles and A992 steel for
the beam and column. Use LRFD.

a. Design a simply supported beam for the conditions shown in Figure P8.3-9.
In addition to its own weight, the beam must support a service live load
of 4 kips/foot. Assume continuous lateral support of the compression
flange. Deflection is not a design consideration.

b. Design an all-bolted, double-angle connection. Do not consider eccentri-
city. Use bearing-type bolts.
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c. Consider eccentricity and check the connection designed in part b.
Revise the design if necessary.

d. Prepare a detailed sketch of your recommended connection.

i 30/_0// |

W14 x 82
FIGURE P8.3-9
8.3-10 Same as Problem 8.3-9, but use ASD.

Eccentric Welded Connections: Shear Only

8.4-1 Use an elastic analysis and determine the maximum load in the weld (in
kips per inch of length).

+

FIGURE P8.4-1

8.4-2 Use an elastic analysis and determine the maximum load in the weld (in
kips per inch of length).

7" |15k

¢” Y
i i
RN

SH

FIGURE P8.4-2
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8.4-3 Use an elastic analysis and determine the maximum load per inch of weld.
75k

T

3!/ 3!/ |A3H

6// 9// |

FIGURE P8.4-3

8.4-4 Use an elastic analysis and check the adequacy of the weld. Assume that
the shear in the base metal is acceptable. The 10-kip load is a service load,
composed of 25% dead load and 75% live load.

a. Use LRFD.
b. Use ASD.
10k

12" "

Y o Y16V
| / RN
" E70 electrodes

2L5 X 5 X s —>5" |11

Section
FIGURE P8.4-4

8.4-5 Use E70 electrodes and determine the required weld size. Use an elastic
analysis. Assume that the base metal shear strength is adequate.

a. Use LRFD.
b. Use ASD.

P,=10k P, =10k
4// 6” ﬁ 300
N =

FIGURE P8.4-5

8.4-6 Check the adequacy of the weld. The 20-kip load is a service load, with a
live load-to-dead load ratio of 2.0. Use an elastic analysis and assume that
the shear strength of the base metal is adequate.
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a. Use LRFD.
b. Use ASD.
37 12" 20k
4//
6”
15" E70XX
2" | Fillet welds

FIGURE P8.4-6
8.4-7 Use an elastic analysis and compute the extra load in the weld (in kips per
inch of length) caused by the eccentricity.

........... ——> 112k

L3 X3 X3

/ ‘
FIGURE P8.4-7

8.4-8 Use an elastic analysis and compute the extra load in the weld (in kips per
inch of length) caused by the eccentricity.

FIGURE P8.4-8

8.4-9 AnL6 X 6 X ¥4is attached to a ¥4-in.-thick gusset plate with E70 fillet welds.
Design the welds to develop the available strength of the member. Use a
placement of welds that will eliminate eccentricity. Assume that the strengths
of the connected parts do not govern. Use A36 steel.

a. Use LRFD.

b. Use ASD.

8.4-10 Solve Problem 8.4-1 by the ultimate strength method (use the tables in
Part 8 of the Manual).
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8.4-11 Solve Problem 8.4-4 by the ultimate strength method (use the tables in
Part 8 of the Manual).

8.4-12 Solve Problem 8.4-7 by the ultimate strength method (use the tables in
Part 8 of the Manual).

8.4-13 A connection is to be made with the weld shown in Figure P8.4-13. The
applied load is a service load. Use LRFD.
a. Determine the required weld size. Use an elastic analysis.
b. Determine the required weld size by the ultimate strength method (use
the tables in Part 8 of the Manual).

D =18k
L =43k

FIGURE P8.4-13

8.4-14 Same as Problem 8.4-13, but use ASD.

8.4-15 Use the elastic method and design a welded connection for an L6 X 6 X %6
of A36 steel connected to a %-inch-thick gusset plate, also of A36 steel.
The load to be resisted is a service dead load of 31 kips and a service live
load of 31 kips. Use LRFD.

a. Do not balance the welds. Show your design on a sketch.
b. Balance the welds. Show your design on a sketch.

t=3/¢"
\Q‘ L6 X 6 X 516

FIGURE P8.4-15
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8.4-16 Same as Problem 8.4-15, but use ASD.

8.4-17 A single-angle tension member is connected to a gusset plate as shown in
Figure P8.4-17. A36 steel is used for both the angle and the gusset plate.

a. Use LRFD and the minimum size fillet weld to design a connection. Do
not balance the welds.

b. Check the design of part a, accounting for the eccentricity. Revise if
necessary.

¢. Show your final design on a sketch.

D =40k

/L=80k

L5 X5X %

FIGURE P8.4-17

8.4-18 Same as Problem 8.4-17, but use ASD.

8.4-19a. Use LRFD and design a welded connection for the bracket shown in
Figure P8.4-19. All structural steel is A36. The horizontal 10-inch
dimension is a maximum.

b. State why you think your weld size and configuration are best.

v L
10” ‘
(max) 60°

—_— = 3/8"
\l‘ — 3/8"

FIGURE P8.4-19

8.4-20 Same as Problem 8.4-19, but use ASD.
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Eccentric Welded Connections: Shear Plus Tension

8.5-1 Determine the maximum load in the weld in kips per inch of length.

{15 k on o

< 4" W
T

L

FIGURE P8.5-1

8.5-2 Determine the maximum load in the weld in kips per inch of length.

15k i
l«—8" —>
3”
Y : a
T | 2//
6// | 2/!
_L E“. _J >
' — ~—
2// 4// 2//
FIGURE P8.5-2

8.5-3 Use the maximum size E70 fillet weld and compute the available reaction
R (as limited by the strength of the weld) that can be supported by the
connection of Figure P8.5-3. The beam and column steel is A992, and the
shelf angle is A36. Neglect the end returns shown at the top of the welds.

a. Use LRFD.
b. Use ASD.

o

YR

~J—Km X 6 X s

W14 X 48
FIGURE P8.5-3
8.5-4 A bracket plate of A36 steel is welded to a W12 X 50 of A992 steel. Use

E70 electrodes and determine the required fillet weld size. The applied
load consists of 8 kips dead load and 18 kips live load.

a. Use LRFD.
b. Use ASD.
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A
Y
|« 6// 4»{ E

N 0
|

| t=3/8 > <

FIGURE P8.5-4

8.5-5 A WT7 X 41 bracket is connected to a W14 X 159 column with %j¢-inch
E70 fillet welds as shown in Figure P8.5-5. What is the maximum factored
load P, that can be supported? What is the maximum service load P, that

can be supported?
P
¢ 8!/ — >

WT7 X 41

W14 X 159 1o A992 steel

E70

/16

FIGURE P8.5-5

Moment-Resisting Connections

8.6-1 A WI18 X 50 beam is connected to a W14 X 99 column. To transfer
moment, plates are bolted to the beam flanges. The service-load moment
to be transferred is 180 ft-kips, consisting of 45 ft-kips of dead-load mo-
ment and 135 ft-kips of live-load moment. The bolts are 4-inch-diameter
A325-N, and eight bolts are used in each flange. Do these bolts have
enough shear strength?

a. Use LRFD.
b. Use ASD.

8.6-2 A W16 X 45 beam is connected to a W10 X 45 column as shown in Fig-
ure P8.6-2. The structural shapes are A992, and the plates are A36 steel.
Twenty 7/g-inch, A325-N bearing-type bolts are used: eight at each flange,
and four in the web. The electrodes are E70. Use LRFD.
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a. Determine the available shear strength of the connection.
b. Determine the available flexural strength.

/F ;PL5/8><7><1’-02
Uy
1/4E b

W10 X 45 >. W16 X 45

PL %16 X 5 X 1’-01'2
/_

E 7/8-inch-diameter GI'OU.p A bolts

it il

EE F 204"
O |
21/4H | | 3// | 3!/ | 3// | | 2]/4H : 3,,
y v O [
2 1/4H : 13 1/2” : 3”
O O O O | 4, O -
20" ! 7 : 3
1 O O O O i O .
2V4" |, ' 2V
7 }‘ 74ae |¢
setback 14" setback  [«—5"—
Detail of flange plate Detail of shear plate
FIGURE P8.6-2

8.6-3 Same as Problem 8.6-2, but use ASD.

8.6-4 Design a three-plate moment connection of the type shown in Problem 8.6-2
for the connection of a W18 X 35 beam to a W14 X 99 column for the fol-
lowing conditions: The service dead-load moment is 42 ft-kips, the service
live-load moment is 104 ft-kips, the service dead-load beam reaction is
8 kips, and the service live-load beam reaction is 21 kips. Use Group A
bearing-type bolts and E70 electrodes. The beam and column are of A992
steel, and the plate material is A36.

a. Use LRFD.
b. Use ASD.

Column Stiffeners and Other Reinforcement

8.7-1 A service-load moment of 118 ft-kips, 30% dead load and 70% live load, is
applied to the connection of Problem 8.6-2. Assume that the connection is at a
distance from the end of the column that is more than the depth of the column
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8.7-2

8.7-3

8.8-1

and determine whether column stiffeners are required. If so, use A36 steel
and determine the required dimensions.

a. Use LRFD.
b. Use ASD.

Determine whether column stiffeners are required for the maximum force
that can be developed in the beam flange plate, which is A36 steel. If they
are, use A36 steel and specify the required dimensions. A992 steel is used
for the beam and column. The connection is at a distance from the end of
the column that is more than the depth of the column.

a. Use LRFD.
b. Use ASD.

PL /16 X 9

-

W14 X 145 W24 X 76 [

'IT\

T e el ]

—PL /16 X 9

FIGURE P8.7-2

a. A W18 X 35 beam is to be connected to a W14 X 53 column. F, = 50 ksi
for both the beam and the column. The connection is at a distance from
the end of the column that is more than the depth of the column. Use
A36 steel for the web plate and use LRFD to design a connection similar
to the one shown in Figure 8.37a for a factored moment of 220 ft-kips
and a factored reaction of 45 kips. If column stiffeners are needed, use
A36 steel and specify the required dimensions.

b. If the factored column shear adjacent to the connection is V,, = 0, and
P, /P, = 0.6, determine whether panel zone reinforcement is required. If it
is, provide two alternatives: (1) a doubler plate of A36 steel and (2) diagonal
stiffeners of A36 steel.

End-Plate Connections

Investigate the adequacy of the bolts in the given end-plate connection.
The loads are service loads, consisting of 25% dead load and 75% live load.
The beam and column are A992 steel, and the end plate is A36 steel.

a. Use LRFD.
b. Use ASD.
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2 bolts =7

|7

27k

W8 X 31 W14 X 22

2 bolts 4 i Y4"-diameter, Group A bolts
R Bolts are pretensioned.

FIGURE P8.8-1

Investigate the adequacy of the bolts in the given end-plate connection.
The loads are service loads, consisting of 25% dead load and 75% live load.
The beam and column are A992 steel, and the end plate is A36 steel.

a. Use LRFD.
b. Use ASD.

W18 X 35

134 ft-k
W10 X 49 | >

UL o3k 78"-diameter, Group A bolts

Bolts are pretensioned.
Each line of bolts
contains 2 bolts

FIGURE P8.8-2

Design a four-bolt unstiffened end-plate connection for a W18 X 40 beam
to a W8 X 40 column. Design for the full moment and shear capacities of
the beam. Use A992 steel for the members and A36 for the end plate. Use
Group A pretensioned bolts.

a. Use LRFD.
b. Use ASD.

Design a four-bolt unstiffened end-plate connection for a W12 X 30 beam
to a W10 X 60 column. The shear consists of a 13-kip service dead load and
a 34-kip service live load. The service dead-load moment is 20 ft-kips, and
the service live-load moment is 48 ft-kips. Use A992 steel for the structural
shapes, A36 for the end plate, and pretensioned Group A bolts.

a. Use LRFD.
b. Use ASD.




Beams incorporating steel headed
stud anchors are called composite

beams. In this type of construction,

a supported concrete slab acts with

the structural steel shape as a unit.
The studs provide a mechanical
bond between the steel shape and

the concrete slab.
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chapter 9

Composite
Construction

INTRODUCTION

omposite construction employs structural members that are composed of two

materials: structural steel and reinforced concrete. Strictly speaking, any struc-
tural member formed with two or more materials is composite. In buildings and
bridges, however, that usually means structural steel and reinforced concrete, and
that usually means composite beams or columns. We cover composite columns later
in this chapter. Our coverage of beams is restricted to those that are part of a floor
or roof system. Composite construction is covered in AISC Specification Chapter I,
“Design of Composite Members.”

Composite beams can take several forms. The earliest versions consisted of
beams encased in concrete (Figure 9.1a). This was a practical alternative when the
primary means of fireproofing structural steel was to encase it in concrete; the ra-
tionale was that if the concrete was there, we might as well account for its con-
tribution to the strength of the beam. Currently, lighter and more economical
methods of fireproofing are available, and encased composite beams are rarely
used. Instead, composite behavior is achieved by connecting the steel beam to
the reinforced concrete slab it supports, causing the two parts to act as a unit. In a
floor or roof system, a portion of the slab acts with each steel beam to form a com-
posite beam consisting of the rolled steel shape augmented by a concrete flange at
the top (Figure 9.1b).

This unified behavior is possible only if horizontal slippage between the two
components is prevented. That can be accomplished if the horizontal shear at the
interface is resisted by connecting devices known as anchors (sometimes called
shear connectors). These devices—which can be steel headed studs or short lengths
of small steel channel shapes—are welded to the top flange of the steel beam at pre-
scribed intervals and provide the connection mechanically through anchorage in
the hardened concrete (Figure 9.1c). Studs are the most commonly used type of an-
chors, and more than one can be used at each location if the flange is wide enough
to accommodate them (which depends on the allowable spacing, which we consider

591
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FIGURE 91

|—> Section

(©)
in Section 9.4). One reason for the popularity of steel headed stud anchors is their
ease of installation. It is essentially a one-worker job made possible by an automatic
tool that allows the operator to position the stud and weld it to the beam in one
operation.

A certain number of anchors will be required to make a beam fully composite. Any
fewer than this number will permit some slippage to occur between the steel and con-
crete; such a beam is said to be partially composite. Partially composite beams (which
actually are more efficient than fully composite beams) are covered in Section 9.7.

Most composite construction in buildings utilizes formed steel deck, which
serves as formwork for the concrete slab and is left in place after the concrete
cures. This metal deck also contributes to the strength of the slab, the design of
which we do not consider here. The deck can be used with its ribs oriented either
perpendicular or parallel to the beams. In the usual floor system, the ribs will
be perpendicular to the floor beams and parallel to the supporting girders. The
studs are welded to the beams from above, through the deck. Since the studs can
be placed only in the ribs, their spacing along the length of the beam is limited to
multiples of the rib spacing. Figure 9.2 shows a slab with formed steel deck and the
ribs perpendicular to the beam axis.
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Almost all highway bridges that use steel beams are of composite construction,
and composite beams are frequently the most economical alternative in buildings.
Although smaller, lighter rolled steel beams can be used with composite construc-
tion, this advantage will sometimes be offset by the additional cost of the studs.
Even so, other advantages may make composite construction attractive. Shallower
beams can be used, and deflections will be smaller than with conventional noncom-
posite construction.

Elastic Stresses in Composite Beams
Although the available strength of composite beams is usually based on conditions
at failure, an understanding of the behavior at service loads is important for several
reasons. Deflections are always investigated at service loads, and in some cases, the
available strength is based on the limit state of first yield.

Flexural and shearing stresses in beams of homogeneous materials can be com-
puted from the formulas

_ Mc Vo
fb_ I and fv_ It

A composite beam is not homogeneous, however, and these formulas are not
valid. To be able to use them, an artifice known as the transformed section is em-
ployed to “convert” the concrete into an amount of steel that has the same effect as
the concrete. This procedure requires the strains in the fictitious steel to be the same
as those in the concrete it replaces. Figure 9.3 shows a segment of a composite beam
with stress and strain diagrams superimposed. If the slab is properly attached to the
rolled steel shape, the strains will be as shown, with cross sections that are plane
before bending remaining plane after bending. However, a continuous linear stress
distribution as shown in Part c of the figure is valid only if the beam is assumed to be
homogeneous. We first require that the strain in the concrete at any point be equal
to the strain in any replacement steel at that point:

c S
and
ES
fs:Ec:nc (91)
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FIGURE 9.3

| L
(a) (b) (©)
Strain Actual Stress Stress in Transformed
(&) (f=Ee) Section
where

E_ = modulus of elasticity of concrete

N .
n = — = modular ratio
E

c

AISC I2.1b gives the modulus of elasticity of concrete as*
E, = wlVf! ksi
where

w, = unit weight of concrete in Ib/ft>. (normal-weight concrete weighs
approximately 145 Ib/ft?)
f/ = 28-day compressive strength of concrete (kips/in.?)

The AISC Specification also gives a metric version of the equation for E,.

Equation 9.1 can be interpreted as follows: n square inches of concrete are
required to resist the same force as one square inch of steel. To determine the area
of steel that will resist the same force as the concrete, divide the concrete area by n.
That is, replace A, by A, /n. The result is the transformed area.

Consider the composite section shown in Figure 9.4a (determination of the effec-
tive flange width b when the beam is part of a floor system is discussed presently). To
transform the concrete area, A, we must divide by n. The most convenient way to do
this is to divide the width by n and leave the thickness unchanged. Doing so results in the
homogeneous steel section of Figure 9.4b. To compute stresses, we locate the neutral axis
of this composite shape and compute the corresponding moment of inertia. We can then
compute bending stresses with the flexure formula. At the top of the steel,

_ My,
8

f

7

*The ACI Building Code (ACI, 2014) gives the value of E, as wl5(33)\V/f/, where f! is in pounds
per square inch.
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(a) (b)

At the bottom of the steel,
_ My
1

I

fob

where

M = applied bending moment

I,, = moment of inertia about the neutral axis (same as the centroidal axis for
this homogeneous section)

y, = distance from the neutral axis to the top of the steel

¥, = distance from the neutral axis to the bottom of the steel

The stress in the concrete may be computed in the same way, but because the
material under consideration is steel, the result must be divided by n (see Equa-
tion 9.1) so that

My
nl

tr

Maximum f, =

where y is the distance from the neutral axis to the top of the concrete.
This procedure is valid only for a positive bending moment, with compression
at the top, because concrete has negligible tensile strength.

Example 9.1

A composite beam consists of a W16 X 36 of A992 steel with a 5-inch-thick X
87-inch-wide reinforced concrete slab at the top. The strength of the concrete is f, = 4 ksi.
Determine the maximum stresses in the steel and concrete resulting from a positive bend-
ing moment of 160 ft-kips.

E, = wiSVF = (145)15V/4 = 3492 ksi

E. 29,000
n—E— 3490 =83 .. Usen = 8.

G
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FIGURE 9.5

TABLE 9.1

TABLE 9.2

10.88"

—
v

Yo

<

15.9"

\Wlﬁ X 36

Since the modulus of elasticity of concrete can only be approximated, the usual prac-
tice of rounding # to the nearest whole number is sufficiently accurate. Thus,

b_87_ 10.88 in.

n 8
The transformed section is shown in Figure 9.5. Although the neutral axis is shown
below the top of the steel, it is not known yet whether it lies in the steel or the
concrete.

The location of the neutral axis can be found by applying the principle of
moments with the axis of moments at the top of the slab. The computations are
summarized in Table 9.1, and the distance from the top of the slab to the centroid is

SAy 2733

e =222 4205 in.
YT SA T 6500 05in

Since this is less than S inches (the thickness of the slab) the neutral axis lies within the
slab. Applying the parallel axis theorem and tabulating the computations in Table 9.2,
we obtain the moment of inertia of the transformed section as

I,=1530in*

Component A y Ay
Concrete 54.40 2.50 136.0
W16 X 36 10.6 12.95 137.3

65.00 273.3
Component A y 1 d I+ Ad?
Concrete 54.40 2.50 113.3 1.705 271.4
W16 X 36 10.6 12.95 448 8.745 1259

1530.4




FIGURE 9.6
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The distance from the neutral axis to the top of the steel is
v, =y —t=4205—5.000 = —0.795 in.

where ¢ is the thickness of the slab. The negative sign means that the top of the steel is
below the neutral axis and is therefore in tension. The stress at the top of the steel is

_ My, (160 X 12)(0.795) 0,998 ksi tensi
fu= 7 - 1530 =0. si  (tension)

tr

Stress at the bottom of the steel is

yp=t+d—y=5+159 —4.205 = 16.70 in.

My, (160 X 12)(16.70) . .
fop = R =0 =21.0ksi (tension)

Ir
The stress at the top of the concrete is

My (160 X 12)(4.205) 0.660 ksi
Je=Tr 8(1530) o0
If the concrete is assumed to have no tensile strength, the concrete below the neutral
axis should be discounted. The geometry of the transformed section will then be dif-
ferent from what was originally assumed; to obtain an accurate result, the location of
the neutral axis should be recomputed on the basis of this new geometry. Referring to
Figure 9.6 and Table 9.3, we can compute the new location of the neutral axis as follows:

_ EAy 5.44y% + 137.3
YT SA T 1088y + 106
7(10.887 + 10.6) = 5.4452 + 137.3
54452 + 10.6y — 1373 =0
5 = 4143 in.

The moment of inertia of this revised composite area is

1
1, = 5(10.88)(4.143)° + 448 + 10.6(12.95 — 4.143)? = 1528 in.*

‘ 10.88" l
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TABLE 9.3

Answer

Component A y Ay
Concrete 10.88y y/2 5.44y2
W16 X 36 10.6 12.95 137.3

and the stresses are

(160 X 12)(5 — 4.143)
= 1528

= 1.08 ksi (tension)

(160 X 12)(5 + 15.9 — 4.143)
W@ 1528

=21.1ksi (tension)

_ (160 X 12)(4.143)

= 0.651 ksi
¢ 8(1528) -

The difference between the two analyses is negligible, so the refinement in locating
the neutral axis is not necessary.

The maximum stress in the steel is 21.1 ksi tension, and the maximum stress in the
concrete is 0.651 ksi compression.

Flexural Strength

In most cases, the nominal flexural strength will be reached when the entire steel
cross section yields and the concrete crushes in compression (for positive bending
moment). The corresponding stress distribution on the composite section is called a
plastic stress distribution. The AISC Specification provisions for flexural strength are
as follows:

* For shapes with compact webs—that is, h/t, = 3.76V E/F,—the nominal
strength M, is obtained from the plastic stress distribution.

® For shapes with i/, > 3.76V E/Fy, M, is obtained from the elastic stress
distribution corresponding to first yielding of the steel.
For LRFD, the design strength is ¢,M,,, where ¢, = 0.90.
For ASD, the allowable strength is M, /Q,, where ), = 1.67.

All W, M, and S shapes tabulated in the Manual have compact webs (for flexure) for
F, = 50 ksi, so the first condition will govern for all composite beams except those
with built-up steel shapes. We consider only compact shapes in this chapter.

When a composite beam has reached the plastic limit state, the stresses will
be distributed in one of the three ways shown in Figure 9.7. The concrete stress is
shown as a uniform compressive stress of 0.85f, extending from the top of the slab
to a depth that may be equal to or less than the total slab thickness. This distribu-
tion is the Whitney equivalent stress distribution, which has a resultant that matches
that of the actual stress distribution (ACI, 2014). Figure 9.7a shows the distribution
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corresponding to full tensile yielding of the steel and partial compression of the
concrete, with the plastic neutral axis (PNA) in the slab. The tensile strength of
concrete is small and is discounted, so no stress is shown where tension is applied
to the concrete. This condition will usually prevail when there are enough stud an-
chors provided to prevent slip completely—that is, to ensure full composite behav-
ior. In Figure 9.7b, the concrete stress block extends the full depth of the slab, and
the PNA is in the flange of the steel shape. Part of the flange will therefore be in
compression to augment the compressive force in the slab. The third possibility, the



600 Chapter 9: Composite Construction

Solution

PNA in the web, is shown in Figure 9.7c. Note that the concrete stress block need
not extend the full depth of the slab for any of these three cases.

In each case shown in Figure 9.7, we can find the nominal moment capacity by
computing the moment of the couple formed by the compressive and tensile resul-
tants. This can be accomplished by summing the moments of the resultants about
any convenient point. Because of the connection of the steel shape to the concrete
slab, lateral-torsional buckling is no problem once the concrete has cured and com-
posite action has been achieved.

To determine which of the three cases governs, compute the compressive resul-
tant as the smallest of

1. AF,
2. 0.85(/ A,
3. 30,

where

A, = cross-sectional area of steel shape
A, = area of concrete
= tb (see Figure 9.7a)
>0, = total shear strength of the stud anchors

Each possibility represents a horizontal shear force at the interface between the steel
and the concrete. When the first possibility controls, the steel is being fully utilized,
and the stress distribution of Figure 9.7a applies. The second possibility corresponds
to the concrete controlling, and the PNA will be in the steel (Figure 9.7b or c¢). The
third case governs only when there are fewer studs than required for full composite
behavior, resulting in partial composite behavior. Although partial composite action
can exist with either solid slabs or slabs with formed steel deck, it will be covered in
Section 9.7, “Composite Beams with Formed Steel Deck.”

Example 9.2

Compute the available strength of the composite beam of Example 9.1. Assume
that sufficient stud anchors are provided for full composite behavior.

Determine the compressive force C in the concrete (horizontal shear force at the
interface between the concrete and steel). Because there will be full composite
action, this force will be the smaller of A F, and 0.85f/A

AF, =10.6(50) = 530 kips
0.85f! A, = 0.85(4)(5 x 87) = 1479 kips
The steel controls; C = 530 kips. This means that the full depth of the slab is not

needed to develop the required compression force. The stress distribution shown in
Figure 9.8 will result.
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The resultant compressive force can also be expressed as
C = 0.85f!ab
from which we obtain

. Cc 530
0.85f/b  0.85(4)(87)

a = 1.792 in.

The force C will be located at the centroid of the compressive area at a depth
of a/2 from the top of the slab. The resultant tensile force T (equal to C) will be
located at the centroid of the steel area. The moment arm of the couple formed by
Cand T'is

d a 159 1.792 .
y=3 t > > 5 > 12.05 in
The nominal strength is the moment of the couple, or

M, = Cy = Ty = 530(12.05) = 6387 in.-kips = 532.2 ft-kips
For LRFD, the design strength is ¢, M, = 0.90(532.2) = 479 ft-Kips.

. M, 5322 .
For ASD, the allowable strength is — = —— = 319 ft-kips.
Q, 167

When full composite behavior exists, the plastic neutral axis will normally be
within the slab, as in Example 9.2. Analysis for the case of the plastic neutral axis
located within the steel section will be deferred until partial composite action has
been covered.
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9.2 SHORED VERSUS UNSHORED CONSTRUCTION

Until the concrete has cured and attained its design strength (at least 75% of its
28-day compressive strength, f.'), there can be no composite behavior, and the
weight of the slab must be supported by some other means. Once the concrete
has cured, composite action is possible, and all subsequently applied loads will be
resisted by the composite beam. If the steel shape is supported at a sufficient num-
ber of points along its length before the slab is placed, the weight of the wet con-
crete will be supported by these temporary shores rather than by the steel. Once
the concrete has cured, the temporary shoring can be removed, and the weight of
the slab, as well as any additional loads, will be carried by the composite beam. If
shoring is not used, however, the rolled steel shape must support not only its own
weight, but also the weight of the slab and its formwork during the curing period.
Once composite behavior is attained, additional loads, both dead and live, will be
supported by the composite beam. We now consider these different conditions in
more detail.

Unshored: Before Concrete Cures

AISC I3.Ib requires that when temporary shoring is not provided, the steel shape
alone must have sufficient strength to resist all loads applied before the concrete
attains 75% of its strength, f.. The flexural strength is computed in the usual way,
based on Chapter F of the Specification (Chapter 5 of this book). Depending on its
design, the formwork for the concrete slab may or may not provide lateral support
for the steel beam. If not, the unbraced length £, must be taken into account, and
lateral-torsional buckling may control the flexural strength. If temporary shoring is
not used, the steel beam may also be called on to resist incidental construction loads.
To account for these loads, an additional 20 pounds per square foot is recommended
(Hansell et al., 1978).

Unshored: After Concrete Cures

After composite behavior is achieved, all loads subsequently applied will be supported
by the composite beam. At failure, however, all loads will be resisted by the internal
couple corresponding to the stress distribution at failure. Thus the composite section
must have adequate strength to resist all loads, including those applied to the steel
beam before the concrete cures (except for construction loads, which will no longer be
present).

Shored Construction
In shored construction, only the composite beam need be considered, because the
steel shape will not be required to support anything other than its own weight.

Shear Strength
AISC (eye) 4.2(a) requires that all shear be resisted by the web of the steel shape,
as provided for in Chapter G of the Specification (Chapter 5 of this book).
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Example 9.3

A W12 X 50 acts compositely with a 4-inch-thick concrete slab. The effective slab
width is 72 inches. Shoring is not used, and the applied bending moments are as follows:
from the beam weight, M,,,., = 13 ft-kips; from the slab weight, M, = 77 ft-kips; and
from the live load, M; = 150 ft-kips. (Do not consider any additional construction
loads in this example.) Steel is A992, and f, = 4 ksi. Determine whether the flexural
strength of this beam is adequate. Assume full composite action and assume that the
formwork provides lateral support of the steel section before curing of the concrete.

Compute the nominal strength of the composite section. The compressive force C
is the smaller of

A,F, = 14.6(50) = 730 kips
or
0.85f7 A, = 0.85(4)(4 X 72) = 979.2 kips

The PNA is in the concrete and C = 730 kips. From Figure 9.8, the depth of the
compressive stress block is

€ 730

= = = 2.982 in.
T 085 0.85(4)(72) -
The moment arm is
d a 122 2.982 .
= _—4t——="""4 49 .
y > t > > 4 2 8.609in

The nominal moment strength is
M, = Cy = 730(8.609) = 6285 in.-kips = 523.8 ft-kips

Before the concrete cures, there is only dead load (no construction load in this
example). Hence, load combination 1 controls, and the factored load moment is

M, = 1.4(Mp) = 1.4(13 + 77) = 126 ft-kips
From the Z_ table in Part 3 of the Manual,
&M, = ¢,M,, = 270 ft-kips > 126 ft-kips ~ (OK)

After the concrete has cured, the factored load moment that must be resisted by the
composite beam is

M,=12M, + 1.6M, = 1.2(13 + 77) + 1.6(150) = 348 ft-kips
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Answer

ASD
solution

Answer

9.3

The design moment is
¢,M, = 0.9(523.8) = 471 ft-kips > 348 ft-kips (OK)
The beam has sufficient flexural strength.

Before the concrete cures, there is only dead load (there is no construction load in
this example).

M, = Mp =13 + 77 = 90 ft-kips

From the Z_ table in Part 3 of the Manual,
M = % = 179 ft-kips > 90 ft-kips (OK)
Q, Q,
After the concrete has cured, the required moment strength is
M,=M;,+ M, =13 + 77 + 150 = 240 ft-kips

M, 5238
= 2222 — 314 ft-kips > 204 ft-ki K
0, 167 P s (01

The beam has sufficient flexural strength.

Obviously, shored construction is more efficient than unshored construction
because the steel section is not called on to support anything other than its own
weight. In some situations, the use of shoring will enable a smaller steel shape to
be used. Most composite construction is unshored, however, because the additional
cost of the shores, especially the labor cost, outweighs the small savings in steel
weight that may result. Consequently, we devote the remainder of this chapter to
unshored composite construction.

EFFECTIVE FLANGE WIDTH

The portion of the floor slab that acts compositely with the steel beam is a function
of several factors, including the span length and beam spacing. AISC I3.1a requires
that the effective width of floor slab on each side of the beam centerline be taken as
the smallest of

1. one eighth of the span length,
2. one half of the distance to the centerline of the adjacent beam, or
3. the distance from the beam centerline to the edge of the slab.

The third criterion will apply to edge beams only, so for interior beams, the full
effective width will be the smaller of one fourth the span length or the center-to-
center spacing of the beams (assuming that the beams are evenly spaced).
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Example 9.4

A composite floor system consists of W18 X 35 steel beams spaced at 9 feet and sup-
porting a 4.5-inch-thick reinforced concrete slab. The span length is 30 feet. In addi-
tion to the weight of the slab, there is a 20 psf partition load and a live load of 125 psf
(light manufacturing). The steel is A992, and the concrete strength is f. = 4 ksi.
Investigate a typical interior beam for compliance with the AISC Specification if no
temporary shores are used. Assume full lateral support during construction and an
additional construction load of 20 psf. Sufficient steel anchors are provided for full
composite action.

The loads and the strength of the composite section are common to both the LRFD
and ASD solutions. These common parts will be presented first, followed by the
LRFD solution and then the ASD solution.

Loads applied before the concrete cures:
. 4.5
Slab weight = ED) (150) = 56.25 pst
(Although normal-weight concrete weighs 145 pcf, recall that reinforced concrete is

assumed to weigh 150 pcf.) For a beam spacing of 9 feet, the dead load is

56.25(9) = 506.3 Ib/ft
+ Beam weight = 35.0 1b/ft

541.3 1b/ft
The construction load is 20(9) = 180 Ib/ft, which is treated as live load.

Loads applied after the concrete cures: After the concrete cures, the construction
loads do not act, but the partition load does, and it will be treated as live load (see
Example 5.13):

wp = 506.3 + 35 = 541.3 Ib/ft
The live load is
w; = (125 + 20)(9) = 1305 Ib/ft
Strength of the composite section: To obtain the effective flange width, use either

Span _ 30(12)
4 4

=90in. or Beamspacing = 9(12) = 108 in.

Since this member is an interior beam, the third criterion is not applicable. Use
b = 90 inches as the effective flange width. Then, as shown in Figure 9.9, the com-
pressive force is the smaller of

AF, =10.3(50) = 515.0 kips



606 Chapter 9: Composite Construction

FIGURE 9.9 90" 0.8517
’4—* ‘y‘ —»’ ‘4— ¢3/2
a5} [ | af 7334?;_0/ ,
18.85”
17.7" Y5 s X
= 18.85"
P
<]

or
0.85f, A, = 0.85(4)(4.5 X 90) = 1377 kips

Use C = 515 kips. From Figure 9.9,

C 515
= = = 1.683 in.
085/ 0.85(4)(90) i
d a 1.683 :
=L 2885 +45 - = 1251in.
y=3 t > 8.85 +4.5 > 12.51 in

M, = Cy = 515(12.51) = 6443 in.-kips = 536.9 ft-kips

LRFD Before the concrete cures, the factored load and moment are

solution
w, = 12wy, + 16w, = 1.2(541.3) + 1.6(180) = 937.6 Ib/ft

1 1
M, = gwuLz = §(0.9376)(30)2 = 106 ft-kips
From the Z, table,
dpM,, = $,M,, = 249 ft-kips > 106 ft-kips (OK)
After the concrete cures, the factored load and moment are
w, = 12w, + 16w, = 1.2(541.3) + 1.6(1305) = 2738 1b/ft
1
M, = §(2.738)(30)2 = 308 ft-kips
The design strength of the composite section is

bM, = 0.90(536.9) = 483 ft-kips > 308 ft-kips  (OK)
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9.4 STEEL HEADED STUD ANCHORS

As we have shown, the horizontal shear force to be transferred between the
concrete and the steel is equal to the compressive force in the concrete, C. We
denote this horizontal shear force V'. Thus V' is given by the smallest of AF,,
0.85f.'A., or 2Q,. If AF, or 0.85f’A, controls, full composite action will exist
and the number of anchors required between the points of zero moment and

maximum moment is

9.2)

where Q,, is the nominal shear strength of one anchor. The N, anchors should be
uniformly spaced within the length where they are required. The AISC Specification
gives equations for the strength of both stud and channel anchors. As indicated at
the beginning of this chapter, stud anchors are the most common, and we consider
only this type. For one stud,

_ 7 AISCE ion I8-1
0, _O'SASH\/ESRgR A F (AISC Equation 18-1)

pisat u

where

A, = cross-sectional area of stud (in.?)
f, = 28-day compressive strength of the concrete (ksi)
E, = modulus of elasticity of the concrete (ksi)
R, = 1.0 for solid slabs (no formed steel deck)
R, = 0.75 for solid slabs

F, = minimum tensile strength of stud (ksi)

When a formed steel deck is used, R, and R, depend on the deck properties.
This is considered in Section 9.7 of this book, “Composite Beams with Formed
Steel Deck.”

For studs used as anchors in composite beams, the tensile strength F,, is 65 ksi
(AWS, 2015). Values given by AISC Equation I8-1 are based on experimental stud-
ies. No factors are applied to Q,, (neither a resistance factor for LRFD nor a safety
factor for ASD); the overall flexural resistance factor or safety factor accounts for
all strength uncertainties.

Equation 9.2 gives the number of anchors required between the point of zero
moment and the point of maximum moment. Consequently, for a simply sup-
ported, uniformly loaded beam, 2N, anchors will be required, and they should
be equally spaced. When concentrated loads are present, AISC I8.2¢ requires
that enough of the N, anchors be placed between the concentrated load and the
adjacent point of zero moment to develop the moment required at the load. We
denote this portion N,, and this requirement is illustrated in Figure 9.10. Note
that the total number of studs is not affected by this requirement.
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Miscellaneous Requirements for Steel Headed Stud Anchors
The following requirements are from AISC 18.1, 18.2, and 18.2d:

Maximum diameter = 2.5 X flange thickness of steel shape (unless placed
directly over the web) or 1” for solid slabs

Minimum length = 4 X stud diameter

Minimum longitudinal spacing (center-to-center) = 4 X stud diameter
Maximum longitudinal spacing (center-to-center) = 8 X slab thickness
= 30"

Minimum transverse spacing (center-to-center) = 4 X stud diameter
Minimum concrete cover in the direction perpendicular to the shear force,
V', = 1inch

Minimum distance from the center of a stud to a free edge in the direction
of the shear force = 8 inches for normal-weight concrete and 10 inches for
lightweight concrete.

The AWS Structural Code (AWS, 2015) lists standard stud diameters of '/, %,
%4, /3, and 1 inch. Matching these diameters with the minimum lengths prescribed
by AISC, we get the common stud sizes of 12 X 2, %8 X 24,34 X 3, 7% X 3/, and
1 X 4 (but longer studs may be used).

Example 9.5

Design steel headed stud anchors for the floor system in Example 9.4.

Solution Summary of data from Example 9.4:
W18 X 35, A992 steel

f! =4ksi

Slab thickness ¢ = 4.5 in.

Span length = 30 ft
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From Example 9.4, the horizontal shear force V' corresponding to full composite
action is

V' = C = 515 kips
Try %2 inch X 2-inch studs: The maximum permissible diameter is
2.5t = 2.5(0.425) = 1.063 in. or 1 in. > 0.5 in. (OK)

The cross-sectional area of one stud is

0.5)2
_m ; ) o 0.1963 in2

sa

If we assume normal-weight concrete, the modulus of elasticity of the concrete is
E.= wVF = (145)19V4 = 3492 ksi
From AISC Equation I8-1, the nominal shear strength of one stud is
0, =054, VfE = R,R,AF,
= 0.5(0.1963)V'4(3492) = 11.60kips

R,R,A,F, = 1.0(0.75)(0.1963)(65) = 9.570 kips < 11.60 Kips
Use O, = 9.570 kips.
and
Minimum longitudinal spacing is 4d = 4(0.5) = 2 in.
Minimum transverse spacing is 4d = 4(0.50) = 2 in.
Maximum longitudinal spacing is 8 = 8(4.5) = 36 in. (upper limit is 36 in.)
The number of studs required between the end of the beam and midspan is

V515
0, 9570

N, =538

Use a minimum of 54 for half the beam, or 108 total. If one stud is used at each sec-
tion, the required spacing will be

~30(12)
108

=3.331in.

For two studs per section,
~30(12)
* 7 108/2

= 6.67 in.
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Two 2" X 2" studs (typ.)
T T
53 equal spaces ’
47— < 4"
‘ @ 64"+ (108 studs) \
30’ -0" _{

Either arrangement is satisfactory; either spacing will be between the lower and up-
per limits. The layout shown in Figure 9.11 will be recommended. This layout is not
necessarily the final form the arrangement will take. Its purpose is to show that the
number of studs is compatible with the spacing requirements. A simple statement,
such as “Use 108 studs, placed in equally spaced pairs,” would suffice.

Use 108 studs, /4 in. X 2 in., placed as shown in Figure 9.11.

Note that there is no distinction between LRFD and ASD when designing steel
anchors for full composite behavior. This is because the required number of studs
is determined by dividing a nominal strength V' by a nominal strength Q,,, and no
applied loads are involved.

DESIGN

The first step in the design of a floor system is to select the thickness of the floor slab,
whether it is solid or ribbed (formed with steel deck). The thickness will be a function
of the beam spacing, and several combinations of slab thickness and beam spacing
may need to be investigated so that the most economical system can be found. The
design of the slab is beyond the scope of this text, however, and we will assume that
the slab thickness and beam spacing are known. Having made this assumption, we
can take the following steps to complete the design of an unshored floor system.

1. Compute the moments acting before and after the concrete cures.

2. Select a steel shape for trial.

3. Compare the available strength of the steel shape to the required moment
strength acting before the concrete cures. Account for the unbraced length
if the formwork does not provide adequate lateral support. If this shape is
not satisfactory, try a larger one.

4. Compute the available strength of the composite section and compare it to
the total required moment strength. If the composite section is inadequate,
select another steel shape for trial.

5. Check the shear strength of the steel shape.
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FIGURE 9.12

6. Design the steel anchors:

a. Compute V', the horizontal shear force at the interface between the con-
crete and the steel.

b. Divide this force by Q,, the shear capacity of a single stud, to obtain
N,, which, in most cases, is half the total number of studs required. Us-
ing this number of studs will provide full composite behavior. If partial
composite action is desired, the number of studs can be reduced (this is
covered in Section 9.7).

7. Check deflections (we cover this in Section 9.6).

The major task in the trial-and-error procedure just outlined is the selection of
a trial steel shape. A formula that will give the required area (or, alternatively, the
required weight per foot of length) can be developed if a beam depth is assumed.
Assuming full composite action and the PNA in the slab (i.e., steel controlling, the
most common case for full composite action), we can write the nominal strength
(refer to Figure 9.12) as

M, =Ty=AF)y

LRFD Procedure. Equate the design strength to the factored load moment and
solve for A

d)an = d)bAsFyy = Mu
M

u

A =
’ <l>bey

or

A M, (9.3)
s d a '

(i)be(z +1— 2)

Equation 9.3 can be modified to give a required weight per linear foot, rather than
a required area. If we incorporate a few approximations, we also get a simplified

—-T

t
)
7
|
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version (Aminmansour, 2016). Letting M, have units of ft-kips, setting F, = 50 ksi,
and recalling that steel weighs 490 Ib/ft3, we get

Ib/f M, f-kips 490 Ib/ft3
t = t
v $(F, kips/in2) (12 in./ft) (y in.)

M, (490)  0.907M, M,

= = 9.4
0.90(50)(12)y y y ©4)
where
y = moment arm of the internal resisting couple
d a
=—+it—
2 2
ASD Procedure
O, (M, ft-kips
wib/ft = ——— ,b(z PRI g g
(F, kips/in.%) (12 in./ft) (y in.)
1.67M (490) 1.36M, 14M
= 490) ‘= : (9.5)

50(12)y y y

Both Equations 9.4 (LRFD) and 9.5 (ASD) require an assumed depth and an esti-
mate of d/2. The stress block depth will generally be very small; consequently, an
error in the estimate of a/2 will have only a slight effect on the estimated value of
A,. An assumed value of a/2 = 0.5 inch is suggested.

Example 9.6

The span length of a certain floor system is 30 feet, and the beam spacing is
10 feet center-to-center. Select a rolled steel shape and the steel anchors needed
to achieve full composite behavior with a 3.5-inch-thick reinforced concrete floor
slab. Superimposed loading consists of a 20 psf partition load and a 100 psf live
load. Concrete strength is f = 4 ksi, and A992 steel is to be used. Assume that
the beam has full lateral support during construction and that there is a 20 psf
construction load.

Solution Loads to be supported before the concrete cures are

Slab: (3.5/12)(150) = 43.75 pst
Weight per linear foot: 43.75(10) = 437.5 Ib/ft
Construction load: 20(10) = 200 Ib/ft
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(The beam weight will be accounted for later.)
Loads to be supported after the concrete cures are

Wp = Wyu, = 437.5 Ib/ft
w, = (100 + 20)(10) = 1200 Ib/ft

where the 20 psf partition load is treated as a live load.

LRFD The composite section must resist a factored load and moment of

solution
w, = 12w, + 16w, = 1.2(437.5) + 1.6(1200) = 2445 Ib/ft

1 1
M, = gw,L? = £(2.445)(30)? = 275 ft-kips

Try a nominal depth of d = 16 inches: The internal moment arm is

d a 16 .
=—+f——=—"+35-05= :
y 2 t =% 35—-05=111in

From Equation 9.4, the estimated beam weight is

M, 275
= = —=251b/f
w y 11 51b/ft

Try a W16 X 26: Check the unshored steel shape for loads applied before the con-
crete cures (the weight of the slab, the weight of the beam, and the construction load).

w, = 1.2(0.4375 + 0.026) + 1.6(0.200) = 0.8762 kips/ft
1
M, = 5(08762)(30)? = 98.6 fit-kips

From the Z, table,
dpM,, = $,M,, = 166 ft-kips > 98.6 ft-kips (OK)
After the concrete cures and composite behavior has been achieved,

Wp = Wean + Wpeam = 04375 + 0.026 = 0.4635 kips/ft
w, = 12w, + 16w, = 1.2(0.4635) + 1.6(1.200) = 2.476 kips/ft

1 1
w, L2 = £(2476)(30)? = 279 fi-kips

M:
“ 8
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Before computing the design strength of the composite section, we must first
determine the effective slab width. For an interior beam, the effective width is the
smaller of

Span _ 30(12)
4 4

=90in. or Beam spacing = 10(12) = 120 in.

Use b = 90 in. For full composite behavior, the compressive force in the concrete
at ultimate (equal to the horizontal shear at the interface between the concrete and
steel) will be the smaller of

AF, = 7.68(50) = 384 kips
or

0.85f,/A, = 0.85(4)(90)(3.5) = 1071 kips
Use C = V' = 384 kips. The depth of the compressive stress block in the slab is

C 384

= - = 1.255 in.
085776 085(4)(00) _ 2>>n

a

and the moment arm of the internal resisting couple is

d a 157 1.255 .
=—+t——=—"—+35-—""=1072in.
y 2 t > 2 3.5 ) 10.72 in

The design flexural strength is

dpM,, = b,(Cy) = 0.90(384)(10.72)
= 3705 in.-kips = 309 ft-kips > 279 ft-kips ~ (OK)

Check the shear:

- w,L _ 2.476(30) — 371 kips
“ 2 2
From the Z, table,

¢,V, = 106 kips > 37.1 kips (OK)
Use a W16 X 26.

Design the steel anchors.

Maximum diameter = 2.5, = 2.5(0.345) = 0.863 in. < 1 in.
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Try % inch x 2 inch studs:

d=1/2in. < 0.863in.  (OK)

d? 0.5)°
Au="r= at ; S 01963 in>

For normal weight concrete,
E, = wVF! = (145)5V4 = 3492 ksi

From AISC Equation I3-3,

Q,=05A,Vf/E .= R,R,AF,
= 0.5(0.1963)\/4(3492) = 11.60kips
R R, A F, = 1.0(0.75)(0.1963)(65)
= 9.570 kips < 11.60 kips ... Use Q, = 9.570 kips.

The number of studs required between the end of the beam and midspan is

V' 384
N, = o = 9570 40.1 .. Use 41 for half the beam, or 82 total.

and

Minimum longitudinal spacing is 4d = 4(0.5) = 2 in.
Minimum transverse spacing is 4d = 4(0.5) = 2 in.
Maximum longitudinal spacing is 8¢ = 8(3.5) = 28 in. (< 36 in. upper limit)

If one stud is used at each section, the approximate spacing will be

30(12)
ST T

4.4 in.

This spacing is between the upper and lower limits and is therefore satisfactory.

Answer Use the design shown in Figure 9.13.

ASD
solution

The composite section must resist a service load and moment of

w, = wp +w, = 437.5 + 1200 = 1638 Ib/ft

1 1
M, = gw,L? = S(1.638)(30)? = 1843 fi-kips
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Y2 % 2" Studs
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W16 X 26

Try a nominal depth of d = 16 inches: The internal moment arm is

d a 16 .
=—+f—=>=—+35-05= .
y=3 t ) 35-05=11in
From Equation 9.5, the estimated beam weight is
_14M,  1.4(184.3)

y 11

W — 23 b /ft

Try a W16 X 26: Check the unshored steel shape for loads applied before the con-
crete cures (the weight of the slab, the weight of the beam, and the construction load).

Wy = Waan + Weam + Weonst = 04375 + 0.026 + 0.200 = 0.6635 Ib/ft

'z const
1 1
M, = SV 12 = §(0‘6635)(30)2 = 74.6 ft-kips

From the Z, table,

Mn MP . g

— = — = 110 ft-kips > 74.6 ft-kips (OK)

Q, Q
After the concrete cures and composite behavior has been achieved, the load
and moment are

W, = Waan + Woeam + Woar + W, = 04375 + 0.026 + 0.200 + 1.000 = 1.664 kips/ft

part

1
M, = ¢ (1.664)(30)? = 187 ft-kips

The effective slab width for a typical interior beam is the smaller of

Span 30 X 12
4 4

90 in. or Beam spacing = 10 X 12 = 120 in.
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Use b = 90 in. For full composite behavior, the compressive force in the concrete
at ultimate (equal to the horizontal shear at the interface between the concrete and
steel) will be the smaller of

AF, =7.68(50) = 384 kips
or

0.85f/ A, = 0.85(4) (3.5 X 90) = 1071 kips
Use C = 384 kips.

C 384
= = = 1.255 in.
4= 085fb  0854)(0)  2>m
d a 157 1255 .
= +t--=""+35-"""=1072in.
y=3 t > > 3.5 > 10.72 in

The allowable flexural strength is

M, Cy 384(10.72
St 384(10.72) = 2465 in.-kips = 205 ft-kips > 187 ft-kips (OK)

Q, Q, 1.67
Check shear:
v - w,L _ 1.664(30) _ 250 kips
2 2
From the Z, table,

1%
ng = 70.5 kips > 25.0kips  (OK)

Vv

Answer Use a W16 X 26.

The ASD design of the steel anchors is identical to what was done for LRFD and
will not be repeated here.

Answer Use the design shown in Figure 9.13.

9.6 DEFLECTIONS

Because of the large moment of inertia of the transformed section, deflections in
composite beams are smaller than in noncomposite beams. For unshored construc-
tion, this larger moment of inertia is available only after the concrete slab has cured.
Deflections caused by loads applied before the concrete cures must be computed with
the moment of inertia of the steel shape. A complication arises if the beam is subject
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to sustained loading, such as the weight of partitions, after the concrete cures. In
positive moment regions, the concrete will be in compression continuously and is
subject to a phenomenon known as creep. Creep is a deformation that takes place
under sustained compressive load. After the initial deformation, additional deforma-
tion will take place at a very slow rate over a long period of time. The effect on a com-
posite beam is to increase the curvature and hence the vertical deflection. Long-term
deflection can only be estimated; one technique is to use a reduced area of concrete in
the transformed section so as to obtain a smaller moment of inertia and a larger com-
puted deflection. The reduced area is computed by using 2#n or 3n instead of the actual
modular ratio n. For ordinary buildings, the additional creep deflection caused by
sustained dead load is very small, and we will not cover it in this book. If a significant
portion of the live load is considered to be sustained, then creep should be accounted
for. Detailed coverage of this topic, as well as deflections caused by shrinkage of the
concrete during curing, can be found in Viest et al. (1997). A method for estimating
the shrinkage deflection can be found in the Commentary to the Specification.

Use of the transformed moment of inertia to compute deflections in composite
beams tends to underestimate the actual deflection (Viest, et al., 1997). To com-
pensate for this, the Commentary to the Specification recommends the use of a
lower-bound moment of inertia, /; 5, which is a conservative underestimation of the
elastic moment of inertia.

In this book, we will use the lower-bound moment of inertia to compute deflec-
tions in composite beams. This approach is recommended by Viest, et al. (1997).

The chief simplification made in the computation of /;  is that only part of the
concrete is used in computing the transformed area. Only that part of the concrete
used in resisting the bending moment is considered to be effective. The force in the
concrete is C, and the corresponding concrete area in the transformed section is

C C

stress in transformed area Fy

c

As a further simplification, the moment of inertia of the concrete about its own cen-
troidal axis is neglected. The procedure is illustrated in Example 9.7.

Example 9.7

A design has resulted in a composite beam with a total slab thickness of 4/ inches
and a W16 X 31 of A992 steel. The compressive force in the concrete is C = 335 kips,
and the depth of the stress block is @ = 1.0 inch. Compute the lower-bound moment
of inertia.

Solution The area of transformed concrete to be used is

_C 35 o2
AC_Fy_ 50 = 6.7 in.
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The thickness of this portion of the slab will be equal to a, the depth of the concrete
stress block. We define the distance from the top of the steel shape to the centroid
of the concrete as Y2, where

a 1.0 .
Y2—t—§—4.5—7—4.0m.

The corresponding transformed section is shown in Figure 9.14, and the computa-
tions are summarized in Table 9.4. To locate the centroid, take moments about an
axis at the bottom of the steel shape.

FIGURE 914 A_.=6.700 in.2

n
Y2 4.5"
A ==/ T
15.9"
y
TABLE 9.4 Component A y Ay I d I+Ad
Concrete 6.700 19.9 133.3 — 6.89 318.1
W16 X 31 9.13 7.95 72.58 375 5.06 608.8
Sum 15.83 205.9 926.9 in.*
SAy 2059

5= 22 _ 252 _ 43041 in.
V=734 " 1583 130ln

Answer ILB =927 in*

Example 9.8

Compute deflections for the beam in Example 9.4.

Solution Selected data from Example 9.4:

W18 X 35, A992 steel
Slab thickness ¢ = 4.5 in.
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Dead load applied before concrete cures is w,, = 541.3 Ib/ft (slab plus beam)
Construction load is w,, = 180 Ib/ft

Live load is w, = 125(9) = 1125 Ib/ft

Partition load is w_,., = 20(9) = 180 lb/ft

part

Immediate deflection: For the beam plus the slab, w = 541.3 1b/ft and

_SwL* 5(0.5413/12)(30 X 12)*

= = = 0.6670 in.
U7 384EI, 384(29,000)(510) o
The construction load is w = 180 1b/ft and
5wL*  5(0.180/12)(30 x 12)*
a, = WL _ S(O180712)( ) 02218n.

 384EI.  384(29,000)(510)

The total immediate deflectionis A; + A, = 0.6670 + 0.2218 = 0.889 in.

For the remaining deflections, the lower-bound moment of inertia will be
needed. From Example 9.4, a = 1.683 in., and C = 515 kips. The area of concrete
to be used is

C 515
A =—=""=1031in2
. Fy 50 0.3 in

The distance from the top of the steel shape to the centroid of the concrete is

a 1.683 .
Y2 = t—5—4.5 —7—3.6591&

Figure 9.15 shows the corresponding transformed section. The computa-

tions for the neutral axis location and the moment of inertia are summarized in
Table 9.5.

FIGURE 9.15 A.=10.3 in.?

v -
ﬁsg” 4.5”
—

17.7"

~I
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TABLE 9.5

Answer

9.7

Component A y Ay I d I+Ad
Concrete 10.30 21.36 220.0 — 6.25 402
W18 X 35 10.30 8.85 91.2 510 6.26 914
Sum 20.60 311.2 1316 in.*
2A
=T T i

YISy T 2060

The deflection caused by the partition weight is

WLt 5(0.180/12)(30 X 12)°

= = = 0.08596 in.
37T 384EI,,  384(29,000)(1316) n
The deflection caused by the live load is
Sw Lt 5(1.125/12)(30 X 12)*
L7 5(1L125/12)( V053721,

47 384E1 LB 384(29,000)(1316)
The following is a summary of the deflections:

Immediate deflection, before composite behavior is attained:
A, + A, =0.6670 + 0.2218 = 0.889 in.

Deflection after composite behavior is attained, with partitions but no live load:
A, +A; =0.6670 + 0.08596 = 0.753 in.

Total deflection, with live load:

A +A; + A, =0.6670 + 0.08596 + 0.5372 = 1.29 in.

COMPOSITE BEAMS WITH FORMED STEEL DECK

The floor slab in many steel-framed buildings is formed on ribbed steel deck, which
is left in place to become an integral part of the structure. Although there are
exceptions, the ribs of the deck are usually oriented perpendicular to floor beams
and parallel to supporting girders. In Figure 9.16, the ribs are shown perpendicular
to the beam. The installation of steel headed stud anchors is done in the same way
as without the deck; the studs are welded to the beam flange directly through the
deck. The attachment of the deck to the beam can be considered to provide lateral
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support for the beam before the concrete has cured. The design or analysis of com-
posite beams with formed steel deck is essentially the same as with slabs of uniform
thickness, with the following exceptions.

1. The concrete in the ribs—that is, below the top of the deck—is neglected
in determining section properties when the ribs are perpendicular to the
beam [AISC I3.2¢(2)]. When the ribs are parallel to the beam, the con-
crete may be included in determining section properties and in computing
A, [AISC13.2¢(3)].

2. The shear strength of the studs could be reduced when a deck is used. This
will depend on the placement of the studs in the ribs.

3. Full composite behavior will not usually be possible. The reason is that the
spacing of the studs is limited by the spacing of the ribs, and the exact num-
ber of required studs cannot always be used. Although partial composite
design can be used without formed steel deck, it is covered here because it
is almost a necessity with formed steel deck. This is not a disadvantage; in
fact, it will be the most economical alternative.

Most composite beams with formed steel deck are floor beams with the deck ribs
oriented perpendicular to the beam, and we limit our coverage to this case. Special
requirements that apply when the ribs are parallel to the beam are presented in
AISC 13.2¢(3) and 18.2a.

Shear Strength of Anchors Used with Steel Deck
The shear strength of one stud depends on the values of R, and R, in

0, = 05A,Vf/E, = RR,AF, (AISC Equation I8-1)

If the studs are welded directly to the top flange of the steel beam (no deck), R, =0.75
and R, = 1.0. With a formed steel deck, these constants can take on different values.
For deck ribs oriented perpendicular to the beam, the values are

R, = 1.0 for one stud per rib

= 0.85 for two studs per rib (as in Figure 9.16)
= 0.7 for three or more studs per rib



624 Chapter 9: Composite Construction

Solution

Answer

R, = 0.75 for e jq. = 2 in.
= 0.6 for e,,;q.p < 21in.

emig-nt = distance from mid-height of the rib to the edge of the stud, measured
in the load-bearing direction (toward the point of maximum moment
in a simply supported beam)

Most steel deck is manufactured with a longitudinal stiffener in the middle of the rib,
so the stud must be placed on one side or the other of the stiffener. Tests have shown
that placement on the side farthest from the point of maximum moment results in
a higher strength. Since it is difficult to know in advance where the stud will actu-
ally be placed, it is conservative to use a value of R, = 0.6. In this book, we will use
R, = 0.6 when formed steel deck is used.

Example 9.9

Determine the shear strength of a 4-in. X 21%-in. stud, where there are two studs
per rib. The 28-day compressive strength of the concrete is f, = 4 ksi (E, = 3492 ksi).

B (0.5)?
sa 4
0, =054, Vf'E, = R,R,AF,

= 0.5(0.1963)\/4(3492) = 11.60 kips

A = 0.1963 in.?

Upper limit:

R,R,A,,F, = 0.85(0.6)(0.1963)(65) = 6.51 kips

p“isat u
Since 11.60 kips > 6.51 kips, the upper limit controls.
Q, = 6.51 kips

Partial Composite Action

Partial composite action exists when there are not enough steel anchors to com-
pletely prevent slip between the concrete and steel. Neither the full strength of the
concrete nor that of the steel can be developed, and the compressive force is limited
to the maximum force that can be transferred across the interface between the steel
and the concrete —that is, the strength of the studs, 20Q,,. Recall that C is the smallest
of AF,, 0.85f,'Ac, and 2Q,,.

With partial composite action, the plastic neutral axis (PNA) will usually fall
within the steel cross section. This location will make the strength analysis some-
what more difficult than if the PNA were in the slab, but the basic principles are
the same.
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The steel strength will not be fully developed in a partially composite beam, so a
larger shape will be required than with full composite behavior. However, fewer stud
anchors will be required, and the costs of both the steel and the studs (including the
cost of installation) must be taken into account in any economic analysis. Whenever
a fully composite beam has excess capacity, which almost always is the case, the de-
sign can be fine-tuned by eliminating some of the studs, thereby creating a partially
composite beam.

Miscellaneous Requirements
The following requirements are from AISC Section I3.2c. Only those provisions not
already discussed are listed.

¢ Maximum rib height /2, = 3 inches.

® Minimum average width of rib w, = 2 inches, but the value of w, used in the
calculations shall not exceed the minimum clear width near the top of the
deck.

e Maximum stud diameter = % inch. This requirement for formed steel deck

is in addition to the usual maximum diameter of 2.5¢,.

Minimum height of stud above the top of the deck = 1!/ inches.

Minimum cover above studs = !/ inch.

Minimum slab thickness above the top of the deck = 2 inches.

The deck must be attached to the beam flange at intervals of no more than

18 inches, either by the studs or spot welds. This is for the purpose of resisting

uplift.

Slab and Deck Weight

To simplify computation of the slab weight, we use the full depth of the slab, from
bottom of deck to top of slab. Although this approach overestimates the volume of
concrete, it is conservative. For the unit weight of reinforced concrete, we use the
weight of plain concrete plus 5 pcf. Because slabs on formed metal deck are usu-
ally lightly reinforced (sometimes welded wire mesh, rather than reinforcing bars,
is used), adding 5 pcf for reinforcement may seem excessive, but the deck itself can
weigh between 2 and 3 psf.

An alternative approach is to use the thickness of the slab above the deck plus
half the height of the rib as the thickness of concrete in computing the weight of the
slab. In practice, the combined weight of the slab and deck can usually be found in
tables furnished by the deck manufacturer.

Example 9.10

Floor beams are to be used with the formed steel deck shown in Figure 9.17 and
a reinforced concrete slab whose total thickness is 4.75 inches. The deck ribs are
perpendicular to the beams. The span length is 30 feet, and the beams are spaced
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FIGURE 9.17

Solution

LRFD
solution

i
— Q4" | e—

at 10 feet center-to-center. The structural steel is A992, and the concrete strength
is f." = 4 ksi. The slab and deck combination weighs 50 psf. The live load is 120 psf,
and there is a partition load of 10 psf. No shoring is used, and there is a construction
load of 20 psf.

a. Select a W-shape.

b. Design the steel anchors.

¢. Compute deflections. The maximum permissible live-load deflection is /360
of the span length.

Compute the loads (other than the weight of the steel shape). Before the concrete
cures,

Slab wt. = 50(10) = 500 Ib/ft
Construction load = 20(10) = 200 Ib/ft

After the concrete cures,
Partition load = 10(10) = 100 Ib/ft
Live load = 120(10) = 1200 Ib/ft

a. Beam design: Select a trial shape based on full composite behavior.

wp = slab wt. = 500 Ib/ft
w, = live load + partition load = 1200 + 100 = 1300 Ib/ft
w, = 12w, + 1.6w, = 1.2(0.500) + 1.6(1.300) = 2.68 kips-ft

1 1
M, = gw,L* = £ (2.68)(30)? = 3015 ft-kips

Assume that d = 16 in., a/2 = 0.5 in., and estimate the beam weight from
Equation 9.4:

~ 3.4M, N 3.4(301.5 X 12)
¢, F(d/2 + 1 —a/2)  0.90(50)(16/2 + 4.75 — 0.5)

w = 22.3 1b/ft



FIGURE 9.18

9.7: Composite Beams with Formed Steel Deck 627

Try a W16 X 26: Check the flexural strength before the concrete has cured.

w,= 12w, + 1.6w, = 1.2(0.500 + 0.026) + 1.6(0.200) = 0.9512 kips/ft
M, = (1/8)(0.9512)(30)? = 107 ft-kips
A W16 X 26 is compact for F, = 50 ksi, and since the steel deck will provide ad-

equate lateral support, the nominal strength, M,, is equal to the plastic moment
strength, M,,. From the Z, table,

M, = 166 ft-kips > 107 ftkips ~ (OK)

After the concrete has cured, the total factored load to be resisted by the composite
beam, adjusted for the weight of the steel shape, is

w, = 12wy, + 16w, = 1.2(0.500 + 0.026) + 1.6(1.300) = 2.711 kips/ft
1

1 .
M, = S 2= §(2'711)(30)2 = 305 ft-kips

The effective slab width of the composite section will be the smaller of

Span  30(12)
4 4

Use b = 90 in. For full composite action, the compressive force, C, in the concrete is
the smaller of

=90in. or Beam spacing = 10(12) = 120 in.

A,F, = 7.68(50) = 384.0 kips
or
0.85f/ A, = 0.85(4)[90(4.75 — 1.5)] = 994.5 kips

where only the concrete above the top of the deck has been accounted for in the sec-
ond equation, as illustrated in Figure 9.18. With C = 384.0 kips, the depth of the
compressive stress distribution in the concrete is

C 384.0

= = — 1.255 in.
08576 085(4)(90) 2210

a

: 90"

32574 1 i=aas




628 Chapter 9: Composite Construction

Answer

The moment arm of the internal resisting couple is

d

y=—+t

_a_157 1255
2 2

—— 4475 - —=—=11.97in.
> 475 > 11.97 in

and the design strength is

0.90(384.0)(11.97)
an = 12

— 345 ft-kips > 305 ftkips  (OK)

Check the shear:
w, L  2.711(30) .
V,= T > = 40.7 kips

From the Z, table,
¢,V, = 106 kips > 40.7 kips (OK)
Use a W16 X 26.

b. Steel Anchors: Because this beam has an excess of moment strength, it will
benefit from partial composite behavior. We must first find the steel anchor
requirements for full composite behavior and then reduce the number of an-
chors. For the fully composite beam, C = V' = 384.0 kips.

Maximum stud diameter = 2.5¢, = 2.5(0.345) = 0.8625 in.
3.
or —in. (controls)
Try ¥4-inch X 3-inch studs (A, = 0.4418 in.?), one at each section:
For f = 4 ksi, the modulus of elasticity of the concrete is
E, = wSVf! = 145'9V4 = 3492 ksi
From AISC Equation I3-3, the shear strength of one stud is

0, = 0.5A4,,Vf/E, = R,R,A,F,
0.5(0.4418)\/4(3492) = 26.11 kips
1.0(0.6)(0.4418)(65)

R,R,AF,
= 17.23 kips < 26.11 kips . Use Q, = 17.23 kips.
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The number of studs required between the end of the beam and midspan is

V3840
0, 17.23

Use 23 for half the beam, or 46 total.
With one stud in each rib, the spacing is 6 inches, and the maximum number
that can be accommodated is

30(12)
T = 60 > 46 total

=223

Ny

With one stud in every other rib, 30 will be furnished, which is fewer than
what is required for full composite action. However, there is an excess of flexural
strength, so partial composite action will probably be adequate.

Try 30 studs per beam, so that N, provided = 30/2 = 15:
>0, = 15(17.23) = 258.5 kips < 384.0 kips 2. C=V'"=258.5 kips.

Because C is smaller than A F), part of the steel section must be in compression, and
the plastic neutral axis is in the steel section.

To analyze this case, we first determine whether the PNA is in the top flange
or in the web. This can be done as follows. Assume that the PNA is in the flange,
and solve for the exact location. If the result is consistent with the assumption, then
the PNA is in the top flange. From Figure 9.19, equilibrium of forces requires that

C+C,~T=0
258.5 + F,byt’ — F, (A, — byt') =0

258.5 + 50(5.50)¢" — 50(7.68 — 5.50¢) = 0
t' = 0.2282 in.

Since bf = 0.3451in., ¢ is less than bf, and the PNA is in the flange, as assumed.

L 1 | =<—c
f’* E ! —<—C
y
+ —> T
v
I [ |
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TABLE 9.6 Component A y Ay
W16 X 26 7.68 15.7/2 = 7.85 60.29
Flange segment —0.2282(5.50) = —1.255  0.2282/2 = 0.1141 —0.14
Sum 6.425 60.15
Ay 60.15

== 3
V=S4 T eans  362in

The moment strength (the internal resisting couple) can then be computed as
the sum of the moments of the forces about any convenient location; we will take
moments about the tensile force. The tensile force acts at the centroid of the area
below the PNA. The calculations for y, which is the distance from the top of the
steel shape to the tensile force, are summarized in Table 9.6.

The depth of the compressive stress block in the concrete is

C 258.5

= = = 0.8448 in.
085f'b _ 0.85(4)(90) _ e8I

a

Moment arm for the concrete compressive force is

0.8448
F4+1— g = 9362+ 475 — ——— = 1369 in.

Moment arm for the compressive force in the steel is

0.2282

t!
y— 5= 9.362 — = 9.248 in.

Taking moments about the tensile force and using the notation of Figure 9.19, we
obtain the nominal strength:

M, = C(13.69) + C,(9.248)
= 258.5(13.69) + [50(5.50)(0.2282)](9.248) = 4119 in.-kips
= 343.3 ft-kips

The design strength is
¢,M,, = 0.90(343.3) = 309 ft-kips > 305 ft-kips (OK)

The deck will be attached to the beam flange at intervals of 12 inches, so no spot
welds will be needed to resist uplift.



FIGURE 9.20

9.7: Composite Beams with Formed Steel Deck 631

¢, beam
. 14 spaces @12" ‘ ‘ ,
| (15 studs) ©
‘ .‘l. .Hf“ One %" X 3" stud
A\ |
| 150" |
I 1

Answer Use the stud anchors shown in Figure 9.20.

c. Deflections: Before the concrete has cured,

Wp = Waab T Wheam = 0-500 + 0.026 = 0.526 kips/ft

_ SwpLt 5(0.526/12)(30 X 12)*
U7 384EI 384(29,000)(301)

= 1.098 in.

The deflection caused by the construction load is

A= SWeonst L _ 5(0.200/12)(30 X 12)* _ 0418 in
2 384EI 384(29,000)(301) ’ ’

The total deflection before the concrete has cured is
A+ A, =1.098 + 0.418 = 1.52 in.

For deflections that occur after the concrete has cured, the lower-bound
moment of inertia of the transformed section will be used. The area of concrete
to be used is

4,=5 2% 51712

‘¢ F 50

and the distance from the top of the steel shape to the centroid of the concrete is

0.8448

Y2=¢- g =475 - = 4.328in.
Figure 9.21 shows the corresponding transformed section. The computations
for the neutral axis location and the moment of inertia are summarized in Table 9.7.
The deflection caused by the live load is

Sw Lt 5(1.200/12)(30 X 12)* 09931
37 384EI,,  384(29,000)(759.4)
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FIGURE 9.21 4_=5.17 in.2

v —4'—4 S5
4.328" :
=7
15.7"
y
TABLE 9.7 Component A y Ay T d T+ Ad*
Concrete 5.17 20.03 103.6 — 7.28 274.0
W16 X 26 7.68 7.85 60.3 301 4.90 485.4
Sum 12.85 163.9 759.4 in.*
ZAy  163.9

y=t =222 _1275in.
YTS) T 1285 i

The maximum permissible live-load deflection is

L _3002) L o0in > 09931 (OK
360 360 o @

The deflection caused by the partition load is

Swoanl? 5(0.100/12)(30 x 12)* '
= = = 0.0828 in.
384EI,,  384(29,000)(759.4)

Ay

The total deflection is
A+ A+ A, =1.098 + 0.9931 + 0.0828 = 2.17 in.
Answer The live-load deflection is satisfactory.

ASD a. Beam design: Select a trial shape based on full composite behavior.

solution
wp = slab wt. = 500 Ib/ft

w, = live load + partition load = 1200 + 100 = 1300 Ib/ft
w,=wp +w,; = 0.500 + 1.300 = 1.800 kips/ft

1 1
M,= gwaL2 = §(1.8OO)(30)2 = 202.5 ft-kips
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Assume that d = 16 in., a/2 = 0.5 in., and estimate the beam weight from Equa-
tion 9.6:

340,M,  3.4(1.67)(2025 X 12)

d a 16
o — +4.75-0.
Fy<2 t 2) 50( > 4.75 05)

Try a W16 X 26: Check the flexural strength before the concrete has cured.

W= — 22.53 Ib/ft

Wy = Waan + Woeam + Weonst = 0-5000 + 0.026 + 0.200 = 0.7260 Ib/ft

const

1 1
M, = gWaLZ = §(0.7260)(30)2 = 81.7 ft-kips
From the Z, table,
M, M, . :
— = —= =110 ft-kips > 81.7 ft-kips (OK)
Q, Q,

After the concrete cures and composite behavior has been achieved, the load and
moment are

W, = Wap T Wheam T W7, = 0.500 + 0.026 + 1.300 = 1.826 kips/ft
1
M,= 3 (1.826)(30)? = 205 ft-kips

The effective slab width of the composite section is the smaller of

Span 30 X 12
4 4

=90in. or Beamspacing = 10 X 12 = 120 in.

Use b = 90 in. For full composite behavior, the compressive force in the concrete
at ultimate (equal to the horizontal shear at the interface between the concrete and
steel) will be the smaller of

AF, = 7.68(50) = 384.0 kips
or
0.85f/ A, = 0.85(4)[90(4.75 — 1.5)] = 994.5 kips

Only the concrete above the top of the deck has been accounted for. With C = 384.0 kips,
the depth of the compressive stress distribution in the concrete is

C 384.0
~ = — 1255 in.
“T085/b 0.85(4)(90) i
d a 157 1255 .
=—+4+t——=——"+4"15———=11. .
y=3 t > > 4.75 > 11.97 in
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and the allowable flexural strength is

M, Cy 384.0(11.97) L . .
—=-—=————"=2752in.-kips = 229 ft-kips > 205 ft-kips (OK)

Q, Q, 167
Check shear:
w,L  1.826(30) :
V,= T > = 27.4 kips

From the Z, table,

1%
ng = 70.5 kips > 27.4kips  (OK)

v

Answer Use a W16 X 26.

b. Steel anchors: The design of the steel anchors is the same for both LRFD and
ASD. From the LRFD solution, for one %4-inch X 3-inch stud every other rib,

M,, = 343.3 in.-kips
The allowable moment strength is therefore

M, 3433
= —— = 206 ft-kips > 205 ft-ki K
0, 167 ips ips  (OK)

Answer Use the steel anchors shown in Figure 9.20.

c. Deflections: The computation of deflections is the same for LRFD and ASD.
See the LRFD solution.

Ductility in Partially Composite Beams
Ductility in a composite beam is the property of the beam that allows slip between
the steel and concrete without fracturing the stud anchors. This is not a concern in a
fully composite beam, but it can be an issue in a partially composite beam.
Ductility depends on the load transfer being uniform along the length of the
composite section and is influenced in part by the span length and the degree of
composite behavior. Based on recent studies (Selden, et al., 2015), there may not be
enough ductility if the composite behavior is less than 50% of full composite behav-
ior. The Commentary to AISC Specification 13.2d states that ductility requirements
will be satisfied if one of the following conditions is satisfied:

1. The beam span length is no greater than 30 feet.

2. The beam is at least 50% composite. This is the ratio of the force at the
interface (2Q,) to the force for full composite action (A,F,).

3. The average shear strength furnished by the connectors within the length
between the point of zero moment and the point of the maximum moment
(the “shear span”) is at least 16 kips/ft.
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Example 9.11
Check ductility for the partially composite beam designed in Example 9.10.

Because the span length is only 30 feet, the first of the conditions listed in the Com-
mentary is satisfied, and there is adequate ductility. However, to illustrate the other
two conditions, they will be evaluated here. The percent of full composite behavior is

20, 258.5
% 100 = =222 % 100 = 67.3%
AF, 384.0

Since this is greater than 50%, this condition is satisfied. For the third condition, the
average shear strength is

20, 2585
span/2  30/2

= 17.2 kips/ft

Since this is greater than 16 kips/ft, the third criterion is also satisfied.

The beam has sufficient ductility.

TABLES FOR COMPOSITE BEAM
ANALYSIS AND DESIGN

When the plastic neutral axis is within the steel section, computation of the flexural
strength can be laborious. Formulas to expedite this computation have been developed
(Hansell et al., 1978), but the tables presented in Part 3 of the Manual are more con-
venient. Three tables are presented: strengths of various combinations of shapes and
slabs; tables of lower-bound moments of inertia; and a table of steel headed stud anchor
strength Q, for various combinations of stud size, concrete strength, and deck geometry.

The available flexural strength is given in Table 3-19 of the Manual for seven
specific locations of the plastic neutral axis, as shown in Figure 9.22: top of the
flange (TFL), bottom of the top flange (BFL), three equally spaced levels within
the top flange, and two locations in the web. Strengths given for PNA location 1
(TFL) are also valid for PNA locations within the slab.

The lowest PNA location, level 7, corresponds to 2Q, = 0.25A,F,. Although
this is the traditional lower limit (Hansell, et al., 1978), recent research (Selden,
et al., 2015) indicates that to ensure ductility, a lower limit of 20, = 0.50A F) is
preferable. (Footnote d in Table 3-19 cautions against using too little composite be-
havior.) PNA location 6 corresponds to a 2Q,, midway between 2Q,, for level 5 and
20, for level 7. For each combination of shape and slab, two strengths are given in
Table 3-19. For LRFD, the design strength ¢,M, is tabulated. For ASD, the allow-
able strength M, /Q, is tabulated.
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FIGURE 9.22 | | -1 )

To use the tables for analysis of a composite beam, first find the portion of the
table corresponding to the steel shape and proceed as follows:

1. Select %0, This is the Manual’s notation for the compressive force C,
which is the smallest of A F), 0.85f A, and the total steel anchor strength
(which we have been calling Q).

2. Select Y2. The distance from the top of the steel shape to the resultant
compressive force in the concrete is computed as

a
Y2=1t——
2
This dimension, which we used in computing the lower-bound moment of
inertia, is illustrated in Figure 9.23.
3. Read the available strength, interpolating if necessary.

For design, the tables can be entered with the required strength, and a combina-
tion of steel shape and 20, can be selected. A value of Y2 will be needed, so the
depth of the concrete compressive stress distribution must be assumed and then
revised after an iteration.

The tables also give values of ¢,M, and Mp/ Q, for the steel shape, which may
be needed for checking unshored beams during the curing of the concrete; and Y1,
the distance from the top of the steel to the plastic neutral axis.

FIGURE 9.23 mi a/Zi
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Example 9.12

Compute the available strength of the composite beam in Examples 9.1 and 9.2. Use
the tables in Part 3 of the Manual.

From Example 9.1, the composite beam consists of a W16 X 36 of A992 steel, a
slab with a thickness ¢ = 5 inches, and an effective width b = 87 inches. The 28-day
compressive strength of the concrete is f." = 4 ksi.

The compressive force in the concrete is the smaller of

AF, =10.6(50) = 530 kips
or
0.85f/ A, = 0.85(4)(5 X 87) = 1487 kips

Use C = 530 kips. The depth of the compressive stress block is

¢ 530
T 085£/b  0.85(4)(87)

= 1.792 in.

The distance from the top of the steel to the compressive force C is

a 1.792 .
Y2—t—5—5—T—4.1041n.

Enter the tables with 20, = 530 kips and Y2 = 4.104 inches. Since 530 kips is larger
than the value of 20, for PNA location TFL, the plastic neutral axis is in the slab,
and PNA location TFL can be used. By interpolation,

&M, = 477 ft-Kips

which compares favorably with the results of Example 9.2 but involves about the
same amount of effort. The value of the tables becomes obvious when the plastic
neutral axis is within the steel shape.

Design strength = 477 ft-kips

Enter the tables with 20, = 530 kips and Y2 = 4.104. By interpolation,

Mn .
be = 318 ft-kips

which compares favorably with Example 9.2.

Allowable strength = 318 ft-kips
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FIGURE 9.24

Solution

LFRD
solution

Example 9.13

Use the Tables in Part 3 of the Manual and select a W-shape of A992 steel and steel
headed stud anchors for the following conditions: The beam spacing is 5 feet 6 inches,
and the span length is 30 feet. The slab has a total thickness of 4!/ inches and is sup-
ported by a formed steel deck, the cross section of which is shown in Figure 9.24. The
28-day compressive strength of the concrete is f," = 4 ksi. The loads consist of a
20-psf construction load, a 20-psf partition load, a ceiling weighing 5 psf, and a live
load of 150 psf. The maximum live-load deflection cannot exceed L/240.

ey
0 L Y Y O W
L—»l*Zl/z” avg.

Loads to be supported before the concrete cures:

4.5
Slab wt. = 5(150) = 56.25 psf (conservatively)

Waap = 56.25(5.5) = 309.4 Ib/ft

Construction load = 20(5.5) = 110.0 Ib/ft

We will account for the beam weight later.
After the concrete cures,

Partition load = 20(5.5) = 110.0 Ib/ft
Live load: 150(5.5) = 825.0 Ib/ft
Ceiling: 5(5.5) = 27.5 Ib/ft

Loads to be carried by the composite section:

ceil = 309.4 + 27.5 = 336.9 Ib/ft
w; = 110 + 825 = 935 1b/ft
w, = 12w, + 1.ow, = 1.2(0.3369) + 1.6(0.935) = 1.900 kips /ft

Wp = Wgap T W

1 1
M, = gWuLZ = §(1-900)(30)2 = 214 ft-kips
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Assume a = 2 in.:
2
Y2:t—%=4.5—5=3.5in.

From Table 3-19 in the Manual, any combination of steel shape, 20Q,,, and Y2
that furnishes a design strength of more than 214 ft-kips will be an acceptable trial
beam. Two possibilities are summarized in Table 9.8.

The W14 X 22 is the lighter shape, but because 20, is larger, it will require
more steel anchors. For this reason, try the W14 X 26.

PNA
Shape Location 20, oM,
Wi4 X 26 6 135 230
Wi4 X 22 3 241 230

Compute the design strength:

b = beam spacing or span length + 4
=5.5(12) = 66in. or 30(12)/4 = 90 in.

Since 66 in. < 90 in., b = 66 in. Next, refine the value for Y?2.

From C = 20,
20 135
— = 0.6016 in.
“ 708516 0.85(4)(66) -
601
Y2 =t—%=4.5 _ 06016 _ 4199 in.

From Table 3-19 in the Manual, by interpolation,
oM, = 237 tt-kips > 214 ft-kips (OK)
Adjust M,, for the beam weight:

w, = 1.900 + 1.2(0.026) = 1.931 kips /ft
1 1
M, = gWML2 = §(1-931)(30)2 = 217 ft-kips < 237 ft-kips ~ (OK)
Check shear: From the Z  table, ¢,V, = 106 kips.
7 w, L 1.931(30)
“T2 2

= 29.0 kips < 106 kips (OK)
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Before the concrete cures,

wp = 309.4 + 26 = 335.4 Ib/ft
w,; = 110.0 1b/ft

w, = 12w, + 16w, = 1.2(0.3354) + 1.6(0.110) = 0.5785 kips/ft
1 1
M, = gw,L? = £(05785)(30)? = 65.1 ft-kips

oM, = ¢,M, = 151 ft-kips > 65.1 ft-kips (OK)

The live-load deflection will be checked after the stud anchors have been
selected, because the plastic neutral axis location may change, and this would affect
the lower-bound moment of inertia.

The maximum stud diameter is 2.5¢; = 2.5(0.420) = 1.05 in., but the maximum
diameter with formed steel deck = ¥ in.

The minimum length is 4d = 4(*4) = 3in.or h, + 1.5 =15 + 1.5 = 3in.

For a length of 3 in., the cover above the top of the stud is

45—-3=15in.>0.51n. (OK)

Try ¥, x 3 studs:
A, = m(0.75)%/4 = 0.4418 in.?
Qil = O'SASﬂ fC,EC = RngASﬂFll

For one stud per rib, R, = 1.0. In this book, we always conservatively use R, = 0.6
with steel deck.

0, = 0.5(0.4418)\/4(3492) = 26.11 kips
R,R,A F, = 1.0(0.6)(0.4418)(65) = 17.23 kips < 26.11 kips
. Use O, = 17.23 kips.

(Alternatively, the stud shear strength can be found from Table 3-21 in the Manual.
We consider the stud to be a “weak” stud, in keeping with our practice of always us-
ing R, = 0.6 with formed steel deck. The value of Q,, is found to be 17.2 kips.)

Number of studs:
V' 135

=——=1784 . .
0 " 1123 7.8 Use 8

Ny

Total no. required = 2(8) = 16
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12)

16 =22.51n.

The approximate spacing is

3
Minimum longitudinal spacing = 4d = 4(4) = 3in.
Maximum longitudinal spacing = 8¢ = 36 in.
8t = 8(4.5) = 36 in.

Try one stud every 3rd rib: Spacing = 3(6) = 18 in. < 36 in. (OK)
30(12)
18

Total number =

For N, = 20/2 =10, 2Q,, = 10(17.23) = 172.3 kips. From C = 2Q,,

>
a= O _ 1723 0.7678
0.85f/b  0.85(4)(66)
Y2=1— g =45 0'72678 = 4116 in.

From Table 3-19 in the Manual, for 2Q, = 172.3 kips and Y2 = 4.116 in.,
¢, M, = 250 ft-kips (by interpolation) > 217 ft-kips (OK)

Check the live load deflection: For 20, = 172.3 kips and Y2 = 4.116 in., the lower-
bound moment of inertia from Table 3-20 in the Manual is

I, 5 =538in*  (by interpolation)

and the live load deflection is

Sw Lt 5(0.935/12)(30 x 12)*

= = 1.09 in.
L 384EI,,  384(29,000)538 i

The maximum permissible live load deflection is

L—30(12)—15' > 1.09 i OK
240 - 240 _ Pin>109in. (OK)

Ductility: Because the span length is only 30 ft, the ductility is adequate (condition 1
from the Commentary to AISC 13.2d).

Answer Use a W14 X 26 and 20 studs, % X 3, one every third rib.
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ASD
solution

TABLE 9.9

Loads to be carried by the composite section:

ceil = 309.4 +27.5 = 336.9 Ib/ft
w, =110 + 825 = 935 Ib/ft
w,=wp +w, =0.3369 + 0.935 = 1.272 kips /ft

Wp = Weap T W

1 1
M, = gw,L? = £ (1272)(30)" = 143 f-kips

Assume a = 2 in.:

2
Y2=t—§=4.5—5=3.5in.
From Table 3-19 in the Manual, any combination of steel shape, 20, and Y2 that
furnishes an allowable strength of more than 143 ft-kips will be an acceptable trial
beam. Two possibilities are summarized in Table 9.9.

Shape PNA Location 20, M,/Q,
W14 X 26 6 135 153
Wi4 X 22 3 241 153

The W14 X 22 is the lighter shape, but because 20, is larger, it will require more
studs. For this reason, try the W14 X 26. Compute the allowable strength:

b = beam spacing or span length + 4
= 5.5(12) = 66 in. or 30(12)/4 = 90 in.

Since 66 in. < 90 in., b = 66 in. Next, refine the value of Y2. From C = 20,,,

20 135
= = = 0.6016 in.
T 085/ 0.85(4)(66) m
Y2=1— g =45 0'6316 = 4199 in.

From Table 3-19 in the Manual, by interpolation,

M
o = 158 ftkips > 143 ft-kips  (OK)
b
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Adjust M, for the beam weight:

w, = 1.272 + 0.026 = 1.298 kips /ft

1 1
M, = gw, L7 = S(1.298)(30)” = 146 fi-kips < 158 fi-kips  (OK)

Check shear: From the Z table, V,/Q, = 70.9 kips

v w, L 1.298(30)
=g 2

= 19.5kips < 70.9kips  (OK)

Before the concrete cures,

wp = 309.4 + 26 = 335.4 Ib/ft
w, = 110.0 Ib/ft
w, = wp, + w, = 0.3354 + 0.1100 = 0.4454 kips /ft

M, = 2,2 = 2(0.4454)(30)” = 50.1 ft-Kips
L7=3 P

From Table 3-19,

Mn MP . 9
— = — =100 ft-kips > 50.1 ft-kips (OK)
Q, Q,

For the design of the studs and the deflection check, see the LRFD solution. One
% % 3 stud will be used every third rib. From Table 3-19, the allowable strength for
this composite beam is

M
Q—” = 166 ft-kips > 146 ft-kips ~ (OK)
b

Ductility: Because the span length is only 30 ft, the ductility is adequate (condition 1
from the Commentary to AISC 13.2d).

Answer Use a W14 X 26 and 20 studs, 7 X 3, one every third rib.

As Example 9.12 illustrates, the tables greatly simplify the design of a compos-
ite beam with the PNA in the steel shape.
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9.9

FIGURE 9.25

CONTINUOUS BEAMS

In a simply supported beam, the point of zero moment is at the support. The num-
ber of steel anchors required between each support and the point of maximum
positive moment will be half the total number required. In a continuous beam, the
points of inflection are also points of zero moment and, in general, 2N, anchors will
be required for each span. Figure 9.25a shows a typical continuous beam and the
regions in which anchors would be required. In the negative moment zones, the
concrete slab will be in tension and therefore ineffective. In these regions there will
be no composite behavior in the sense that we have considered thus far. The only
type of composite behavior possible is that between the structural steel beam and
the longitudinal reinforcing steel in the slab. The corresponding composite cross
section is shown in Figure 9.25b. If this concept is used, a sufficient number of steel
anchors must be provided to achieve a degree of continuity between the steel shape
and the reinforcing.

The AISC Specification in Section 13.2b offers two alternatives for negative
moment.

1. Rely on the strength of the steel shape only.
2. Use a composite section that consists of the steel shape and the reinforcing
steel, subject to the following conditions:
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a. The steel shape must be compact with adequate lateral support.

b. Steel anchors must be present in the negative moment region (between
the point of zero moment and the point of maximum negative moment).

c. The reinforcement parallel to the beam within the effective width of the
slab must be adequately developed (anchored).

The strength of this composite section should be based on a plastic stress distri-

bution, in which the horizontal force to be transferred between the steel shape

and the reinforcing steel should be taken as the smaller of ), A, and 20, , where

A, = area of reinforcing steel within the effective width of the slab
F,, = yield stress of the reinforcing steel

If this composite section is used, the resistance factor ¢, for LRFD is 0.90,
and the safety factor ), for ASD is 1.67.

The Commentary to Section 13.2b gives details on computing the strength of
this composite section.

The additional strength gained from considering composite action for negative
moment is relatively small. If the steel shape alone is relied on to resist the negative
moment, cover plates are sometimes added to the beam flanges to increase the mo-
ment strength.

COMPOSITE COLUMNS

Composite columns can take one of two forms: a rolled steel shape encased in con-
crete with both longitudinal reinforcing bars and transverse reinforcement in the
form of ties or spirals (as in a reinforced concrete column) or a hollow shape filled
with plain concrete. Figure 9.26 illustrates these two types.

Strength of Encased Composite Columns

The AISC Specification covers encased composite columns in Section 12.1. If buck-
ling were not an issue, the member strength could be taken as the summation of the
axial compressive strengths of the component materials:

P,,=FA+F, A, +085f A, (AISC Equation 12-4)
where
F, = yield stress of the steel shape
= cross-sectional area of the steel shape

F\,, = yield stress of the longitudinal reinforcing steel bars
= cross-sectional area of the reinforcing steel

N
|

sr
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The strength P, is sometimes called the “squash” load; it is the nominal strength
when length effects (slenderness effects) are not taken into account.

Modern reinforcing bars are deformed—that is, the surface of the bar has protru-
sions that help the steel grip or bond with the concrete. The bar cross-sectional area to
be used in computations is a nominal area equal to the area of a plain bar that has the
same weight per foot of length as the deformed bar. Table 9.10 gives nominal diameters
and areas for standard bar sizes as defined in ASTM (2016b) and ACI (2014).

Because of slenderness effects, the strength predicted by AISC Equation 12-4
cannot be achieved. To account for slenderness, the relationship between P,,, and
P,is used, where P, is the Euler buckling load and is defined as

_ m(EDey AISC Equation 12-5
TG ( quation 12-5)
C
where (EI). is the effective flexural rigidity of the composite section and is given by
(EDey=EJI, +EI, + CEI (AISC Equation 12-6)
where
I, = moment of inertia of the steel shape about the axis of buckling

I, = moment of inertia of the longitudinal reinforcing bars about the axis of
buckling

A+ A, .
C, =025+ 3<A> =07 (AISC Equation 12-7)
8

I, = moment of inertia of the concrete section about the elastic neutral axis of
the composite section

TABLE 9.10 Bar Number Diameter (in.) Area (in.%)
3 0.375 0.11
4 0.500 0.20
5 0.625 0.31
6 0.750 0.44
7 0.875 0.60
8 1.000 0.79
9 1.128 1.00

10 1.270 1.27
11 1.410 1.56
14 1.693 2.25

18 2.257 4.00




9.10: Composite Columns 647

The nominal strength equations are similar to those for noncomposite members.

P
When # =225,

e

P,= P,w[o.658( Pe )} (AISC Equation 12-2)

P
When ;0 > 2.25,

e

P,=0.877P, (AISC Equation 12-3)

Note that if the reinforced concrete terms in AISC Equations 12-4 and 12-6 are omitted,

P,, = A/F,
(El)eff = ESIS
772Es1s
P=—
(L)
and
P no ASF)’ Fy Fy Fy

P, wEL/(L) wEAMALY  wE/(LJr? F,

where F, is defined in AISC Chapter E as the elastic buckling stress.
AISC Equation 12-2 then becomes

Fy
P, = AS[O.658(F4)}Fy (9.6)

and AISC Equation 12-3 becomes
P, =A(0.877)F, 9.7)

Equations 9.6 and 9.7 give the same strength as the equations in AISC Chapter E for
noncomposite compression members.

For LRFD, the design strength is ¢ P,
able strength is P, /Q) , where Q. = 2.00.

where ¢, = 0.75. For ASD, the allow-

n’

Example 9.14

A composite compression member consists of a W12 X 136 encased in a 20-in. X
22-in. concrete column as shown in Figure 9.27. Four #10 bars are used for longi-
tudinal reinforcement, and #3 ties spaced 13 inches center-to-center provide the
lateral reinforcement. Assume a concrete cover of 2.5 inches to the center of the
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FIGURE 9.27

W12 X 136
4 #10
#3ties@ 13"

longitudinal reinforcement. The steel yield stress is F), = 50 ksi, and Grade 60
reinforcing bars are used. The concrete strength is f, = 5 ksi. Compute the avail-
able strength for an effective length of 16 feet with respect to both axes.

Solution Values needed for the AISC strength equations are as follows. For the W12 X 136,
A;=39.9in?and I, = I, = 398 in.* For the longitudinal reinforcement,
A, =4(127) = 5.08 in.2

(20 -2 X 2.5)2

I,=2Ad>=4x127 = 285.8 in.2 (about the weak axis)

For the concrete,

A, = gross area of concrete = 20(22) = 440 in.?
A, = net area of concrete = A, — A; — A, = 440 — 39.9 — 5.08 = 395.0 in.2
E, = whVE = (145)5V/5 = 3904 ksi

, 22(20)3
S8 )

= 14,670 in.* (about the weak axis)

From AISC Equation 12-4,

P,, = F,A, + F, A, + 085/ A, = 50(39.9) + 60(5.08) + 0.85(5)(395.0)

ysresr

= 3979 kips

From AISC Equation 12-7,
A+ A,
C;=025+3——| =07
Ay

39.9 + 5.08

= 0. < 0.
440 > 0.5567 < 0.7

=025+ 3(
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From AISC Equation 12-6,

(ED)o; = EJI, + 0.5EI, + C,EI,
=29,000(398) + 0.5(29,000)(285.8) + 0.5567(3904)(14,670)
= 4757 X 107 kip-in.?

From AISC Equation 12-5,
_ m(El)y (4757 X 107)

_ = 12,740 ki
©T (L) (16 x 12)2 e
Then
2
1:0 = 132?% =0.3123 <2.25 .. Use AISC Equation 12-2.

e
P,

no

P, = Pn0[0.658( P, )] = 3979(0.658)"3123 = 3491 kips

For LRFD, the design strength is ¢.P, = 0.75(3491) = 2620 kips.
For ASD, the allowable strength is P,/ = 3491/2.00 = 1750 kips.

In addition to strength requirements, the requirements of AISC I12.1a “Limita-
tions” and 12.1e “Detailing Requirements” must be observed. These limitations
and detailing requirements for encased composite columns can be summarized as
follows:

1. The cross-sectional area of the steel shape must make up at least 1% of the
total area.

2. The concrete must be reinforced with continuous longitudinal bars and
transverse reinforcement consisting of lateral ties or spirals.

3. The longitudinal bars must have an area of at least 0.4% of the total area.

4. Ifthe transverse reinforcement consists of lateral ties, the minimum amount
is either #3 bars at a maximum spacing of 12 inches on center or larger bars
spaced at a maximum of 16 inches on center. In any case, the spacing must
not exceed half of the smaller column dimension.

5. The clear spacing between the steel shape and the longitudinal bars must
be at least 1.5 bar diameters but not less than 1.5 inches.

In addition to these requirements, the provisions of the ACI Building Code (ACI,
2014) should be followed.

To ensure that the steel and concrete act as a unit, there must be a means of
sharing the load between the two materials. The AISC Specification addresses this
in Section 16, “Load Transfer.” Although there is some chemical bond between the
concrete and the steel, it cannot be relied on for full load transfer in an encased
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composite member and is not permitted by the Specification. The load transfer can
be by either direct bearing or by steel anchors. The force to be transferred is a
shear force, and its magnitude depends on how the external force is applied to the
member: whether 100% to the steel section, 100% to the concrete, or a portion to
the steel and a portion to the concrete. The details are given in AISC 16 and will
not be covered here.

Strength of Filled Composite Columns

The compressive strength of concrete-filled hollow sections is based on the limit
state of flexural buckling, just as the strength of encased sections is. The same AISC
equations for P, (I2-2 and 12-3) are used, but the value of P,, depends on whether
the hollow section is compact, noncompact, or slender. In other words, the flexural
buckling strength could be reduced to account for local buckling (AISC 12.2b).

In a rectangular section, the width-to-thickness ratio, A, equals b/¢t, which is the
smaller outer dimension divided by the wall thickness. In a round section, it is D/t,
which is the outer diameter divided by the wall thickness. As in other chapters deal-
ing with local buckling, shapes are classified as compact, noncompact, or slender:

If A = A, the shape is compact.
If A, <A = A, the shape is noncompact.
If A > A,, the shape is slender.

The values of A, and A, are given in AISC Table I1.1a. They are presented here in a
slightly different format.

Rectangular sections:

|E |E . . | E
A, =226 Fy, A, =3.00 Fy (upperhmlton)\ is 5.00 Fy)

Round sections:

_ 0.15E A= 0.19E limit on A i 031E
» = 7Fy , ;= 7Fy upper limit on A is F,

The nominal strength P, , (length effects not included), to be used in the equations
for the nominal strength P, (length effects included), is determined as follows.
If A = A, (compact section),

P,=P, (AISC Equation 12-9a)
where
’ ES .
P,=F A+ CGf|A + AerC (AISC Equation 12-9b)

C, = 0.85 for rectangular sections
= (.95 for round sections
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IfA, <A = A, (noncompact section),

pP,—P

P,,=P,————5(A—\,) (AISC Equation 12-9¢)
A, =A,)
where
’ ES :
P,=FA+07f/(A. + AS’E (AISC Equation 12-9d)
c
If A > A, (slender section),
E; .
P,=F,A +07f/|A, + AS’E (AISC Equation 12-9¢)
c
where
9ES . .
F,.= (B0 for rectangular sections (AISC Equation 12-10)
0.72F,
=T F for round sections (AISC Equation 12-11)
Lo
D/t)—
{( /1) EJ

Once P, has been computed, the rest of the strength computation is the same
as for encased shapes; that is,

1. Compute P,
P
2. Compute #
3. Compute the nominal strength from AISC Equation 12-2 or 12-3.

The elastic stiffness, (EI), to be used in the computation of P,, is

(ED = EJd + Ed, + CE I, (AISC Equation 12-12)
where
AS + ASV .
C;=045+3 —a =0.9 (AISC Equation 12-13)
g

Note that the strength need not be taken as less than the strength of the correspond-
ing unfilled HSS.
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Example 9.15

An HSS 7 X 0.125 with an effective length of 13 feet is filled with normal-weight
concrete and used as a column. No longitudinal reinforcement is used. The concrete
strength is f = 5 ksi. Compute the available compressive strength. F,, = 42 ksi.

Solution The following dimensions and properties from Part 1 of the Manual will be needed:
design wall thickness = 0.116 in., A, = 2.51 in.2, D/t = 60.3 in.4, and I, = 14.9 in.*.
The following values will also be required:

md i 7.000 — 2 X 0.116)2
A = W( ) 3508 in2
4 4
E, = wiS\F] = (145)1°V/5 = 3904 ksi
mdtgge  m(7.000 — 2 X 0.116)* -,
Ie=— = = = 103.0 in.

Determine the classification of the section:

r=2—603

t

0.15E _ 0.15(29,000)
=== = 1036

y

Since A < Ap, the section is compact, and from AISC Equation 12-9b,

P

no

E
P, = F A, + Gf! (AC +Aers)
(@

42(2.51) + 0.95(5)(35.98 + 0) = 276.3 kips

Next, compute (EI) ; and P,. From AISC Equation 12-13,
A+ A,
C;=045+3(——Y] =09
A

251+0

=0.45 + 3(71_(7)2/4

) = 0.6457 < 0.9

and from AISC Equation 12-12,
(El)eff = Esls + Eslsr + C3Eclc

= 29,000(14.9) + 0 + 0.6457(3904)(103.0) = 6.917 X 10 kip-in.2
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From AISC Equation 12-5,
~ m(El)ey (6917 X 10°)

P, = = =280.5 ki
© (LY (13 X 12)? 'ps
Determine P,:
P, 2763
P, 2805 UEESY 5 Use AISC Equation

e
P,

P,=P, [0.658;:} — 2763 [0.65805%] = 183.0 kips

For LRFD, the design strength is ¢.P, = 0.75(183.0) = 137 kips.
For ASD, the allowable strength is P, /€. = 183.0/2.00 = 91.5 kips.
By comparison, the strengths for an unfilled HSS7 X 0.125 are
Pn
o

Although these values are less than those for the filled shape, this will not al-
ways be the case.

¢ P, = 73.7 kips and 49.0 kips

Transfer of load between the hollow steel shape and the concrete core can be
accomplished by direct bond, shear connection, or direct bearing. Recall that direct
bond is not an alternative for encased composite members. AISC 16.3c gives an
equation for computing the available bond strength.

An additional requirement for filled composite members is that the steel cross-
sectional area must be at least 1% of the total area (the same requirement as for
encased sections).
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PROBLEMS

Notes Unless otherwise indicated, the following conditions apply to all problems.

9.1-1

9.1-2

9.1-3

9.1-4

9.1-5

9.1-6

1. No shoring is used.

2. The slab formwork or deck provides continuous lateral support of the
beam during the construction phase.

3. Normal-weight concrete is used.

Introduction: Analysis of Composite Beams

A W18 X 40 floor beam supports a 4-inch-thick reinforced concrete slab
with an effective width b of 81 inches. Sufficient anchors are provided to
make the beam fully composite. The 28-day compressive strength of the
concrete is f = 4 ksi.

a. Compute the moment of inertia of the transformed section.

b. For a positive service load moment of 290 ft-kips, compute the stress at
the top of the steel (indicate whether tension or compression), the stress
at the bottom of the steel, and the stress at the top of the concrete.

A W21 X 57 floor beam supports a 5-inch-thick reinforced concrete slab
with an effective width b of 75 inches. Sufficient steel anchors are provided
to make the beam fully composite. The 28-day compressive strength of
the concrete is f, = 4 ksi.

a. Compute the moment of inertia of the transformed section.

b. For a positive service load moment of 300 ft-kips, compute the stress at
the top of the steel (indicate whether tension or compression), the stress
at the bottom of the steel, and the stress at the top of the concrete.

A W24 X 55 floor beam supports a 4/%-inch-thick reinforced concrete slab
with an effective width b of 78 inches. Sufficient steel anchors are provided
to make the beam fully composite. The 28-day compressive strength of
the concrete is f = 4 ksi.

a. Compute the moment of inertia of the transformed section.

b. For a positive service load moment of 450 ft-kips, compute the stress at
the top of the steel (indicate whether tension or compression), the stress
at the bottom of the steel, and the stress at the top of the concrete.

Compute the nominal flexural strength of the composite beam of Problem
9.1-1. Use F, = 50 ksi.

Compute the nominal flexural strength of the composite beam in Problem
9.1-2. Use F,, = 50 ksi.

Compute the nominal flexural strength of the composite beam in Problem
9.1-3. Use F, = 50 ksi.



9.2-1

9.2-2

9.3-1

9.3-2

9.4-1
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Strength of Unshored Composite Beams

A W14 X 22 acts compositely with a 4-inch-thick floor slab whose effect-
ive width b is 90 inches. The beams are spaced at 7 feet 6 inches, and the
span length is 30 feet. The superimposed loads are as follows: construction
load = 20 psf, partition load = 10 psf, weight of ceiling and light fixtures =
5 psf, and live load = 60 pst. A992 steel is used, and f = 4 ksi. Determine
whether the flexural strength is adequate.

a. Use LRFD.
b. Use ASD.

A composite floor system consists of W18 X 97 beams and a 5-inch-thick
reinforced concrete floor slab. The effective width of the slab is 84 inches.
The span length is 30 feet, and the beams are spaced at 8 feet. In addi-
tion to the weight of the slab, there is a construction load of 20 psf and a
uniform live load of 800 psf. Determine whether the flexural strength is
adequate. Assume that there is no lateral support during the construction
phase. A992 steel is used, and f. = 4 ksi.

a. Use LRFD.
b. Use ASD.

Effective Flange Width

A fully composite floor system consists of W12 X 16 floor beams support-
ing a 4-inch-thick reinforced concrete floor slab. The beams are spaced at
7 feet, and the span length is 25 feet. The superimposed loads consist of
a construction load of 20 psf, a partition load of 15 psf, and a live load of
125 psf. A992 steel is used, and f = 4 ksi. Determine whether this beam
satisfies the provisions of the AISC Specification.

a. Use LRFD.
b. Use ASD.

A fully composite floor system consists of W16 X 50 floor beams of A992 steel
supporting a 4/-inch-thick reinforced concrete floor slab, with . = 4 ksi. The
beams are spaced at 10 feet, and the span length is 35 feet. The superimposed
loads consist of a construction load of 20 psf and a live load of 160 psf. Determ-
ine whether this beam satisfies the provisions of the AISC Specification.

a. Use LRFD.
b. Use ASD.

Steel Headed Stud Anchors

A fully composite floor system consists of 40-foot-long, W21 X 57 steel
beams spaced at 9 feet center-to-center and supporting a 6-inch-thick re-
inforced concrete floor slab. The steel is A992 and the concrete strength
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9.4-2

9.4-3

9.4-4

9.4-5

9.5-1

9.5-2

is f! = 4 ksi. There is a construction load of 20 psf and a live load of
250 pst.

a. Determine whether this beam is adequate for LRFD.
b. Determine whether the beam is adequate for ASD.

¢. How many %4-inch X 3-inch stud anchors are required for full com-
posite behavior?

A fully composite floor system consists of 27-foot-long, W14 X 22 steel beams
spaced at 8 feet and supporting a 4-inch-thick reinforced concrete floor slab.
The steel is A572 Grade 50 and the concrete strength is f = 4 ksi. There is a
construction load of 20 psf, a partition load of 20 psf, and a live load of 120 psf.

a. Determine whether this beam is adequate for LRFD.
b. Determine whether the beam is adequate for ASD.

¢. How many ¥4-inch X 3-inch stud anchors are required for full composite
behavior?

How many ¥4-inch X 3-inch stud anchors are required for the beam in
Problem 9.1-1 for full composite behavior? Use F), = 50 ksi.

How many 7/g-inch X 3'%-inch stud anchors are required for the beam in
Problem 9.1-2 for full composite behavior? Use F, = 50 ksi.

Design stud anchors for the beam in Problem 9.3-1. Show the results on a
sketch similar to Figure 9.11.

Design

A fully composite floor system consists of 36-foot-long steel beams
spaced at 6 feet 6 inches center-to-center supporting a 4/4-inch-thick rein-
forced concrete floor slab. The steel yield stress is 50 ksi and the concrete
strength is £’ = 4 ksi. There is a construction load of 20 psf and a live load
of 175 psf. Select a W16 shape.

a. Use LRFD.
b. Use ASD.
c. Select stud anchors and show the layout on a sketch similar to Figure 9.13.

A floor system has the following characteristics:
® Span length = 40 ft

® Beam spacing = 5 ft

e Slab thickness = 4 in.

The superimposed loads consist of a 20-psf construction load, a partition
load of 20 psf, and a live load of 125 psf. Use F|, = 50 ksi, f = 4 ksi, and
select a W-shape for a fully composite floor system.

a. Use LRFD.
b. Use ASD.



9.5-3

Note

9.6-1

9.6-2

9.6-3

9.6-4

9.6-5

Problems 657

c. Select stud anchors and show your recommended layout on a sketch
similar to the one in Figure 9.13.

A floor system has the following characteristics:
® Span length = 30 ft

¢ Beam spacing = 7 ft

e Slab thickness = 5 in.

The superimposed loads consist of a construction load of 20 psf and a live
load of 800 psf. Use F,, = 50 ksi, ' = 4 ksi, and select a W-shape for a fully
composite floor system. Assume that there is no lateral support during the
construction phase.

a. Use LRFD.
b. Use ASD.

c¢. Select stud anchors and show the layout on a sketch similar to Figure 9.13.

Deflections

For Problems 9.6-1 through 9.6-5, use the lower-bound moment of inertia
for deflection of the composite section. Compute this as illustrated in
Example 9.7.

Compute the following deflections for the beam in Problem 9.2-1.
a. Maximum deflection before the concrete has cured.

b. Maximum total deflection after composite behavior has been attained.

Compute the following deflections for the beam in Problem 9.2-2.
a. Maximum deflection before the concrete has cured.
b. Maximum total deflection after composite behavior has been attained.

For the beam of Problem 9.3-1,
a. Compute the deflections that occur before and after the concrete has cured.

b. If the live-load deflection exceeds L/360, select another steel shape
using either LRFD or ASD.

For the beam of Problem 9.4-1,

a. Compute the deflections that occur before and after the concrete has
cured.

b. If the total deflection after the concrete has cured exceeds L/240,
select another steel shape using either LRFD or ASD.

For the beam of Problem 9.4-2,

a. Compute the deflections that occur before and after the concrete has cured.

b. If the live load deflection exceeds L/360, select another steel shape
using either LRFD or ASD.




658 Chapter 9: Composite Construction

9.7-1

9.7-2

9.7-3

9.7-4

Composite Beams with Formed Steel Deck

A fully composite floor system consists of W18 X 35 beams spaced at

6 feet, spanning 30 feet, and supporting a formed steel deck with a con-

crete slab. The total depth of the slab is 41/ inches, and the deck is 2 inches

high. The steel and concrete strengths are F, = 50 ksi and f, = 4 ksi.

a. Compute the lower-bound moment of inertia and compute the deflection
for a service load of 1 kip/ft.

b. Compute the nominal strength of the composite section.

A composite floor system uses formed steel deck of the type shown in Fig-
ure P9.7-2. The beams are W18 X 50, and the slab has a total thickness of
41/, inches from top of slab to bottom of deck. The effective slab width is
90 inches, and the span length is 30 feet. The structural steel is A992, and
the concrete strength is ' = 4 ksi. Compute the nominal flexural strength
with two 3/4-inch X 31/2-inch studs per rib.

. s
o] el

FIGURE P9.7-2

Determine the nominal strength of the following composite beam:
* W14 X 26, F, = 50 ksi

* f!=4ksi

e Effective slab width = 66 in.

e Total slab thickness = 4!/5 in.

® Span length = 30 ft

¢ Formed steel deck is used (see Figure P9.7-3)

e Studs are ¥4-inch X 3-inch, one in every other rib

S
- b

[ ]
4>‘ FZW’ avg.

FIGURE P9.7-3

A composite floor system consists of W18 X 40 steel beams supporting
a formed steel deck and concrete slab. The deck is 11/ inches deep, and
the total depth from bottom of deck to top of slab is 41/5 inches. Light-
weight concrete with a 28-day compressive strength of 4 ksi is used (unit
weight = 115 psf). The beams are spaced at 10 feet, and the span length



9.8-1
9.8-2

9.8-3

9.8-4

9.8-5
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is 40 feet. There is a 20-psf construction load, a partition load of 20 psf, a
ceiling weight of 5 psf, a mechanical load of 5 psf, and a live load of 120 psf.
Thirty-four %-inch X 3-inch stud anchors are used for each beam. Is the
strength of this system adequate?

a. Use LRFD.
b. Use ASD.

Tables for Composite Beam Analysis and Design
Use the composite beam tables to solve Problem 9.7-3.

A simply supported, uniformly loaded composite beam consists of a
W16 X 36 of A992 steel and a reinforced concrete slab with f,' = 4 ksi. The
slab is supported by a 2-inch deep steel deck, and the total slab thickness is
5 inches, from bottom of deck to top of concrete. The effective slab width
is 90 inches. The stud anchors are % inch in diameter. Determine the avail-
able strength (for both LRFD and ASD) for each of the following cases:

a. 44 studs per beam.
b. 24 studs per beam.

A beam must be designed to the following specifications:
e Span length = 35 ft
® Beam spacing = 10 ft

e 2-in. deck with 3 in. of lightweight concrete fill (w, = 115 pcf) for a total
depth of r = 5 in. Total weight of deck and slab = 51 psf

¢ Construction load = 20 psf

¢ Partition load = 20 psf

® Miscellaneous dead load = 10 psf

® Live load = 80 psf

* F,=50ksi,f' =4ksi

Assume continuous lateral support and use LRFD.

a. Design a noncomposite beam. Compute the total deflection (there is no
limit to be checked).

b. Design a composite beam and specify the size and number of stud an-
chors required. Assume one stud at each beam location. Compute the
maximum total deflection as follows:

1. Use the transformed section.

2. Use the lower-bound moment of inertia.

Same as Problem 9.8-3, but use ASD.

The beams in a composite floor system support a formed steel deck and
concrete slab. The concrete has a 28-day compressive strength of 4 ksi and
the total slab thickness is 4 inches. The deck rib height is 2 inches. The
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9.8-6

9.8-7

9.8-8

9.8-9

beams are spaced at 8 feet, and the span length is 36 feet. There is a 20 psf
construction load, a 20 psf partition load, a ceiling load of 8 psf, and a live
load of 100 psf. Use LRFD.

a. Select a W16-shape with F, = 50 ksi. Use partial composite action and
do not interpolate in the composite beam tables.
b. Determine the total number of ¥%-inch X 3'-inch stud anchors re-

quired. Do not consider the spacing of the studs. Assume one stud at
each beam location.

Same as Problem 9.8-5, but use ASD.

Use the composite beam tables to solve Problem 9.5-3 with the following
modifications:

¢ Continuous lateral support is provided during the construction phase.
e Use partial composite action.

e The live-load deflection cannot exceed L/360. Use the lower-bound mo-
ment of inertia.

A composite floor system consists of steel beams supporting a formed
steel deck and concrete slab. The deck is shown in Figure P9.8-8, and
the total depth from bottom of deck to top of slab is 6!/ inches. Light-
weight concrete is used (unit weight = 115 pcf), and the 28-day compress-
ive strength is 4 ksi. The deck and slab combination weighs 53 psf. The
beams are spaced at 12 feet, and the span length is 40 feet. There is a 20-
psf construction load, a partition load of 20 psf, other dead load of 10 psf,
and a live load of 160 psf. The maximum permissible live-load deflection
is L/360. Use the composite beam tables and select a W-shape with F,=
50 ksi. Design the stud anchors. Use partial composite action and a lower-
bound moment of inertia.

a. Use LRFD.
b. Use ASD.

P el iy
v /N
N 5”‘«

FIGURE P9.8-

Use the composite beam tables and select a W-shape and stud anchors for
the following conditions:

® Span length = 18'-6"
e Beam spacing = 9 ft
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9.10-1
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e Total slab thickness = 5% in. (the slab and deck combination weighs
57 psf). Lightweight concrete with a unit weight of 115 pcf is used

¢ Construction load = 20 psf

e Partition load = 20 psf

e Live load = 225 psf

* F,=50ksiandf/ =4Kksi

A cross section of the formed steel deck is shown in Figure P9.8-9. The

maximum live-load deflection cannot exceed L/360 (use a lower-bound
moment of inertia).

a. Use LRFD.
b. Use ASD.

o

| o e |-

FIGURE P9.8-9

Use the composite beam tables and select a W-shape and stud anchors for
the following conditions:

® Span length = 35 ft

® Beam spacing = 12 ft

* Formed steel deck with rib spacing = 6 in., h, = 2 in., w, = 21/, in.
e Total slab thickness = 5% in.

¢ Partition load = 15 psf, live load = 100 psf

e Maximum permissible live-load deflection = L /360 (use a lower-bound
moment of inertia)

Use steel with a yield stress of F,, = 50 ksi and lightweight concrete weigh-
ing 115 pcf with f," = 4 ksi.

a. Use LRFD.

b. Use ASD.

Composite Columns

An HSS9 X 7 X % filled with concrete is used as a composite column, as
shown in Figure P9.10-1. The steel has a yield stress of ), = 46 ksi, and the
concrete has a compressive strength of f," = 4 ksi. Compute the nominal
strength of the column.
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;l
>

HSS9 X 7 X34

)

|‘

FIGURE P9.10-1

9.10-2 The composite compression member shown in Figure P9.10-2 has lateral
support at midheight in the weak direction only. Compute the nominal
strength. The steel yield stress is 50 ksi, and f, = 8 ksi. Grade 60 reinfor-
cing bars are used. Assume a concrete cover of 2.5 inches to the center of
the longitudinal reinforcement.

¥y ¥
s
2><§ 26’ 1-8" | | Xv;; X 96
13 | #3 ties @ 137
PO e

Support in Support in
weak direction  strong direction

FIGURE P9.10-2






Large beams fabricated with steel
plates are called plate girders. They

are employed when large loads or

span lengths preclude the use of a

standard hot-rolled steel shape.
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chapter 10

Plate Girders

10.1 INTRODUCTION

Carsten Flieger/Alamy Stock Photo

In this chapter, we consider large flexural members (girders) that are composed of
plate elements—in particular, those with noncompact or slender webs. In Chap-
ter 5, “Beams,” we covered hot-rolled shapes, and for all the standard sections in
the Manual, the webs are compact. Some have noncompact flanges, but none have
slender flanges. With shapes built up from plates, however, both flanges and webs
can be compact, noncompact, or slender. These built-up shapes usually are used
when the bending moments are larger than standard hot-rolled shapes can resist,
usually because of a large span. These girders are invariably very deep, resulting
in noncompact or slender webs.

The AISC Specification covers flexural members with slender webs in Section
F5, “Doubly Symmetric and Singly Symmetric I-Shaped Members with Slender
Webs Bent About Their Major Axis.” This is the category usually thought of as
plate girders. Flexural members with noncompact webs are covered in Section F4,
“Other I-shaped Members with Compact or Noncompact Webs Bent About Their
Major Axis.” This section deals with both doubly and singly symmetric sections. In-
terestingly, noncompact webs are more difficult to deal with than slender webs. In a
User Note in Section F4, the Specification permits members covered by Section F4
to be designed by the provisions of Section F5. In this book, we do this and use Sec-
tion F5 for girders with either noncompact or slender webs. We refer to both types
as plate girders. Shear provisions for all flexural members are covered in AISC
Chapter G, “Design of Members for Shear.” Other requirements are given in AISC
F13, “Proportions of Beams and Girders.”

A plate girder cross section can take several forms. Figure 10.1 shows some of
the possibilities. The usual configuration is a single web with two equal flanges,
with all parts connected by welding. The box section, which has two webs as well as
two flanges, is a torsionally superior shape and can be used when large unbraced
lengths are necessary. Hybrid girders, in which the steel in the flanges is of a higher
strength than that in the web or webs, are sometimes used.

Before the widespread use of welding, connecting the components of the
cross section was a major consideration in the design of plate girders. All of the
connections were made by riveting, so there was no way to attach the flange

665



666 Chapter 10: Plate Girders

FIGURE 101 ————  eo—

S

——m e ——

(a) Welded (b) Riveted without Stiffeners

Flange plate
[ |

H

\. -l L Flange angle

,— Stiffener angle

|1~ Web plate
|1 Filler plate

|

I

(rivets not shown)

(c) Riveted with Stiffeners

directly to the web, and additional cross-sectional elements were introduced
for the specific purpose of transmitting the load from one component to the other.
The usual technique was to use a pair of angles, placed back-to-back, to attach
the flange to the web. One pair of legs was attached to the web, and the other pair
attached to the flange, as shown in Figure 10.1b. If web stiffeners were needed,
pairs of angles were used for that purpose also. To avoid a conflict between the
stiffener angles and the flange angles, filler plates were added to the web so that
the stiffeners could clear the flange angles, as shown in Figure 10.1c. If a vari-
able cross section was desired, one or more cover plates of different lengths were
riveted to the flanges. (Although cover plates can also be used with welded plate
girders, a simpler approach is to use different thicknesses of flange plate, welded
end-to-end, at different locations along the length of the girder.) It should be evi-
dent that the welded plate girder is far superior to the riveted or bolted girder in
terms of simplicity and efficiency. We consider only I-shaped welded plate girders
in this chapter.
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Before considering specific AISC Specification requirements, we need to ex-
amine, in a very general way, the peculiarities of plate girders as opposed to ordi-
nary rolled beams.

GENERAL CONSIDERATIONS

Structural steel design is largely a matter of providing for stability, either locally or
in an overall sense. Many standard hot-rolled structural shapes are proportioned
so that local stability problems have been eliminated or minimized. When a plate
girder is used, however, the designer must account for factors that in many cases
would not be a problem with a hot-rolled shape. Deep, thin webs account for many
of the special problems associated with plate girders, including local instability. A
thorough understanding of the basis of the AISC provisions for plate girders re-
quires a background in stability theory, particularly plate stability. Such a treatment
is beyond the scope of this book, however, and the emphasis in this chapter is on
the qualitative basis of the Specification requirements and their application. For
those interested in delving deeper, the Guide to Stability Design Criteria for Metal
Structures (Ziemian, 2010) is a good starting point, and Buckling Strength of Metal
Structures (Bleich, 1952) and Theory of Elastic Stability (Timoshenko and Gere,
1961) will provide the fundamentals of stability theory.

In some cases, plate girders rely on the strength available after the web has
buckled, so most of the flexural strength will come from the flanges. The limit
states considered are yielding of the tension flange and buckling of the compres-
sion flange. Compression flange buckling can take the form of vertical buckling
into the web or flange local buckling (FLB), or it can be caused by lateral-torsional
buckling (LTB).

At a location of high shear in a girder web, usually near the support and at or
near the neutral axis, the principal planes will be inclined with respect to the longi-
tudinal axis of the member, and the principal stresses will be diagonal tension and
diagonal compression. The diagonal tension poses no particular problem, but the
diagonal compression can cause the web to buckle. This problem can be addressed
in one of three ways: (1) The depth-to-thickness ratio of the web can be made small
enough that the problem is eliminated, (2) web stiffeners can be used to form panels
with increased shear strength, or (3) web stiffeners can be used to form panels that
resist the diagonal compression through tension-field action. Figure 10.2 illustrates
the concept of tension-field action. At the point of impending buckling, the web
loses its ability to support the diagonal compression, and this stress is shifted to
the transverse stiffeners and the flanges. The stiffeners resist the vertical compo-
nent of the diagonal compression, and the flanges resist the horizontal component.
The web will need to resist only the diagonal tension, hence the term tension-field
action. This behavior can be likened to that of a Pratt truss, in which the verti-
cal web members carry compression and the diagonals carry tension, as shown in
Figure 10.2b. Since the tension field does not actually exist until the web begins
to buckle, its contribution to the web shear strength will not exist until the web
buckles. The total strength will consist of the strength prior to buckling plus the
postbuckling strength deriving from tension-field action.



668 Chapter 10: Plate Girders

FIGURE 10.2

s

Q\\J

Note: The arrows indicate forces acting on members, rather than
on joints

(b)

If an unstiffened web is incapable of resisting the applied shear, appropriately
spaced stiffeners are used to develop tension-field action. Cross-sectional require-
ments for these stiffeners, called intermediate stiffeners, are minimal because their
primary purpose is to provide stiffness rather than resist directly applied loads.

Additional stiffeners may be required at points of concentrated loads for the
purpose of protecting the web from the direct compressive load. These members
are called bearing stiffeners, and they must be proportioned to resist the applied
loads. They can also simultaneously serve as intermediate stiffeners. Figure 10.3
shows a bearing stiffener consisting of two rectangular plates, one on each side of
the girder web. The plates are notched, or clipped, at the inside top and bottom
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corners so as to avoid the flange-to-web welds. If the stiffeners are conservatively
assumed to resist the total applied load P (this assumption neglects any contribution
by the web), the bearing stress on the contact surfaces may be written as

P

=4,

where

A,, = projected bearing area
= 2at (see Figure 10.3)

or, expressing the bearing load in terms of the stress,

P=fA, (10.1)

In addition, the pair of stiffeners, together with a short length of web, is treated
as a column with an effective length less than the web depth and is investigated for
compliance with the same Specification provisions as any other compression mem-
ber. This cross section is illustrated in Figure 10.4. The compressive strength should
always be based on the radius of gyration about an axis in the plane of the web, as
instability about the other principal axis is prevented by the web itself.

Other limit states resulting from the application of concentrated loads to the top
flange are web yielding, web crippling (buckling), and sidesway web buckling. Side-
sway web buckling occurs when the compression in the web causes the tension flange
to buckle laterally. This phenomenon can occur if the flanges are not adequately
restrained against movement relative to one another by stiffeners or lateral bracing.

The welds for connecting the components of a plate girder are designed in much
the same way as for other welded connections. The flange-to-web welds must resist
the horizontal shear at the interface between the two components. This applied shear,
called the shear flow, is usually expressed as a force per unit length of girder to be re-
sisted by the weld. From Chapter 5, the shear flow, based on elastic behavior, is given by

4%

f 1

X
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where Q is the moment, about the neutral axis, of the area between the horizontal
shear plane and the outside face of the section. This expression is Equation 5.7
for shearing stress multiplied by the width of the shear plane. Because the applied
shear force V will usually be variable, the spacing of intermittent welds, if used,
can also vary.

10.3 AISC REQUIREMENTS FOR PROPORTIONS
OF PLATE GIRDERS

Whether a girder web is noncompact or slender depends on 4/t,, the width-to-
thickness ratio of the web, where £ is the depth of the web from inside face of flange
to inside face of flange and 7, is the web thickness. From AISC B4, Table B4.1b, the
web of a doubly symmetric I-shaped section is noncompact if

|[E h E
376, | —<—= 5.70\/7
F, o, F,
and the web is slender if
h E
—>570+ =
‘, F,
For singly symmetric I-shaped sections, the web is noncompact if
E

h., |E

h F h

14 y c

M 2<—55.70 —

0.54—2 — 0.09 w
Sy, 70

e

and it is slender if

h
—<£>570 \/E
‘, F,

where

h,. = twice the distance from the elastic neutral axis (the centroidal axis) to
the inside face of the compression flange. (4,/2 defines the part of the
web that is in compression for elastic bending. s, = h for girders with
equal flanges.) See Figure 10.5.

h,, = twice the distance from the plastic neutral axis to the inside face of the
compression flange. (hp/ 2 defines the part of the web in compression for
the plastic moment. /1, = h for girders with equal flanges.) See Figure 10.5.

M, = plastic moment = F,Z,
M, = yield moment = F|S,
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1 Plastic neutral axis

Centroid

1

Elastic neutral axis

To prevent vertical buckling of the compression flange into the web, AISC
F13.2 imposes an upper limit on the web slenderness. The limiting value of 4/z,, is a
function of the aspect ratio, a/h, of the girder panels, which is the ratio of intermedi-
ate stiffener spacing to web depth (see Figure 10.6).

a
For - =15
or h R
(h) =12.0 £
tw max Fy
a
For ->1.5
or A s
(h) _ 0.40E
tw max Fy

where a is the clear distance between stiffeners.
In all girders without web stiffeners, AISC F13.2 requires that 4/, be no
greater than 260 and that the ratio of the web area to the compression flange area

be no greater than 10.

(AISC Equation F13-3)

(AISC Equation F13-4)

r)-
1 [ ]
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h
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10.4

For singly symmetric sections, the proportions of the cross section must be such
that

01=-—=09 (AISC Equation F13-2)

where

I,.= moment of inertia of the compression flange about the y axis

I, = moment of inertia of the entire cross section about the y axis

FLEXURAL STRENGTH

The nominal flexural strength M, of a plate girder is based on one of the limit states
of tension flange yielding, compression flange yielding or local buckling (FLB), or
lateral-torsional buckling (LTB).

Tension Flange Yielding
From Chapter 5, the maximum bending stress in a flexural member bent about its
strong axis is

M
fb—§

X

where S, is the elastic section modulus about the strong axis. Expressing the bending
moment as a function of the section modulus and stress gives

M= bex
AISC F5 gives the nominal flexural strength based on tension flange yielding as
M, =F,S,, (AISC Equation F5-10)

where S, = elastic section modulus referred to the tension side.

Compression Flange Strength
The compression flange nominal strength is given by

M, =R, F.S,. (AISC Equation F5-7)
where
R, = bending strength reduction factor
F_, = critical compressive flange stress, based on either yielding or local
buckling

S, = elastic section modulus referred to the compression side



10.4: Flexural Strength 673

The bending strength reduction factor is given by

aW hc E
Rye=1- a0\ 37\ 7|=1 AISC Equation F5-
re 1200 + 3OOaW<tW > 7\/; ) 0 (AISC Equation F5-6)
where
thW )
= =10 (AISC Equation F4-12)
bretye

by, = width of the compression flange
t;. = thickness of the compression flange

(The upper limit of 10 in Equation F4-12 is not actually part of the AISC Equation,
but AISC F5.2 stipulates that limit.)

The critical compression flange stress F,. depends on whether the flange is
compact, noncompact, or slender. The AISC Specification uses the generic nota-
tion A, A, and A, to define the flange width-to-thickness ratio and its limits. From
AISC Table B4.1b,

b
E
A, =038 \/:y
k.E
A, =095 2
k=2 but (035 < k. = 0.76)
Cc A /h/tw c

F; = 0.7F, for girders with slender webs. (See AISC Table B4.1b, footnote b,

for compact and noncompact webs.)

IfA = A, the flange is compact. The limit state of yielding will control, and F, = F),
resulting in

M, =R, F,S (AISC Equation F5-1)

y Mxc

If A, <A = A, the flange is noncompact. Inelastic FLB will control, and

A—A
p .
F, = |:Fy — 0'3Fy()\, — )\p)] (AISC Equation F5-8)

If A > A, the flange is slender, elastic FLB will control, and

0.9Ek, ,
= (AISC Equation F5-9)

! cr
(bf)z
2tf
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FIGURE 10.7

Lateral-Torsional Buckling
The nominal lateral-torsional bucking strength is given by

M,=R, F,S, (AISC Equation F5-2)
Whether lateral-torsional buckling will occur depends on the amount of lateral
support—that is, the unbraced length L,. If the unbraced length is small enough,

yielding or flange local buckling will occur before lateral-torsional buckling. The
length parameters are L, and L,:

E
L,= 1.1rl\/;y (AISC Equation F4-7)
L, = £ (AISC Equation F5-5)
r 7Trt 07F quation

where

r, = radius of gyration about the weak axis for a portion of the cross section
consisting of the compression flange and one-third of the compressed
part of the web. For a doubly symmetric girder, this dimension will be one-
sixth of the web depth. (See Figure 10.7.) This definition is a conservative
approximation of r, (see the user note in AISC F4.2). The exact definition
is given by AISC Equation F4-11.

If L, = L, there is no lateral torsional buckling.

If L, < L, = L,, failure will be by inelastic LTB, and

Lb - Lp )
Fcr = Cb|:Fy — O3Fy <Lr—Lp>:| = Fy (AISC Equatlon F5-3)
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If L, > L,, failure will be by elastic LTB, and

C,mE .
F_ = =F, (AISC Equation F5-4)

cr Lb 2
(%)
C, is defined by AISC Equation F1-1 and is covered in Chapter 5 of this book.
As with all other flexural members covered in Chapter F of the Specifica-
tion, the resistance factor for LRFD is ¢, = 0.90, and the safety factor for ASD

is (), = 1.67. The computation of flexural strength is illustrated in Example 10.1,
Part a.

SHEAR STRENGTH

The shear strength of a plate girder is a function of the depth-to-thickness ratio
of the web and the spacing of any intermediate stiffeners that may be present.
The shear capacity has two components: the strength before buckling and the
postbuckling strength. The postbuckling strength relies on tension-field action,
which is made possible by the presence of intermediate stiffeners. If stiffen-
ers are not present or are spaced too far apart, tension-field action will not be
possible, and the shear capacity will consist only of the strength before buckling.
The AISC Specification covers shear strength in Chapter G, “Design of Members
for Shear.”

Section G2.1 covers the case where there is no post-buckling strength (that is,
there is no tension-field action). In this case, the strength before buckling is

V,=06FA,C, (AISC Equation G2-1)
where

A,, = area of the web = dr,,
d = overall depth = h + 21,

and the constant C,; is determined as follows.

k E
When h =110 [—,
t, F,

C,=10 (AISC Equation G2-3)

v
This corresponds to web shear yielding.

h k E
When — > 1.104 | —,

, F,
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1.10 kE
Fy

h/[

w

C,= (AISC Equation G2-4)

This corresponds to web shear buckling.

The constant C,; can be defined as the ratio of the critical web shear stress to
the web shear yield stress. The coefficient k, depends on whether transverse stiffen-
ers are used: if there are no transverse stiffeners,

k,=5.34
If transverse stiffeners are present,
5
k,=5+—= AISC Equation G2-5
v (a/h)2 ( q )
a
=534if ->3.0
)
Tension-field action may be considered in interior panels (not in end panels) when
a/h = 3.
When tension-field action is present, V,, is determined as follows.
h k,E
For—=1.10 ,
t F
w y
V,=06FA, (AISC Equation G2-6)
h k,E S
For . >1.10 7 there are two possibilities.
w y
L If 24y 25, <60, and - < 60
L f—F—=25, —=6.0,and — = 6.0,
(A +Ap) by, by
V. =0.6F (c o 17C ) (AISC Equation G2-7)
=0. uation G2-
n A\t TSV T @ q
2. Otherwise,
1 - CVZ

v, = 0.6FyAW(CV2

" 1.15(a/h + \/H(Th)z)> (AISC Equation G2-8)

where

Ay, = area of compression flange
Ay, = area of tension flange

bs. = width of compression flange
by, = width of tension flange
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The constant C, is determined as follows.

Ifﬁ =1.10

w

C,=10

k,E

Fy
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(AISC Equation G2-9)

In this case, AISC Equations G2-7 and G2-8 reduce to V,, = 0.6F A,,, which is the
same as AISC Equation G2-6 and for the same range of 4/t,, values.

kKE h k,E
If 1.10 <= =137 :
F, 1, F,

Cv2 =

h k,E
It~ >1.37

w

1.10 kB
VA

h /lw

Fy

1.51k,E

C,=———
(b1, )F,

(AISC Equation G2-10)

(AISC Equation G2-11)

In some cases, the shear strength predicted by not considering tension-field
action will be larger than the strength predicted by considering tension-field action.
AISC G2.2 permits the larger value to be used.

Solution of AISC Equations G2-1 (without tension field) and G2-7 or
G2-8 (with tension field) is facilitated by curves given in Part 3 of the Manual.
Tables 3-16a, 3-16b, and 3-16¢ present curves that relate the variables of these
equations for steel with a yield stress of 36 ksi, while Tables 3-17a, 3-17b, and 3-17c
do the same for steels with a yield stress of 50 ksi.

What are the conditions under which a tension field cannot be developed? A
tension field ordinarily cannot be fully developed in an end panel. This can be un-
derstood by considering the horizontal components of the tension fields shown in
Figure 10.8. (The vertical components are resisted by the stiffeners.) The tension
field in panel CD is balanced on the left side in part by the tension field in panel BC.
Thus interior panels are anchored by adjacent panels. Panel AB, however, has no
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such anchorage on the left side. Although anchorage could be provided by an end
stiffener specially designed to resist the bending induced by a tension field, that usu-
ally is not done. (Because the tension field does not cover the full depth of the web,
the interior stiffeners are also subjected to a certain amount of bending caused by
the offset of the tension fields in the adjacent panels.) Hence the anchorage for panel
BC must be provided on the left side by a beam-shear panel rather than the tension-
field panel shown.

Summary
Computation of the nominal shear strength can be condensed to the following pro-
cedure:

1. Compute the web slenderness ratio, i/t

2. For a given panel defined by the stiffener spacing, a, compute the aspect
ratio, a/h.

3. Compute k.

4. Compute C,; and V, for the no-tension-field case. This is the last step for
an end panel.

5. For an interior panel, if a/h = 3, and you want to use tension-field action,
compute C,, and V, using tension-field action. Choose the larger value of
V,, from this tension-field strength and the no-tension-field strength for the
same panel.

This same procedure also is used for determining the shear strength of hot-
rolled shapes with unstiffened webs (see Chapter 5). For those shapes, a/h does not
apply, k, = 5.34, and there is no tension field.

For LRFD, the resistance factor is ¢, = 0.90. For ASD, the safety factoris (), = 1.67.
Recall that these factors are different for some hot-rolled shapes.

Shear strength computation is illustrated in Example 10.1, part b.

Intermediate Stiffeners

Plate girders can be designed without intermediate stiffeners. Although this will
require more steel, this additional cost frequently will be offset by the savings in
stiffener material and labor. Stiffeners are not required when either

1. The no-tension-field strength is adequate.

or

2 M oous JE
‘, F,

Each of these conditions can be satisfied if 7, is made large enough.
If stiffeners are used, there is a maximum width-to-thickness ratio and a mini-
mum moment of inertia.

b E
() =056+ = (AISC Equation G2-12)
t st Fyst
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and
I,=1,+ Iy — Lp)p, (AISC Equation G2-13)

(These two requirements apply whether there is a tension field or not.)
The stiffener properties in AISC Equation G2-13 are

I, = moment of inertia about a vertical axis of symmetry through the web for
a pair of stiffeners
= moment of inertia about a vertical axis adjacent to the face of the web for
a single stiffener
I, = required moment of inertia for the no-tension-field case
25 .
= 5 = 2|bry, = 0.5bs;, (AISC Equation G2-15)
(a/h)
I, = required moment of inertia for the tension-field case
HAol3/F \15
- fgt (gw) (AISC Equation G2-14)
where
F,,
py = max (, 1)
yst
F,,, = yield stress of the girder web

r VCZ
Vcl - V(:Z
stiffener (This value must be = 0.)

p,, = maximum value of < ) for the two panels adjacent to the

V, = required shear strength in the panel being considered

V, = available shear buckling strength calculated with V,, = 0.6F,A ,C,,
V,, = available shear strength calculated from either the no-tension-field or the

tension-field case, whichever is being considered

The User Note in AISC G2.3 states that / may be conservatively taken as ;.

Intermediate stiffeners are subjected primarily to bending, rather than axial
force. This is the reason that a minimum moment of inertia, rather than a minimum
area, is specified.

Unless they also serve as bearing stiffeners, intermediate stiffeners are not
required to bear against the tension flange, so their length can be somewhat less
than the web depth £, and fabrication problems associated with close fit can be
avoided. When single stiffeners are used, they should be welded to the compression
flange. According to Section G2.3 of the Specification, the length should be within
limits established by the distance between the weld connecting the stiffener to the
web and the weld connecting the web to the tension flange. This distance, labeled ¢
in Figure 10.9, should be between four and six times the web thickness.
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FIGURE 10.9

10.6
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Proportioning the intermediate stiffeners by the AISC rules does not require
the computation of any forces, but a force must be transmitted from the stiffener to
the web, and the connection should be designed for this force. Basler (1961) recom-
mends the use of a shear flow of

F3
f=0.045h 4 /Ey kips/in. (10.2)

The minimum intermittent fillet weld will likely be adequate (Salmon and Johnson,
1996). AISC G2.3 requires the clear distance between intermittent fillet welds be no
more than 16¢,, or 10 inches.

BEARING STIFFENERS

Bearing stiffeners are required when the web has insufficient strength for any of the
limit states of web yielding, web crippling, or sidesway web buckling. These limit
states are covered in Chapter J of the Specification “Design of Connections.” For
web yielding, when the load is at a distance greater than the girder depth from the
end, the nominal strength is

R,=F

Ok + €1) (AISC Equation J10-2)

When the load is less than this distance from the end,
R, = F,t1,(2.5k +€,) (AISC Equation J10-3)
where

k = distance from the outer face of the flange to the toe of the fillet in the
web (for rolled beams) or to the toe of the weld (for welded girders)
€, = length of bearing of the concentrated load, measured in the direction of
the girder longitudinal axis (not less than k for an end reaction)
F,,, = yield stress of the web

For LRFD, the resistance factor is ¢ = 1.00. For ASD, the safety factor is (2 = 1.50.
(We covered this limit state in Chapter 5.)
For web crippling, when the load is at least half the girder depth from the end,

- 2 G\ (] [ EEWY .
R,=080|1+3 7 . Oy (AISC Equation J10-4)
f w
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When the load is less than this distance from the end of the girder,

¢\t NS [EF. ¢ ¢
R = 04021 + 32| =20 for-2=02
n w[ (d)(tf> j| t Qf, or d

(AISC Equation J10-5a)

and

40 t\51 [EF._¢ ¢
R =0402|1+—2—02]) = — i for 2> 02
= 0a08] 1+ (02 [\ Py o

(AISC Equation J10-5b)
where

d = overall depth of girder
1, = thickness of girder flange

Qf = 1.0

For LRFD, the resistance factor is ¢ = 0.75. For ASD, the safety factor is ) = 2.00.
(We also covered this limit state in Chapter 5.)

Bearing stiffeners are required to prevent sidesway web buckling only under a
limited number of circumstances. Sidesway web buckling should be checked when the
compression flange is not restrained against movement relative to the tension flange.
If the compression flange is restrained against rotation, the nominal strength is

Ctt h/t, \3
_rtwf w )
R, = 7 {1 + 0.4<Lb/bf> ] (AISC Equation J10-6)

[This equation need not be checked if (h/1,,)/(L,/by) > 2.3.]
If the flange is not restrained against rotation,

Crr:’vtf h/tw 3 )
R,= 2 {0.4<Lb/bf> } (AISC Equation J10-7)

[This equation need not be checked if (h/1,,)/(L,/b;) > 1.7.] where

C, = 960,000 ksi when M, < M, (for LRFD) or 1.5 M, < M, (for ASD)
= 480,000 ksi when M, = M, (for LRFD) or 1.5 M, = M, (for ASD)
(All moments are at the location of the load.)
L, = largest unbraced length of either flange (at the load point)

For LRFD, ¢ = 0.85. For ASD, Q) = 1.76.
Although the web can be proportioned to directly resist any applied concen-
trated loads, bearing stiffeners are usually provided. If stiffeners are used to resist
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the full concentrated load, the limit states of web yielding, web crippling, and side-
sway web buckling do not need to be checked.”
The nominal bearing strength of a stiffener is given in AISC J7 as

R,=18F,A,, (AISC Equation J7-1)

(This equation is the same as Equation 10.1 with a bearing stress of f, = 1.8F).)
For LRFD, the resistance factor is ¢ = 0.75. For ASD, the safety factor is (2 = 2.00.

AISC J10.8 requires that full-depth stiffeners be used in pairs and analyzed as
axially loaded columns subject to the following guidelines:

The cross section of the axially loaded member consists of the stiffener plates
and a length of the web (see Figure 10.4). This length can be no greater than
12 times the web thickness for an end stiffener or 25 times the web thickness
for an interior stiffener.

The effective length should be taken as 0.75 times the actual length—that is,
L.= KL =0.75h.

The nominal axial strength is based on the provisions of AISCJ4.4, “Strength
of Elements in Compression,” which are as follows:

LC
For — = 25,
r
P, =FA, (AISC Equation J4-6)

This is the “squash load” for the stiffener—that is, the load that causes com-
pression yielding, with no buckling. For LRFD, the resistance factor for this
limit state is ¢ = 0.90; for ASD, the safety factor is () = 1.67.

L
For 76 > 25, the usual requirements for compression members in AISC
Chapter E apply.

The weld connecting the stiffener to the web should have the capacity to
transfer the unbalanced force. Conservatively, the weld can be designed to
carry the entire concentrated load. If the stiffener bears on the compression
flange, it need not be welded to the flange.

Although no width-to-thickness ratio limit is given in the Specification for bearing
stiffeners, the requirement of AISC Equation G3-3 for intermediate stiffeners can
be used as a guide in proportioning bearing stiffeners:

b E
() =056/
t st Fyst

Bearing-stiffener analysis is illustrated in Example 10.1, Part c.

“If the compression flange is not restrained at the load point and AISC Equation J10-7 is not satisfied,
lateral bracing must be provided at both flanges at the load point (AISC J10.4). Bearing stiffeners will
not be effective.
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Example 10.1

The plate girder shown in Figure 10.10 must be investigated for compliance with the
AISC Specification. The loads are service loads with a live-load—to—dead-load ratio
of 3.0. The uniform load of 4 kips/ft includes the weight of the girder. The compres-
sion flange has lateral support at the ends and at the points of application of the
concentrated loads. The compression flange is restrained against rotation at these
same points. Bearing stiffeners are provided as shown at the ends and at the con-
centrated loads. They are clipped 1 inch at the inside edge, both top and bottom, to
clear the flange-to-web welds. There are no intermediate stiffeners, and A36 steel is
used throughout. Assume that all welds are adequate and check

a. Flexural strength
b. Shear strength
c. Bearing stiffeners

FIGURE 10.10 40k 40k 40k
4 k/ft (includes girder wt.)
Y \ Y (
AYY Y Yy v Yy Yy vy vy Y Yy
I B C D R
12’ 12’ 12’ 127
48’
6"
’4—»‘ PL1 X 16
——
/,/%PL% X TV | -2PL% X T% 65"
/ PL% x 63— |
1 c——— L_._\\_Ji
Detail at A and £ Dectail at B,C,D PL1 x 16

Typical section

LRFD Check the web width-to-thickness ratio.

luti
solution ﬁ_ 6i_ s
t 3/8

w

E 29,000
570+ |7 =570 | —2—= 1618
F, 36
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Since h/t,, > 5.70V E/F),, the web is slender and the provisions of AISC FS apply.

The web must satisfy the slenderness limitation of AISC F13.2. The limiting
value of 4/t,, will depend on the aspect ratio a/h. For this plate girder, the bearing
stiffeners will serve as intermediate stiffeners, and

a _12(12)

h 63

= 2.286

(This ratio is approximate because a is not exactly 12 feet. In the interior panels,

12 feet is the center-to-center stiffener spacing rather than the clear spacing. In the

end panels, a is less than 12 feet because of the double stiffeners at the supports.)
Because a/h is greater than 1.5, AISC Equation F13-4 applies:

0.40E  0.40(29,000) h
= =32>— (0K
F, 36 ‘, (OK)

a. Flexural strength: To determine the flexural strength, the elastic section modu-
lus will be needed. Because of symmetry,

Sxt = ch = Sx

The computations for /,, the moment of inertia about the strong axis, are sum-
marized in Table 10.1. The moment of inertia of each flange about its centroidal

axis was neglected because it is small relative to the other terms. The elastic sec-
tion modulus is

I, 40,570 . 3
S, = e s 1248 in.

From AISC Equation F5-10, the tension flange strength based on yielding is

M, = F,S,, = 36(1248) = 44,930 in.-kips
= 3744 ft-kips

The compression flange strength is given by AISC Equation F5-7:

Mn = Rngchxc
TABLE 10.1 Component A I d I +Ad
Web — 7814 — 7,814
Flange 16 — 32 16,380
Flange 16 — 32 16,380

40,574
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where the critical stress £, is based on either flange local buckling or yielding.
For flange local buckling, the relevant slenderness parameters are

N
2, 2(1.0)

E 29,000
A, =038/ — =038 [~ —=1079
2 \/;y 36

Since A < A, there is no flange local buckling. The compression flange strength
is therefore based on yielding, and F, = F, = 36 ksi.

To compute the bending strength reduction factor R, the value of a,, will be

needed. From AISC Equation F4-12, e
0 - :ftt: - izg/ S; — 1477 <10
From AISC Equation F5-6,
Rpg=1—120()jw30(mw(t:—5.7 2)510
=1~ %00 +1;;()7(1.447) (168 -7 29§%OO> = 09945

From AISC Equation F5-7, the nominal flexural strength for the compression
flange is
M, = R, F.S,. = 0.9945(36)(1248)

= 44,680 in.-kips = 3723 ft-kips

To check lateral-torsional buckling we need the slenderness ratio r,. From
Figure 10.11,

1 5, 1 3\3 i
= — +-—(10.5)(=) =341.4in.
I, = S (D)(16)* + (10 5)(8) 341.4in

A=16(1) + 10.5(2) = 19.94 in.2

i /341.4
- Y T i
7 \/> 19.94 4.138 in.
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FIGURE 10.11
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63/6 = 10.5"
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Check the unbraced length.

L,=12ft

E 29,000 o
i, = 1Ll /Fy = LI(4.138) 1[5 — = 129.2in. = 10.77 ¢

E 29,000 .
L, =wr\[g7m = 7(4138) 4 5= (o)~ 441.0in. = 36.75 1
JF, ]

Since L, < L, < L, the girder is subject to inelastic lateral-torsional buckling.
From AISC Equation F5-3,

Fcr = Cb Fy — 03Fy ﬁ = Fy
r p

For the computation of C,, refer to Figure 10.12, which shows the loading,
shear, and bending moment diagrams based on factored loads. (Verification
of the values shown is left as an exercise for the reader.) Compute C, for the
12-foot unbraced segment adjacent to the midspan stiffener. Dividing this
segment into four equal spaces, we get points A, B, and C located at 15 ft,
18 ft and 21 ft from the left end of the girder. The corresponding bending
moments are

M, = 234(15) — 60(3) — 6(15)%/2 = 2655 ft-kips
M, = 234(18) — 60(6) — 6(18)?/2 = 2880 ft-kips
M, = 234(21) — 60(9) — 6(21)2/2 = 3051 ft-Kips
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The nominal flexural strength is therefore based on yielding of the compres-
sion flange, and

M,, = 3723 ft-kips

The design strength is ¢, M, = 0.90(3723) = 3350 ft-kips, which must be com-
pared to M,,, the maximum factored load moment. From Figure 10.12, the maxi-
mum factored load moment is

M, = 3168 ft-kips < 3350 ftkips  (OK)
Answer The flexural strength is adequate.

b. Shear strength: The shear strength is a function of the web slenderness ratio,
h/t,, and the aspect ratio, a/h.
h
— =168

w

For both the end panels and the interior panels,

a
—=2.286
h

Determine the strength for the no-tension-field case. Since intermediate
stiffeners are used,

5 5
k,=5+——=5+——_=5057
C (a/h)? (2.286)>

k,E 5.957(29,000)
1.10 = 1104 [ = 76.20
F, 36

Since 168 > 76.20, use AISC Equation G2-4 to compute C,;.

10 / /5. 957(29 000)

From AISC Equation G2-1,
V,=06FA,C,
A, = dt, = (h + 21, = (63+2 X 1)(3/8) = 24.38 in.?

= 0.4536

V, = 0.6(36)(24.38)(0.4536) = 238.9 kips (for the no-tension-field case)

The design shear strength for the end panels is ¢V, = 0.90(238.9) = 215 kips.
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Since a/h < 3, tension-field action can be used for the interior panels. Com-
pute C,,:

k,E s. 957(29 000)

1.10 = 76.20
k E 5.957(29,000)

137 [ = 137 4 | = 94.90
F, 36

Since A/t,, = 168 > 94.90, use AISC Equation G2-11:

1.51k,E 1.51(5.957)(29,000)
2= (W1, )2F (168)3(36)

= 0.2567

Determine which strength equation to use:

Ag = Ay =16(1) = 16 in.2

24, 2(24.38)
= = 1.524
(A +Ap  (16+16)
h h 63
— = = 3.938
b, bﬁ 16
) 24, h h
Since ——— < 2.5, and — < 6.0, and — < 6.0, use AISC Equation G2-7:
(Ag + Ap) by, by
V, = 0.6F,A (c =% )
ne T T 115V + (a/h)
— 0.2567
= 0.6(36)(24.38)<O.2567 +* ) = 271.6 kips
1.15\/1 + (2.286)2

Use the maximum of the tension-field case and the no-tension-field case for the
interior panel strength = max(271.6, 238.9) = 271.6 kips.

The design shear strength for the interior panels is ¢V, = 0.90(271.6) =
244 kips.

From Figure 10.12, the maximum factored load shear in the middle half of
the girder is 102 kips, so the shear strength is adequate where tension-field action
is permitted.

The maximum factored load shear in the end panel is

V, =234kips > 215kips  (N.G.)

Two options are available for increasing the shear strength: either decrease
the web slenderness (probably by increasing its thickness) or decrease the aspect
ratio of each end panel by adding an intermediate stiffener. Stiffeners are added
in this example.
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The location of the first intermediate stiffener will be determined by the fol-
lowing strategy: First, equate the shear strength from AISC Equation G2-1 to the
required shear strength and solve for the required value of C,,;. Next, solve for k,,
from Equation G2-4, then solve for a/h.

The required shear strength is

V., 234

Required V,, = (?V =090 260.0 kips

From AISC Equation G2-1,

V, = 0.6F,A,C,

v, 260.0
= = =04
Gt 0.6F,A,  0.6(36)(24.38) 04937
1.10Vk, E/F,
C, = T — (AISC Equation G2-4)
Ch(W/1,)°F,  (0.4937)2(168)%(36) 058
YT (1102E - 121(29.0000
5
k,=54+———
’ (a/h)?

a 5 5
h \/kv -5 \/7.058 —5 1%

The required stiffener spacing is

a = 1.559h = 1.559(63) = 98.22 in.

Although a is defined as the clear spacing, we will treat it conservatively as a
center-to-center spacing and place the first intermediate stiffener at 98 inches
from the end of the girder. This placement will give a design strength that equals
the maximum factored load shear of 234 kips. No additional stiffeners will be
needed, since the maximum factored load shear outside of the end panels is less
than the design strength of 237 kips.

The determination of the stiffener spacing can be facilitated by the use
of the design curves in Part 3 of the Manual; we illustrate this technique in
Example 10.2.

Answer The shear strength is inadequate. Add one intermediate stiffener 98 inches from
each end of the girder.

c. Bearing stiffeners: Bearing stiffeners are provided at each concentrated load, so
there is no need to check the provisions of AISC Chapter J for web yielding, web
crippling, or sidesway web buckling.
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For the interior bearing stiffeners, first compute the bearing strength. From
Figure 10.13,

A,y = 2at = 2(7.5 = 1)(0.75) = 9.750 in.2
From AISC Equation J7-1,

R, = 18F,A,, = 1.8(36)(9.750) = 631.8 kips
(OK)

Check the strength of the stiffener as a compression member. Referring
to Figure 10.13, we can use a web length of 9.375 inches, resulting in a cross-
sectional area for the “column” of

®R, = 0.75(631.8) = 474 kips > 60 kips

A= 2(0.75)(7.5)+(2)(9.375) = 1477 in2

The moment of inertia of this area about an axis in the web is

I1=2T+ Ad%
9.375(3/8)3 0.75(7.5)3 7.5  3/8\?
= + +7.50.75) — + —
o 2= 7.5(0.75) 5 5
=2272in*

and the radius of gyration is

1 [227.2 .
r= \/;— ﬁ—3922m
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The slenderness ratio is
& _ KL Kh _ 0.75(63)
rr r 392

..P,=F,A, =36(14.77) = 531.7 kips

=12.05 <25

and
¢P, = 0.90(531.7) = 479 kips > 60 kips (OK)

For the bearing stiffeners at the supports, the nominal bearing strength is
(refer to Figure 10.14)

R, = 1.8FyApb = 1.8(36)[4(6.5)(0.75)] = 1264 kips
and
¢R, = 0.75(1264) = 948 kips > 234 kips (OK)

Check the stiffener—web assembly as a compression member. Referring to Fig-
ure 10.14, the moment of inertia about an axis in the plane of the web is

=21+ Ad?)
4.5(3/8)3 0.75(7.5)° 75  3/8\2 "
= —+ + o o -+ — = o .
5 4 13 7.5(0.75) 5 5 4543 in
FIGURE 10.14 Al vﬂi
1 1 27222 :{ t=10.75"
el t
=6.5"
Section 1-1
2 2 - t, = Ny
/ w
AL l
* - ] j&tw = 12(3%)
0.75" z = 45"
’ 7.5"
>

Section 2-2
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and the area and radius of gyration are

A= 4.5(3) + 4(0.75)(7.5) = 24.19 in.2

and
I 454.3 )
& \ﬁ— \aag ~ 43

The slenderness ratio is
L, _Kh 0.75(63)

r r 4334
- P, =F,A, =36(24.19) = 870.8 kips

&P, = 0.90(870.8) = 784 kips > 234 kips  (OK)

=10.90 <25

Answer The bearing stiffeners are adequate.

ASD The allowable strength solution of this problem is practically identical to the load
solution and resistance factor design solution. With one exception, the only differences are in
the loads and whether a resistance factor or a safety factor is used. Because of this,
the ASD solution presented here will make use of most of the LRFD calculations,
which will not be repeated. From the LRFD solution, the web-slenderness limita-

tion of AISC F13.2 is satisfied.

a. Flexural strength: This is the same as the LRFD solution up to the computation
of C,. For this, we need the service load moments. Figure 10.15 shows the loading,
shear, and bending moment diagrams for the service loads (verification of the val-
ues is left as an exercise for the reader). Compute C,, for the 12-foot unbraced seg-
ment adjacent to midspan. Dividing this segment into four equal spaces, we get
points A, B, and C located at 15 ft, 18 ft, and 21 ft from the left end of the girder.

The corresponding bending moments are

M, = 156(15) — 40(3) — 4(15)?/2 = 1770 ft-kips

My = 156(18) — 40(6) — 4(18)%/2 = 1920 ft-kips

M, = 156(21) — 40(9) — 4(21)?/2 = 2034 ft-kips
From AISC Equation F1-1,

3 12.5M .
C25M,. +3M, +4My+ 3M,

Cy

~ 12.5(2112)
T 2.5(2112) + 3(1770) + 4(1920) + 3(2034)

=1.083
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FIGURE 10.15 40 k 40k 40k
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This value of C, is the same as that obtained in the LRFD solution (this is typi-
cally the case), so the critical stress for lateral-torsional buckling is the same
as for the LRFD solution. The nominal flexural strength is therefore based on
yielding of the compression flange, and

M, = 3723 ft-kips

The allowable strength is

M, 3723
= 2122 22091t ki
0, 167 9 ft-kips

From Figure 10.15, the maximum moment is
M, = 2112 ft-kips < 2229 ft-kips (OK)
Answer The flexural strength is adequate.

b. Shear strength: From the LRFD solution, the nominal shear strength (except for
the end panels), is

V., = 271.6 kips
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The allowable strength is

V. 2716 :
Qﬁ = m = 162.6k1pS

v

From Figure 10.15, the maximum shear in the middle half of the girder is 68 kips,
so the shear strength is adequate where tension-field action is permitted.
From the LRFD solution, the nominal shear strength in the end panels is

V, = 238.9 kips

and the allowable strength is

V, 2389 .
Q- 16 - 143.1kips

v

The maximum shear in the end panel is
V, = 156 kips > 143.1 kips (N.G.)

Two options are available for increasing the shear strength: either decrease the
web slenderness or decrease the aspect ratio of each end panel by adding an
intermediate stiffener. Stiffeners will be added in this example.

The location of the first intermediate stiffener will be determined by
the following strategy: First, equate the shear strength from AISC Equation
G2-1 to the required shear strength and solve for the required value of C,;.
Next, solve for k, from Equation G2-4, then solve for a/h. The required shear
strength is

Required V,, = Q,V, = 1.67(156) = 260.5 kips

This is the same as the required V,, from the LRFD solution. The slight difference
is caused by the rounding of the safety factor Q from %3 to 1.67 (this rounding
was noted in Chapter 2). Therefore, we will use the results of the LRFD solution:

Required a = 98.0 in.

Although a is defined as the clear spacing, we will treat it conservatively as a
center-to-center spacing and place the first intermediate stiffener at 98 inches from
the end of the girder. This placement will give a strength that equals the maximum
shear of 156 kips. Since the allowable shear strength outside of the end panels is
162.6 kips, which is more than the maximum shear in the girder, no additional
stiffeners will be needed.

The determination of the stiffener spacing can be facilitated by the use of the
design curves in Part 3 of the Manual.

Answer The shear strength is inadequate. Add one intermediate stiffener 98 inches from
each end of the girder.
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c. Bearing stiffeners: Bearing stiffeners are provided at each concentrated load,
so there is no need to check for web yielding, web crippling, or sidesway web
buckling.

For the interior bearing stiffeners, the nominal bearing strength (see the
LRFD solution) is

R, = 631.8 kips
and the allowable strength is

% = 623% = 316kips > 40 kips (OK)

From the LRFD solution, the nominal strength of the stiffener assembly as
a compression member is

P, = 531.7 kips
The allowable strength is

% = % = 318 kips > 40 kips (OK)

For the bearing stiffeners at the supports, the nominal bearing strength from
the LRFD solution is

R, = 1264 kips
and the allowable strength is

R, 1264 . .
— = — = >
Q- 2.00 632 kips > 156 kips (OK)

From the LRFD solution, the nominal strength of the stiffener assembly as
a compression member is

P, = 870.8 kips
and the allowable strength is

P, 8708 . .
_— = = >
167 521kips > 156 kips (OK)

Answer The bearing stiffeners are adequate.

10.7 DESIGN

The primary task in plate girder design is to determine the size of the web and
the flanges. If a variable moment of inertia is desired, decisions must be made re-
garding the method of varying the flange size —that is, whether to use cover plates
or different thicknesses of flange plate at different points along the length of the
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girder. A decision about whether to use intermediate stiffeners must be made
early in the process because it will affect the web thickness. If bearing stiffen-
ers are needed, they must be designed. Finally, the various components must be
connected by properly designed welds. The following step-by-step procedure is
recommended.

1. Select the overall depth. The optimum depth of a girder depends on
the situation. Some authors recommend an overall depth of Yo to Y42 of
the span length (Gaylord, et al., 1992). Others suggest a range of % to
%0 (Galambos, et al., 1980). Salmon, et al. (2009) and Blodgett (1966)
give procedures for determining the depth that incorporate the required
moment strength and a specified A/t,, ratio. As with any beam design,
constraints on the maximum depth could establish the depth by default.
Building code limitations on the depth-to-span ratio or the deflection
could also influence the selection. In this book, we will use an initial trial
depth of %o to %2 of the span length.

2. Select a trial web size. The web depth can be estimated by subtracting
twice the flange thickness from the overall depth selected. Of course, at
this stage of the design, the flange thickness must also be estimated, but the
consequences of a poor estimate are minor. The web thickness ¢, can then
be found by using the following limitations as a guide.

Fora/h = 1.5,
h E
() =120 \/> (AISC Equation F13-3)
b/ max Fy
a
For —>1.5
or - ,
h 0.40E
() =— (AISC Equation F13-4)
by /) max Fy

Once h and ¢,, have been selected, determine whether the web width-to-
thickness ratio qualifies this member as a slender-web flexural member.
If so, the provisions of AISC F5 can be used. (If the web is noncompact,
AISC F5 can still be used, but it will be conservative.)

3. Estimate the flange size. The required flange area can be estimated from
a simple formula derived as follows. Let

Ix = Iweb + Iﬂanges

1 1
~ B 2A Y ~ — 1, B + 2A,(h)2) 10,

where

Ay = cross-sectional area of one flange
y = distance from the elastic neutral axis to the centroid of the flange
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>

The contribution of the moment of inertia of each flange about its own
centroidal axis was neglected in Equation 10.4. The section modulus can be
estimated as

Lk 24,02 1, h?

c w2 h/2 6

If we assume that compression flange buckling will control the design, we
can find the required section modulus from AISC Equation F5-7:

M,=R,F,S

pg’ crPxc
Mnreq
Required S, =
xc Rngcr
where M, is the required nominal moment strength. Equating the re-
quired section modulus to the approximate value, we have
Mnreq twh2
— = + Ash
R, Fo, 6
A= Mnreq _ M
I hR,F, 6

If we assume that R,,, = 1.0 and F, = F,, the required area of one flange is

Mnreq A
A= - 10.4
I hF, 6 104
where
M,, ;.q = Required nominal flexural strength
=M, /¢, for LRFD

= Q,M, for ASD
A,, = web area = overall depth X web thickness

Once the required flange area has been determined, select the width
and thickness. If the thickness originally used in the estimate of the web
depth is retained, no adjustment in the web depth will be needed. At this
point, an estimated girder weight can be computed, then M and Ay
should be recomputed.

Check the bending strength of the trial section.

Check shear. Shear strength, V,, is a function of 4/t,, and a/h. The design
curves of Tables 3-16a, b, and c relate these variables for Fy = 36 ksi, and
Tables 3-17a, b, and ¢ do the same for Fy = 50 ksi. Tables 3-16a and 3-17a are
for the no-tension-field case. For the tension-field case, there are two tables
for each grade of steel. Tables 3-16b and 3-17b give the strength from AISC
Equation G2-7, which is used when

Ay 2.5 h 6.0 d h 6.0
—_— = . — = 0. an — = 0.
(Ag + Ap) by by

nreq
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and Tables 3-16¢ and 3-17c give the strength from AISC Equation G2-8,
which is used when

2A

w

h h
—>25 or —>60 or —>6.0
(Ap + Ap) by, by
Proportion the intermediate stiffeners to satisfy the provisions of AISC
G2.3.

6. Design bearing stiffeners. To determine whether bearing stiffeners are
needed, check the web resistance to concentrated loads (web yielding, web
crippling, and web sidesway buckling). Alternatively, bearing stiffeners can
be provided to fully resist the concentrated loads, and the web need not be
checked. If bearing stiffeners are used, the following design procedure can
be used.

a. Try a width that brings the edge of the stiffener near the edge of the
flange and a thickness that satisfies AISC Equation G2-12:

E
(b) =056/ —
l st Fyst

b. Compute the cross-sectional area needed for bearing strength. Compare
this area with the trial area and revise if necessary.
c. Check the stiffener—web assembly as a compression member.
7. Design the flange-to-web welds, stiffener-to-web welds, and any other
connections (flange segments, web splices, etc.).

Example 10.2

Use LRFD and design a simply supported plate girder to span 60 feet and sup-
port the service loads shown in Figure 10.16a. The maximum permissible depth is
65 inches. Use A36 steel and E70XX electrodes and assume that the girder has con-
tinuous lateral support. The ends have bearing-type supports and are not framed.

The factored loads, excluding the girder weight, are shown in Figure 10.16b.
Determine the overall depth.

Span length  60(12)

10 10 72 in.
Span length  60(12) a0
2 1z "

Use the maximum permissible depth of 65 inches.
Try a flange thickness of 7, = 1.5 inches and a web depth of

h=65—2(1.5) = 62in.
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FIGURE 10.16 Pp =78k
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(b) Factored Loads
(Girder weight not included)

To determine the web thickness, first examine the limiting values of //1,,..

From AISC Equations F13-3 and F13-4:

a
For—=15
or ,
2
<h> =120 - 12.0 2D 340.6
b/ max F, 36
62
int, = ——— = 0.182 in.
minz,, 340.6 0.182 in
a
For —>1.5
or ,
: 0.40(29,000
<h> —lats ( ) =322.2
f ) max F, 36
= 0.192 in.

MRh =322
Try a %16 X 62 web plate: Determine whether the web is slender.

ho 62
=16 1984

tW

5.70 £ =5.70 M = 161.8 < 198.4 .. The web is slender.
Fy 36
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Determine the required flange size. From Figure 10.16b, the maximum factored-
load bending moment is

186.4(60)  4.040(60)2
M, = 4( )+ 8( )

= 4614 ft-kips

From Equation 10.4, the required flange area is

Af: Mnrcq _ ﬂ
th 6

M A 4614 X 12)/0.90  62(5/16
MJb, A, Y090 62516 _ .,

hF, 6 62(36) 6

If the original estimate of the flange thickness is retained, the required width is

A

f 24.33 .
by=—L =" =162in.
T 1S "

Try a 1'2 x 18 flange plate: The girder weight can now be computed.

Web area: 62(5/16) = 19.38 in.?
Flange area: 2(1.5 X 18) = 54.00 in.?
Total: 73.38 in.2

. 73.38
Weight = m(490) = 250 1b/ft
The adjusted bending moment is

(1.2 X 0.250)(60)?
8

M, = 4614 + = 4749 ft-kips

Figure 10.17 shows the trial section, and Figure 10.18 shows the shear and
bending moment diagrams for the factored loads, which include the girder weight
of 250 1b/ft.

Check the flexural strength of the trial section. From Figure 10.17, the moment
of inertia about the axis of bending is

| _ (/16)(62)

; ) + 2(1.5)(18)(31.75)2 = 60,640 in.*
and the elastic section modulus is

I, 60,640

= 1866 in.?

Y ooc 32.5
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FIGURE 10.17 0.75"
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An examination of AISC Equations F5-7 and F5-10 shows that for a girder with a
symmetrical cross section, the flexural strength will never be controlled by tension-
flange yielding; therefore only compression-flange buckling will be investigated.
Furthermore, as this girder has continuous lateral support, lateral-torsional buckling
need not be considered.



Answer

10.7: Design 703

Determine whether the compression flange is compact, noncompact, or slender.

b 1
_r_ 18 _
2, 2(1.5)

|E /29,000
= 0. —=0. - = 10.
A, =038 F, 0.38 36 0.79

Since A < A, there is no flange local buckling. The compression-flange strength is
therefore based on yielding, and F, = F,, = 36 ksi.

To compute the plate girder strength reduction factor R
be needed:

ht,  62(5/16)
a, = = o1
bt 18(L5)

From AISC Equation F5-6,

R o=1-— % (h o, JEV_,
=1 — . =1
Py 1200 + 3000, \s, > \F,
07176 29,000
—1- 198.4 — 5.7 1| 222 = 0.9814
1200 + 300(0.7176)( 945736 ) 0.98

From AISC Equation F5-7, the nominal flexural strength for the compression flange is

M, =R, F.S. =0.9814(36)(1866) = 65,930 in.-kips = 5494 ft-Kips

n = BpglerPxe

g the value of a,, will

=0.7176 < 10

and the design strength is
dpM, = 0.90(5494) = 4945 ft-kips > 4749 ft-kips (OK)

Although this capacity is somewhat more than needed, the excess will compensate
for the weight of stiffeners and other incidentals that we have not accounted for.

Use a 16 X 62 web and 1'/4 X 18 flanges, as shown in Figure 10.17.

Check the shear strength. The shear is maximum at the support, but tension-
field action cannot be used in an end panel. Table 3-16a in Part 3 of the Manual will
be used to obtain the required size of the end panel. The curves will be entered with
values of //t,, and the required ¢,V, /A,,, where

tﬁ = 198.4

w

d=h+2=62+2(15) = 65 in.
A, = dt, = 65(5/16) = 20.31 in.2

oV, V, 2234 _
=4 =031~ \10ksi

w w

Required
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Using h/t,, = 198 and ¢,V /A,, = 11 ksi, we get a value of a/h of approximately 0.80.
a = 0.80h = 0.80(62) = 49.6 in.

Although the required stiffener spacing is a clear distance, the use of center-
to-center distances is somewhat simpler and will be slightly conservative. Use a
distance of 45 inches from the center of the bearing stiffener at the end to the center
of the first intermediate stiffener.

Determine the intermediate stiffener spacings needed for shear strength out-
side the end panels. At a distance of 45 inches from the left end, the shear is

V,=2234— 4.34(3) = 207.1 kips

oV, 2071
A, 2031

w

Required = 10.20 ksi

Tension-field action can be used outside the end panels, so the curves of AISC
Tables 3-16b or ¢ will be used.

24, _ 22031 _ o 0
(A + Ay 2(15x18) ‘
h_h 825 aa<e0
by by 18

Therefore, the conditions for using Table 3-16b are satisfied. For
h/t, =198 and ¢ ,V,/A, = 11 ksi,

a/h = 1.70, and the required stiffener spacing is
a = 1.70h = 1.70(65) = 111 in.

This spacing will apply for the remaining distance to the centerline of the girder.
This distance is

30(12) — 45 = 315 in.

For a spacing a of 111 in., the number of panels is 315/111 = 2.84 panels. Use three
panels at 315/3 = 105 in., as shown in Figure 10.19.
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FIGURE 10.20

Answer

Y >

'
i //Web
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Try two 7/16 x 4 plates: From Figure 10.20 and the parallel-axis theorem,
I, = 2(I X Ad?)

3
= [(7/1162)(4) + (7/16)(4)(2 + 5/ 32)2] X 2stiffeners
=20.9in.*>19.3 in.* (OK)

We will use this size for all of the intermediate stiffeners. To determine the length of
the stiffeners, first compute the distance between the stiffener-to-web weld and the
web-to-flange weld (see Figure 10.9):

Minimum distance = 4¢,, = 4(156) = 1.25in.

Maximum distance = 6f,, = 6(156) = 1.875in.

If we assume a flange-to-web weld size of %46 inch and 1.25 inches between welds,
the approximate length of the stiffener is

h — weld size — 1.25 = 62 — 0.3125 — 1.25
= 60.441in. .".Use 60 in.

Use two plates //16 X 4 X 5'-0" for the intermediate stiffeners.

Bearing stiffeners will be provided at the supports and at midspan. Since there
will be a stiffener at each concentrated load, there is no need to investigate the
resistance of the web to these loads. If the stiffeners were not provided, the web would
need to be protected from yielding and crippling. To do so, enough bearing length,
€,, as required by AISC Equations J10-2 through J10-5, must be provided. Sidesway
web buckling would not be an applicable limit state because the girder has continuous
lateral support (making the unbraced length L, = 0 and (h/1,,)/(L,,/by) > 2.3).



FIGURE 10.21
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Try a stiffener width, b, of 8 inches: The total combined width will be
2(8) + V6 (the web thickness) = 16.31 inches, or slightly less than the flange width
of 18 inches. From AISC Equation G2-12,

<b> = 0.56 4 /£
t st Fyst

b Fyst 8 36 o
r=-—2 = = 0.503 in.
056\ E 056\ 29,000 n

Try two ¥4 x 8 stiffeners: Assume a ¥i6-inch web-to-flange weld and a Y-inch cut-
out in the stiffener. Check the stiffener at the support. The bearing strength is

= 1.8F,A,;, = 1.8(36)(0.75)(8 — 0.5) X 2 = 729.0 kips
¢R,, = 0.75(729.0) = 547 kips > 223.4 kips

Check the stiffener as a column. The length of web acting with the stiffener plates
to form a compression member is 12 times the web thickness for an end stiffener
(AISC J10.8). As shown in Figure 10.21, this length is 12(¥6) = 3.75 in. If we locate
the stiffener centrally within this length, the point of support (location of the girder
reaction) will be approximately *7% = 1.875 inches from the end of the girder. Use
3 inches, as shown in Figure 10.22, but base the computations on a total length of
web of 3.75 inches, which gives

A= 2(8)(2) + (156)(3.75) =13.17in2

3 75(5/16)3 [0 756) 8( )(
12 4

2713
r—\/i ,/131 — 4539 in.

L. KL _Kh _075(62)

5\ A
+ 2] |=27131n.
4 32H 2713 in

r r r 4.539
P, = FyAg = 36(13.17) = 474.1 kips

=10.24 <25

®P, = 0.90(474.1) = 427 kips > 223.4kips  (OK)

”

| [ Y2

"

i
»

| ———

3757 ¢t

3" > ‘<—l—>{
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FIGURE 10.22

Answer

e — U

3 45/r ‘

60'-0" span

Since the load at midspan is smaller than the reaction, use the same stiffener at midspan.

Use two plates ¥4 X 8 X 5'-2" for the bearing stiffeners.

At this point, all components of the girder have been sized. The connections
of these elements will now be designed. E70 electrodes, with a design strength of
1.392 kips/inch per sixteenth of an inch in size, will be used for all welds.

For the flange-to-web welds, compute the horizontal shear flow at the flange-
to-web junction:

Maximum V,, = 223.4 kips
QO = flange area X 31.75 (see Figure 10.17)
= 1.5(18)(31.75) = 857.2 in.?
I, = 60,640 in.*
V.0  223.4(857.2)
I, 60,640

Maximum = 3.158 kips/in.

For the plate thicknesses being welded, the minimum weld size, w, is ¥ inch. If
intermittent welds are used, their minimum length is

Ly, =4%Xw=15n.
—41 =0.75in. .. Use1l.5in
T J5in. .. Sin.
Try ¥16-in. X 1Y5-in. fillet welds:

Capacity per inch = 1.392 X 3 sixteenths X 2 welds = 8.352 kips/in.

Check the capacity of the base metal. The web is the thinner of the connected parts
and controls. From Equation 7.35, the base metal shear yield strength per unit length is

¢R, = 0.6F,1 = 0.6(36)(156) = 6.750 kips/in.
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From Equation 7.36, the base metal shear rupture strength per unit length is
5
¢R, = 0.45Ft = 0.45(58)(16) = 8.156 kips/in.

The base metal shear strength is therefore 6.750 kips/in. < 8.352 kips/in.
Use a total weld capacity of 6.750 kips/in. The capacity of a 1.5-inch length of
a pair of welds is

6.750(1.5) = 10.13 kips
To determine the spacing, let

1013 V.0
s 1

X

where s is the center-to-center spacing of the welds in inches and

1013 1013
= — > = 321in,
T V.Q/I. 3158 o

Using a center-to-center spacing of 3 inches will give a clear spacing of
3 — 1.5 = 1.5 inches. The AISC Specification refers to spacing of intermittent fillet
welds in Section F13, “Proportions of Beams and Girders,” under “Cover Plates.”
The provisions of AISC D4 and E6 are to be used, although only Section E6 is
relevant. This calls for a maximum clear spacing of

| E
d=0.75 th, but no greater than 12 in.
y

Adapting these limits to the present case yields

| E 29,000 . .
0.75 Fytf =0.75 36 (1.5) = 31.9in. > 12 in.

The maximum permissible clear spacing is therefore 12 inches, and the required
clear spacing of 1.5 inches is satisfactory.

There is no minimum spacing given in the Specification, but the AISC publi-
cation, “Detailing for Steel Construction,” (AISC, 2009) states that intermittent
welds are more economical than continuous welds only if the center-to-center spac-
ing is more than twice the length of the weld. In this example, the spacing is equal
to twice the length, so either type could be used.

Although the 3-inch center-to-center spacing can be used for the entire length
of the girder, an increased spacing can be used where the shear is less than the maxi-
mum of 223.4 kips. Three different spacings will be investigated:

1. The closest required spacing of 3 inches.
2. The maximum permissible center-to-center spacing of 12 + 1.5 = 13.5 inches.
3. An intermediate spacing of 5 inches.
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Answer

FIGURE 10.23

The 5-inch spacing can be used when
V.Q 1013 y - 10137, _ 10.13(60,640)
. s O TeT T og T 851205

X

= 143.3 kips

Refer to Figure 10.18 and let x be the distance from the left support, giving

V,=1223.4 — 4.34x = 143.3 kips
x = 18.46 ft

The 13.5-inch spacing can be used when
- 10.137,  10.13(60,640)
“T Qs 857.2(13.5)

Figure 10.18 shows that the shear never gets this small, so the maximum spacing
never controls.

= 53.08 kips

Use %6-in. X 1%-in. fillet welds for the flange-to-web welds, spaced as shown in
Figure 10.23.

For the intermediate stiffener welds:

3 5
Minimum weld size = 16 in. (based on the web thickness of 16 in.)

3
Minimum length = 4(16) =0.75in. < 1.5in. .. Use 1.5in.

Use two welds per stiffener for a total of four. The capacity per inch for two ¥i¢-inch
fillet welds per stiffener plate is

1.392 X 3 X 2 = 8.352 kips/in.

q,
o 74 spaces @ 3" = 18'- 6" ' 28spaces @57
‘ - 711’*8” T >

307-3"
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Check the shear strength of the stiffener (the thinner of the two connected parts).
From Equation 7.35, the shear yield strength per unit length is

1 .
$R, = 0.6F 1 = 0.6(36)<4> = 5.400 kips/in.
From Equation 7.36, the base metal shear rupture strength per unit length is
1
¢R, = 045Ft = 0.45(58)(4) = 6.525 kips/in.

The base metal shear strength is therefore 5.400 kips/in. per stiffener. This is less
than the shear strength of two welds (using two welds for each plate), so use a weld
strength of 5.400 kips/in. For the two plates (four welds), use

5.400 X 2 = 10.80 kips/in.

From Equation 10.2, the shear to be transferred is

= 0.045h 5—0045 62 G0y = 3.539 kips/i
f=0. 50 (62) 29000 > ips/in.

Use intermittent welds. The capacity of a 1.5-inch length of the four welds is
1.5(10.80) = 16.20 kips
Equating the shear strength per inch and the required strength gives

16S£ = 3.539 kips/in. or s = 4.58 in.

From AISC G2.3(c), the maximum clear spacing is 16 times the web thickness but
no greater than 10 inches, or

5 .
16t,, = 16(16) = 5in.
Use a center-to-center spacing of 4 inches, resulting in a clear spacing of
45—-15=3in.<5in. (OK)

Use Yi6-in. X 1%-in. fillet welds for intermediate stiffeners, spaced as shown in
Figure 10.24.

For the bearing stiffener welds:

3 5
Minimum weld size = 16 in.  (based on the thickness ¢, = 16 in.)

3
Minimum length = 4(16) =0.75in. < 1.5in. ..Use 1.5in.
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FIGURE 10.24

Answer

FIGURE 10.25

A\ 2
| 7
s
8o
L_ _—l o= tzees forzesse
- ®
X3
= 2 i
Section

1

Use two welds per stiffener for a total of four. The capacity per inch for two
Yi6-inch fillet welds per stiffener plate is

1.392 X 3 X 2 = 8.352 kips/in.

Check the shear strength of the web. From the design of the flange-to-web welds,
the base metal shear strength is 6.750 kips/in. per stiffener. This is less than the
shear strength of two welds (using two welds for each plate), so use a weld strength
of 6.750 kips/in. For the two plates (four welds), use

6.750 X 2 = 13.50 kips/in.
The capacity of a 1.5-inch length of four welds is
1.5(13.50) = 20.25 kips

For the end bearing stiffener, the applied load per inch is

Reaction 2234
Length available for weld 62 — 2(0.5)

= 3.662 kips/in.
From 20.25/s = 3.662, s = 5.53 inches. (Note that a smaller weld spacing is required
for the intermediate stiffeners.)

Use ¥16-inch X 1Y%-inch fillet welds for all bearing stiffeners, spaced as shown in
Figure 10.25.

NVy- -

4
- | o
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X
@
X |

‘\:» % Vi —
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The girder designed in this example is not necessarily the most economical
one. Other possibilities include a girder with a thinner web and more interme-
diate stiffeners and a girder with a thicker web and no intermediate stiffeners.
Variables that affect economy include weight (volume of steel required) and fab-
ricating costs. Although girders with intermediate stiffeners will usually require
less steel, the savings can be offset by the additional fabrication cost. Variable
flange thicknesses can also be considered. This alternative will definitely save
weight, but here also, fabrication costs must be considered. A practical approach
to achieving an economical design is to prepare several alternatives and compare
their costs, using estimates of material and fabricating costs. Design of Welded
Structures (Blodgett, 1966) contains many useful suggestions for the design of
economical welded plate girders.
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PROBLEMS

10.4-1

10.4-2

10.4-3

10.4-4

10.4-5

Flexural Strength

Determine the nominal flexural strength of the following welded shape:
The flanges are 1 inch X 10 inches, the web is %3 inch X 45 inches, and
the member is simply supported, uniformly loaded, and has continuous
lateral support. A572 Grade 50 steel is used.

Determine the nominal flexural strength of the following welded shape:
The flanges are 3 inches X 22 inches, the web is L5 inch X 70 inches, and
the member is simply supported, uniformly loaded, and has continuous
lateral support. A572 Grade 50 steel is used.

Determine the nominal flexural strength of the following welded shape:
The flanges are 7/g inch X 12 inches, the web is %3 inch X 60 inches, and
the member is simply supported, uniformly loaded, and has a span length
of 40 feet. Lateral support is provided at the ends and at midspan. A572
Grade 50 steel is used.

Determine the nominal flexural strength of the following welded shape:
The flanges are % inch X 18 inches, the web is /4 inch X 52 inches, and
the member is simply supported, uniformly loaded, and has a span length
of 50 feet. Lateral support is provided at the ends and at midspan. A572
Grade 50 steel is used.

An 80-foot-long plate girder is fabricated from a '/-inch X 78-inch
web and two 2'/4-inch X 22-inch flanges. Continuous lateral support is
provided. The steel is A572 Grade 50. The loading consists of a uniform
service dead load of 1.0 kip/ft (including the weight of the girder), a uni-
form service live load of 2.0 kips/ft, and a concentrated service live load
of 475 kips at midspan. Stiffeners are placed at each end and at 4 feet,
16 feet, and 28 feet from each end. One stiffener is placed at midspan.
Determine whether the flexural strength is adequate.

a. Use LRFD.
b. Use ASD.

Y Y VoYYV ovoyyy

&l
A

41_0//_> l«— 4'-0"

120" | 127-0” | 127-0" | 120" | 12/-0" | 12'-0”

801_0//

FIGURE P10.4-5



10.5-1

10.5-2

10.5-3

10.5-4

Problems 715

Shear Strength
For the girder of Problem 10.4-2:

a. Compute the nominal shear strength of the end panel if the first inter-
mediate stiffener is placed 70 inches from the support.

b. Compute the nominal shear strength of an interior panel with a stiffener
spacing of 200 inches.

c¢. What is the nominal shear strength if no intermediate stiffeners are
used?

A welded plate girder has 1-inch X 30-inch flanges and a %i6-inch X
90-inch web. It must support a service dead load of 4 kips/ft (including
the self-weight of the girder) and a service live load of 5 kips/ft on a
simple span of 75 feet. The steel has a yield stress of 36 ksi. If a stiffener
is placed at the end of the girder, what is the required distance to the
next stiffener?

a. Use LRFD.
b. Use ASD.

A plate girder cross section consists of two flanges, 1!/ inches X 15 inches,
and a %je-inch X 66-inch web. A572 Grade 50 steel is used. The span
length is 55 feet, the service live load is 2.0 kips/ft, and the dead load is
0.225 kips/ft, including the weight of the girder. Bearing stiffeners
are placed at the ends, and intermediate stiffeners are placed at 6’2" and
12'-9” from each end. Does this girder have enough shear strength?

a. Use LRFD.

b. Use ASD.
127-09” 12'-09”
6'-02" 6'-02"
<—>| |<—>
A A
55 7_0"

FIGURE P10.5-3

Determine whether the girder of Problem 10.4-5 has enough shear
strength.

a. Use LRFD.
b. Use ASD.
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10.6-1

10.6-2

10.7-1

Bearing Stiffeners

An interior bearing stiffener consists of two plates, /2 inch X 6 inches,
one on each side of a 3/16-inch X 56-inch plate girder web. The stiffeners
are clipped /2 inch to clear the flange-to-web welds. All steel is A36.

a. Use LRFD and determine the maximum factored concentrated load
that can be supported.

b. Use ASD and determine the maximum service concentrated load that can
be supported.

The details of an end bearing stiffener are shown in Figure P10.6-2. The
stiffener plates are %ie-inch thick, and the web is ¥j¢-inch thick. The
stiffeners are clipped '/ inch to provide clearance for the flange-to-web
welds. All steel is A572 Grade 50.

a. Use LRFD and determine the maximum factored concentrated load
that can be supported.

b. Use ASD and determine the maximum service concentrated load that
can be supported.

6!/

6!/ :é

6!/

36//

LT

FIGURE P10.6-2

Design

A plate girder must be designed to resist a service-load bending moment
of 12,000 ft-kips consisting of 25% dead load and 75% live load. The total
depth of the girder will be 101 inches, and continuous lateral support will
be provided. Use A36 steel and select a trial cross section. Assume that
the moment includes an accurate estimate of the girder weight.

a. Use LRFD.

b. Use ASD.



10.7-2

10.7-3

10.7-4

Problems 717

A plate girder must be designed to resist a dead-load bending moment
of 3800 ft-kips and a live-load bending moment of 7800 ft-kips. The
total depth of the girder will be 78 inches, and the unbraced length is
25 feet. Use A572 Grade 50 steel and select a trial cross section. Assume
that the moment includes an accurate estimate of the girder weight. Use
C, =1.67.

a. Use LRFD.
b. Use ASD.

Use LRFD and determine the flange and web dimensions for a plate
girder of the type shown in Figure P10.7-3 for the following conditions:

® Span length = 50 ft.

¢ Girder is simply supported with lateral bracing at 12 ft-6 in. intervals.

® Superimposed service dead load = 0.5 kips/ft (does not include the girder
weight).

¢ Concentrated service live load = 130 kips applied at midspan.

® Steel is A572 Grade 50.

Select the flange and web dimensions so that intermediate stiffeners are not
required. Assume that a bearing stiffener will be used at the concentrated load.

P, =115k
25’ 25' wy, = 0.5 K/ft
Y
Y Y Y Y YV V¥V YYYVYYYY
50"

FIGURE P10.7-3

A plate girder must be designed for the conditions shown in Figure P10.7-4.
The given loads are factored, and the uniformly distributed load includes
a conservative estimate of the girder weight. Lateral support is provided at
the ends and at the load points. Use LRFD for the following:

a. Select the flange and web dimensions so that intermediate stiffeners will
be required. Use F, = 50 ksi and a total depth of 50 inches. Bearing stiffen-
ers will be used at the ends and at the load points, but do not proportion
them.

b. Determine the locations of the intermediate stiffeners, but do not pro-
portion them.
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10.7-5

10.7-6

10.7-7

10.7-8

120k 120 k

y 2Kk/ft (includes girder wt.)

BEEEEEREEEEEER

16/_0!! 16/_0!! 16!_0!/

48/_0//

FIGURE P10.7-4

Use LRFD and design the bearing stiffeners for the girder of Problem 10.7-4.
Use F, = 50 ksi.

Design flange-to-web welds for the girder of Problem 10.4-5.

a. Use LRFD.

b. Use ASD.

A 66-foot long plate girder must support a uniformly distributed load and
concentrated loads at the one-third points. The uniform load consists of
a 1.3-kip/ft dead load and a 2.3 kip/ft live load. Each concentrated load
consists of a 28-kip dead load and a 49-kip live load. There is lateral sup-

port at the ends and at the one-third points. Use A572 Grade 50 steel, a
total depth of 80 inches, and LRFD.

a. Select the girder cross section and the required spacing of intermediate
stiffeners.

b. Determine the size of intermediate and bearing stiffeners.
c¢. Design all welds.

Design a plate girder for the following conditions:

¢ Span length = 100 ft.

e There is a uniformly distributed service load consisting of a live load of
0.7 kips/ft and a superimposed dead load of 0.3 kips per foot.

® There are concentrated service loads at the quarter points consisting of
50 kips dead load and 150 kips live load each.

® The compression flange will be laterally supported at the ends and at the
quarter points.

Use LRFD and A572 Grade 50 steel.

a. Select the girder cross section and the required spacing of intermediate
stiffeners.

b. Determine the size of intermediate and bearing stiffeners.
c. Design all welds.
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10.7-9 A plate girder ABCDE will be used in a building to provide a large
column-free area as shown in Figure P10.7-9. The uniform load on the
girder consists of 1.9 kips/ft of dead load (not including the weight of the
girder) and 2.8 kips/ft of live load. In addition, the girder must support
column loads at B, C, and D consisting of 112 kips dead load and 168 kips
live load at each location. Assume that the girder is simply supported and
that the column loads act as concentrated loads; that is, there is no con-
tinuity with the girder. Assume lateral support of the compression flange
at 10-foot intervals. Use LRFD and F), = 50 ksi for all components.

— A
|<74@ 30" = 120’4»‘

FIGURE P10.7-9
a. Design the girder cross section. Use a total depth of 10 feet.
b. Determine the location and size of intermediate stiffeners.

c. Determine the required size of bearing stiffeners at B, C, and D (assume
that there will be a framed connection at each end of the girder).

d. Design all welds.
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appendix

Plastic Analysis
and Design

INTRODUCTION

e introduced the concept of plastic collapse in Section 5.2, “Bending Stress and
the Plastic Moment.” Failure of a structure will take place at a load that forms
enough plastic hinges to create a mechanism that will undergo uncontained displace-
ment without any increase in the load. In a statically determinate beam, only one plastic
hinge is required. As shown in Figure A.1, the hinge will form where the moment is
maximum—in this case, at midspan. When the bending moment is large enough to
cause the entire cross section to yield, any further increase in moment cannot be coun-
tered, and the plastic hinge has formed. This hinge is similar to an ordinary hinge except
that the plastic hinge will have some moment resistance, much like a “rusty” hinge.
The plastic moment capacity, denoted M, is the bending moment at which a
plastic hinge forms. It is equal and opposite to the internal resisting moment cor-
responding to the stress distribution shown in Figure A.lc. The plastic moment
can be computed for a given yield stress and cross-sectional shape, as indicated in
Figure A.2. If the stress distribution in the fully plastic condition is replaced by two
equal and opposite statically equivalent concentrated forces, a couple is formed.
The magnitude of each of these forces equals the yield stress times one half of the
total cross-sectional area. The moment produced by this internal couple is

A
M,=Fa=FZ,

where A is the total cross-sectional area, a is the distance between centroids of the
two half areas, and Z, is the plastic section modulus. The factor of safety between
first yielding and the fully plastic state can be expressed in terms of the section mod-
uli. From Figure A.1b, the moment causing first yield can be written as

M. =F.S and My B2 2
= and — = = —
y oM, RS, S,

721



722 Appendix: Plastic Analysis and Design

FIGURE A.1 P
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This ratio is a constant for a given cross-sectional shape and is called the shape factor.
For a beam designed by allowable stress theory, it is a measure of the reserve capac-
ity. For W-shapes, the shape factor is between 1.1. and 1.2.

In a statically indeterminate beam or frame, more than one plastic hinge will be
required for the formation of a collapse mechanism. These hinges will form sequen-
tially, although it is not always necessary to know the sequence. Plastic analysis of
statically indeterminate structures will be considered after a discussion of specifica-
tion requirements.

AISC REQUIREMENTS

Plastic analysis and design is covered in Appendix 1 of the AISC Specification,
“Design by Advanced Analysis” in Section 1.3, “Design by Inelastic Analysis.”
Because plastic analysis is based on an ultimate load condition, load and resistance
factor design (rather than allowable strength design) is appropriate. In this book, we
limit our coverage to hot-rolled I shapes.

For a collapse mechanism to form, the structure must remain stable as the load
increases, and the plastic hinges that form early must have enough rotation capacity
(ductility) for the formation of the remaining plastic hinges. In hot-rolled I-shaped
beams, these two conditions will be met if the steel yield stress is no greater than
65 ksi and the shape is compact—that is, if

b E h E
T 2038+~ and L =376+/=
21, F, L, F,

To prevent lateral buckling, the value of L,, the unbraced length of the com-
pression flange, is limited to L, adjacent to plastic hinge locations. For I-shaped
members,

L 0.12 — 0.076( M) [ £ (AISC Equation A-1-5)
= . — U e — | 1 -1-

To define M7, we first need to define the variables M, M,, and M ;.

M, = smaller end moment of the unbraced length (positive when it causes
compression in the same flange as M,, negative otherwise)
M, = larger end moment of the unbraced length (always taken as positive)
M ;s = moment at the middle of the unbraced length (positive when it causes
compression in the same flange as M,, negative otherwise)

The moment M is a modified form of M; and is defined as follows:

M, + M,

when My = >

, M{ =M, (AISC Equation A-1-6b)
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A.3

FIGURE A.3

M, + M,

when M., > 5

S M{=Q2M,_ .y — M, <M, (AISC Equation A-1-6¢)
The one exception to these definitions is that whenever the magnitude of the
moment anywhere within the unbraced length exceeds M,,

M

=41 (AISC Equation A-1-6a)
M,

AISC Appendix 1, Section 1.3, requires that a second-order plastic analysis be
performed. The one exception is continuous beams with no axial compression, which
may be analyzed by traditional first-order plastic analysis. In this appendix, we con-
sider only continuous beams.

ANALYSIS

If more than one collapse mechanism is possible, as with the continuous beam illus-
trated in Figure A.3, the correct one can be found and analyzed with the aid of three
basic theorems of plastic analysis, given here without proof.

1. Lower-bound theorem (static theorem): If a safe distribution of moment
(one in which the moment is less than or equal to M, everywhere) can be
found, and it is statically admissible with the load (equilibrium is satisfied),
then the corresponding load is less than or equal to the collapse load.

2. Upper-bound theorem (kinematic theorem): The load that corresponds to
an assumed mechanism must be greater than or equal to the collapse load.
As a consequence, if all possible mechanisms are investigated, the one re-
quiring the smallest load is the correct one.

v

T

ro,o

T X

b

‘o
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Solution
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3. Uniqueness theorem: If there is a safe and statically admissible distribu-
tion of moment in which enough plastic hinges form to produce a col-
lapse mechanism, the corresponding load is the collapse load; that is, if a
mechanism satisfies both the upper- and lower-bound theorems, it is the
correct one.

Analysis based on the lower-bound theorem is called the equilibrium method and is
illustrated in Example A.1.

Example A1

Find the ultimate load for the beam shown in Figure A.4a by the equilibri-
um method of plastic analysis. Assume continuous lateral support and use
F), = 50 ksi.

w w

Y Y
% W30 % 99 Z Z %

L =30 !

— Voa wl? T - M< M,
8 WLZE | / N l % Y wi? % WLzl M
X Ly
(a) (b)

TM<m, , iMn
Vi wl - awl”
i Mp Mp

(c) (d)

A W30 X 99 with F|, = 50 ksi is compact and, with continuous lateral support, the
lateral bracing requirement is satisfied; therefore, plastic analysis is acceptable.
The loading history of the beam, from working load to collapse load, is traced
in Figure A.4a—d. At working loads, before yielding begins anywhere, the distri-
bution of bending moments will be as shown in Figure A.4a, with the maximum
moment occurring at the fixed ends. As the load is gradually increased, yielding
begins at the supports when the bending moment reaches M, = F|S,. Further
increase in the load will cause the simultaneous formation of plastic hinges at each
end at a moment of M, = F, Z . At this level of loading, the structure is still stable,
the beam having been rendered statically determinate by the formation of the two
plastic hinges. Only when a third hinge forms will a mechanism be created. This
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Answer

Solution

happens when the maximum positive moment attains a value of M. By virtue of
the uniqueness theorem, the corresponding load is the collapse load because the
distribution of moment is safe and statically admissible.

At all stages of loading, the sum of the absolute values of the maximum
negative and positive moments is wL?/8. At collapse, this sum becomes

1M,

LZ

1 2
M, + M, =§WML or w, =

Factored loads must be compared with factored strengths, so ¢, M, rather than
M, should have been used in the preceding equations. To keep notation simple,
however, we use M), in all examples until the final step, when we substitute ¢, M,
for it. The correct result for this example is

16¢>bMp
w, = ——5>
u L2
For a W30 X 99,
_ _ 50(312) B )
M,=FZ, = o 1300 ft-kips
and

byM, = 0.9(1300) = 1170 ft-kips

The value of ¢, M, also can be obtained directly from the Z, table in Part 3 of the
Manual.

_ M = 20.8 kips/ft
w, = Gop 2 ips
Example A.2

If the beam in Example A.1 does not have continuous lateral support, determine
where it must be braced.

Try lateral bracing at midspan. Since the ends are fixed, they are also points of
lateral support. Therefore, the unbraced length, L,, is 30/2 = 15 feet. Referring
to Figure A.4d, we see that M, = +M), and M, = —M,. From symmetry, the left
vertical reaction is

_w,L  20.8(30)

L > > = 312kips
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The middle of this unbraced length is at 15/2 = 7.5 feet from the left end. The
moment at this location is

Mg = —M, + V(15) — w,7.5)*/2
= — 1170 + 312(7.5) — 20.8(7.5)%/2 = 585 ft-kips

Because this is a positive value, M., causes compression in the same flange as M,,
and M, is treated as positive in subsequent computations.

M, +M, _MP+MP_O
2 2

M, + M,
2

From AISC Equation A-1-5, the maximum permitted unbraced length is

L ,=10.12 - 0.076 %1’ E
pd . . M2 Fy ry

29,000
50

Since L, > L,,, (15 ft > 12.2 ft), bracing is not adequate, and additional brace points
must be added.

M > o M} = 2M,g — M, = 2(585) — 1170 = 0

= [0.12 — 0.076(0)]( )(2.10) — 146.2in. = 12.21t

Provide lateral bracing at 7.5-ft intervals.

The mechanism method is based on the upper-bound theorem and requires that
all possible collapse mechanisms be investigated. The one requiring the smallest
load will control, and the corresponding load is the collapse load. The analysis of
each mechanism is accomplished by application of the principle of virtual work. An
assumed mechanism is subjected to virtual displacements consistent with the pos-
sible mechanism motion, and the external work is equated to the internal work. A
relationship can then be found between the load and the plastic moment capacity, M,,.
This technique will be illustrated in Example A.3.

Example A.3

The continuous beam shown in Figure A.S has a compact cross section with a design
strength ¢, M, of 1040 ft-kips. Use the mechanism method to find the collapse
load P,. Assume continuous lateral support.

In keeping with the notation adopted in Example A.1, we will use M, in the solution
and substitute ¢, M, in the final step.

There are two possible failure mechanisms for this beam. As indicated in
Figure A.S, they are similar, with each segment undergoing a rigid-body motion.
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P 2P
A 4’ B 4’
& X C%
|1 l 15 15’
[ ¢ - - ‘ >
& \\\\\ ..‘///,'\:& %
e =1
(a)
P, 2P,
) ) 0 ¢ 9
N N B
20 N A ' L
] >i= 10, 20
(b) (©)

To investigate the mechanism in span AB, impose a virtual rotation 6 at A. The
corresponding rotations at the plastic hinges will be as shown in Figure A.5b, and
the vertical displacement of the load will be 1060. From the principle of virtual work,

External work = internal work
P,(100) = Mp(20) + MPG

(No internal work is done at A because there is no plastic hinge.) Solving for the
collapse load gives
LM,
“ 10
The mechanism for span BC is slightly different: All three hinges are plastic hinges.
The external and internal virtual work in this case are

2
2P,(150) = M6 + M,(26) + M,6 and P, = EM”
This second possibility requires the smaller load and is therefore the correct
mechanism. The collapse load will be obtained using ¢,M,, in place of M,,.

2 2
Answer P, = Ed)”M" = E(1040) = 139 kips
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A.4 DESIGN

The design process is similar to analysis, except that the unknown being sought is
the required plastic moment capacity, M,,. The collapse load is known in advance,
having been obtained by multiplying the service loads by the load factors.

Example A.4

The three-span continuous beam shown in Figure A.6 must support the gravity
service loads given. Each load consists of 25% dead load and 75% live load.
Cover plates will be used in spans BC and CD to give the relative moment strengths
indicated. Assume continuous lateral support and select a shape of A992 steel.

FIGURE A.6 45k 57k 57k
¢ J’ c 4’ 2%
g\% M, & oM, SR .
L& l 5’ P (A T L I (S LA S (1
\ 100 20’ . 20’

(a) Service Loads

67.5k 85.5k 85.5k
(b) Collapse Loads
67.5k 85.5k
9 ¢
A Y Be . 0 oM
~I__1i - P =~ | S 2
\K/f B MP S~ ! /_r// ;
M, 20 M, 20
() (d)
85.5k
5 o ¢ O M
YiM, T ] /’\//B M,
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Solution The collapse loads are obtained by multiplying the service loads by the appropriate
load factors. For the 45-kip service load,

P, =12(0.25 X 45) + 1.6(0.75 X 45) = 67.5 kips
For the 57-kip service load,
P, =1.2(0.25 X 57) + 1.6(0.75 X 57) = 85.5 kips

Three mechanisms must be investigated, one in each span. Figure A.6c through e shows
each mechanism after being subjected to a virtual displacement. When a plastic hinge
forms at a support where members of unequal strength meet, it will form when the
bending moment equals the plastic moment capacity of the weaker member.

For span AB,
External work = internal work
67.5(50) = M, (260 + 6) or M, = 112.5 ft-kips

For span BC,
5 .
85.5(100) = M0 + 2M (26) + §Mp9 or M, = 1282 ft-kips
For span CD,
5
85.5(100) = gMp(f) +20+60) or M,=1282ft-kips

The upper-bound theorem may be interpreted as follows: The value of the plastic
moment corresponding to an assumed mechanism is less than or equal to the plastic
moment for the collapse load. Thus, the mechanism requiring the largest moment
capacity is the correct one. Both of the last two mechanisms evaluated in this design
problem require the same controlling value of M, and will therefore occur simulta-
neously. The required strength is actually the required design strength, so

Required ¢,M,, = 128.2 ft-kips

Before making a selection, remember that the shape must be compact.

From the Z, table, three shapes satisfy the moment requirement with the least
weight: a W12 X 26, a W14 X 26, and a W16 X 26. All are compact. Since there is no
restriction on depth, the W16 X 26, with a flexural design strength of 166 ft-kips, will
be tried.

Try a W16 X 26 and check the shear (refer to Figure A.7).

For span AB,
2My = V,(10) — 67.5(5) + 1282 =0
V, = 20.93 kips
Vi =20.93 — 67.5 = —46.57 kips
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Answers to Selected

Notes

1. Answers are given for all odd-numbered
problems except for the following types:

a. Design problems in which there is an element
of trial and error in the solution procedure or
there is more than one acceptable answer.

b. Problems for which knowledge of the answer
leads directly to the solution.

2. All answers, except for approximations, are
rounded to three significant figures.

Chapter 1: Introduction
1511 a.120ksib. 13.3% ¢.38.9%
1.5-3 ¢. Approximately 30,100 ksi

1.5-5 ¢. Approximately 30,000,000 psi
d. Approximately 44,000 psi

Chapter 2: Concepts in Structural Steel Design
21 = 26 kips (combination 3)

= 26 kips ¢. R,, = 28.9 kips
17.9 kips (combination 6)
29.9 kips

s

aR,
b. b
d.R,
e. R,
23 a.R, = 155 ft-kips (combination 2)
b. R, = 172 ft-kips ¢. R, = 108 ft-kips
(combination 2) d. R,, = 180 ft-kips

25 a.R, = 46.8 psf (combination 3)
b. R, = 34.5 kips (combination 3)

Chapter 3: Tension Members
3.21 a.85.1 kips b. 56.6 kips
3.2-3 a.80.9 kips b. 81.0 kips

3.2-5 a. Unsatisfactory. 102 kips > 96.0 kips
b. Unsatisfactory. 70 kips > 64.0 kips

3.31 a.4.17in.2b.1.19in.2 ¢. 3.13 in.2
d.2.31in.2e.3.13in.2

3.3-3

3.3-5

3.3-7

3.41

3.4-3

3.4-5

3.51

3.5-3

3.71

3.73

3.7-5

3.8-3

3.8-5

Problems

130 kips

a. Not adequate. 220 kips > 169 kips
b. Not adequate. 145 kips > 112 kips

a. 341 kips b. 227 kips
222 kips
a. 97.2 kips b. 64.7 kips

a. 318 kips b. 212 kips

86.8 kips

a. 108 kips b. 71.7 kips

a. Required d = 1.57 in.

b. Required d = 1.71 in.

a. Required d = 0.792 in.

b. Required d = 1.10 in.
. Required d = 2.06 in.

a
b. Required d = 2.00 in.
6.95 kips

a. Required d = 0.181 in.
b. Required d = 0.187 in.

Chapter 4: Compression Members

4.31

4.3-3

4.3-5

4.3-7

4.41

4.71

4.7-3

a. 1270 kips b. 400 kips
177 kips

a. ¢ P, =897 kips. P, /Q, = 597 kips
b. ¢ P, = 898 kips. P, /Q . = 597 kips

a. 118 kips b. 115 kips

161 kips

1260 kips

a. Yes. 728 kips < 885 kips
b. Yes. 500 kips < 589 kips

737
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4.7-9

4.7-11

4.713

4.81

4.9-3

4.9-5

4.9-7

4.9-9

a.1.86b. 1.86

K, forAB =2.15,K, for BC =1.57,
K for DE =1.3,and K for EF = 1.35

a. 1.7 b. 197 kips
901 kips

r.=r,=5.07in.

X y
23,500 kips
a. 808 kips b. 212%

a. 1060 kips b. 707 kips

Chapter 5: Beams

5.21

5.4-3

5.541

5.5-3

5.5-5

5.5-7

5.5-9

5.5-11

5.5-13

5.5-15

5.6-1

5.6-3

5.841

5.8-3

5.1141

a.Z =927in.3, M, = 386 ft-kips
b.S = 80.9 in.3, My = 337 ft-kips

168 ksi
a.29.6 kips b. 31.3 kips

a. Adequate. 1280 ft-kips < 1300 ft-kips
b. Not adequate. 938 ft-kips > 864 ft-kips

a. Not adequate. 505 ft-kips > 461 ft-kips
b. Not adequate. 327 ft-kips > 307 ft-kips

290 ft-kips
a.1.32b.1.32
a.1.02b. 1.02

a. Adequate. 169 ft-kips < 213 ft-kips
b. Adequate. 106 ft-kips < 142 ft-kips

a. Not adequate. 1100 ft-kips > 1080 ft-kips
b. Not adequate. 733 ft-kips > 721 ft-kips

a. 0.760 kips/ft b. 0.758 kips/ft
4480 ft-kips
33.8 kips

a. Shear strength not adequate.
144 kips > 131 kips
b. Shear strength not adequate.
90 kips > 87.5 kips

The beam has enough moment strength.
215 ft-kips < 234 ft-kips

5.121

5.12-3

5.151

5.15-3

5.15-5

a. 163 ft-kips b. 27.5%
a. 221 ft-kips b. 20.2%

a. Unsatisfactory. Result of interaction
equation = 1.11
b. Unsatisfactory. Result of interaction
equation = 1.19

a. Unsatisfactory. Result of interaction
equation = 1.31
b. Unsatisfactory. Result of interaction
equation = 1.23

a. For the loading of Fig. 5.15-5(a), the
beam is satisfactory. Result of interaction
equation = 0.570. For the loading of

Fig. 5.15-5(b), the beam is unsatisfactory.
Result of interaction equation = 1.05

b. For the loading of Fig. 5.15-5(a), the
beam is satisfactory. Result of interaction
equation = 0.535. For the loading of

Fig. 5.15-5(b), the beam is satisfactory.
Result of interaction equation = 0.983

Chapter 6: Beam-Columns

6.2-1

6.6-1

6.6-3

6.6-5

6.6-7

6.6-9

6.6-11

a. Satisfactory. Result of interaction
equation = 0.810
b. Satisfactory. Result of interaction
equation = 0.868

a.1.05b. 1.06

a. Satisfactory. Result of interaction
equation = 0.960
b. Satisfactory. Result of interaction
equation = 0.985

a. Satisfactory. Result of interaction
equation = 0.703
b. Satisfactory. Result of interaction
equation = 0.753

a. Not adequate. Result of interaction
equation = 1.06
b. Not adequate. Result of interaction
equation = 1.08

a. 435 kips b. 420 kips

a. Not adequate. Result of interaction
equation = 1.13
b. Not adequate. Result of interaction
equation = 1.16



6.6-13 a.36.7 kips b. 38.5 kips

6.7-1

Satisfactory. Result of interaction
equation = 0.748

Chapter 7: Simple Connections

7.341

7.41

7.4-3

7.4-5

7.6-1

7.6-3

7.6-5

7.8-1

7.941

7.9-3

7.9-5

7111

711-3

a. Satisfactory: s = 2.75in. > 2.33 in.;
¢, =1.5in. = min. ¢,

b. For the edge bolt: R, = 32.5 kips; for
the other bolts, R, = 55.1 kips

a. Satisfactory: s = 3in. > 2.33 in.;
¢,=2in.>1.5in.
b. 73.1 kips ¢. 48.7 kips

a. 1.93 bolts; use two b. 1.99 bolts; use two
a.73.1 kips b. 71.5 kips

a. 311 kips b. 260 kips

For both LRFD and ASD: a.18b. 10 ¢. 8
a. 50.6 kips b. 50.6 kips

a. The tee and bolts are adequate:
Required 7, = 0.888 in. < 0.985 in.
b. The tee and bolts are adequate:
Required ;= 0.889 in. < 0.985 in.

a. Adequate: For shear, 12.9 kips <

24.4 kips; for bearing, 12.9 kips <

57.3 kips; for tension, 22.3 kips < 31.3 kips
b. Adequate: For shear, 9.38 kips <

16.2 kips; for bearing, 9.38 kips <

38.2 kips; for tension, 16.2 kips < 19.6 kips

a. 4.40 bolts required b. 4.40 bolts
required

a. Required d = 0.822 in.
b. Required d = 0.825 in.

a. 73.1 kips b. 72.4 kips
a. 106 kips b. 104 kips

Chapter 8: Eccentric Connections

8.21

8.2-3

8.2-5

22.3 kips
31.8 kips
20.5 kips

8.2.7

8.2:9

8.2-11

8.213

8.3-1

8.3-3

8.3-5

8.3-7

8.441

8.4-3

8.4-5

8.4-7

8.4-11

8.4-13

8.5-1

8.5-3

8.5-5

8.6-1

8.6-3

Answers to Selected Problems 739

a. Required d = 0.753 in.
b. Required d = 0.759 in.

a. Required d = 0.657 in.
b. Required d = 0.657 in.

a. 33.9 kips b. 22.6 kips

a. 5 bolts per vertical row
b. 6 bolts per vertical row

a. Adequate. Shear: 25.4 kips < 31.8 kips
Tension: 10.9 kips < 26.6 kips

b. Adequate. Shear: 17 kips < 21.2 kips
Tension: 7.29 kips < 17.6 kips

a. Adequate. Shear: 15 kips < 24.4 kips (OK)
Tension: 25 kips < 27.8 kips (OK)

b. Adequate. Shear: 10 kips < 16.2 kips (OK)
Tension: 16.7 kips < 18.5 kips (OK).

a. Adequate. Shear: 9.69 kips < 24.4 kips
Tension: 29.1 kips < 36.6 kips

b. Adequate. Shear: 6.6 kips < 16.2 kips
Tension: 19.8 kips < 24.2 kips

a. 94.9 kips b. 63.3 kips

4.50 kips/in.

13.5 kips/in.

a. 5.34 sixteenths of an inch
b. 5.72 sixteenths of an inch

4.26 kips/in.

a. Adequate. Required size =
1.83 sixteenths of an inch

b. Adequate. Required size =

1.83 sixteenths of an inch

a. 3.27 sixteenths of an inch
b. 2.10 sixteenths of an inch

1.18 kips/in.
a. R, = 36.5kips b. R, = 24.3 kips
a. 90.5 kips b. 60.3 kips

a. Yes. 180 kips < 195 kips
b. Yes. 120 kips < 130 kips

a. 51.7 kips b. 122 ft-kips
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8.711

8.8-1

a. Stiffeners are required.
b. Stiffeners are required.

a. Adequate. Bolt tension = 22.6 kips <
29.8 kips
b. Adequate. Bolt tension = 15.0 kips <
19.9 kips

Chapter 9: Composite Construction

9.11

9.1-3

9.21

9.341

9.41

a.1760 in.*b. f,, = 0.926 ksi
(compression), f., = 34.4 ksi, f. = 1.10 ksi

a.3760 in.* b. f,,, = 2.21 ksi (compression),
Foor = 317 ksi, f. = 1.08 ksi

968 ft-kips

a. Adequate. 153 ft-kips < 251 ft-kips
b. Adequate. 108 ft-kips < 167 ft-kips

a. Satisfactory. Before concrete has cured,
M, = 51.8 ft-kips < 75.4 ft-kips; after
concrete has cured, M, = 157 ft-kips <
168 ft-kips; V,, = 25.1 kips < 79.1 kips

b. Satisfactory. Before concrete has cured,
M, = 39.5 ft-kips < 50.1 ft-kips; after
concrete has cured, M, = 105 ft-kips <
112 ft-kips; V, = 16.8 kips < 52.8 kips

a. Adequate. Before concrete has cured,
M, = 233 ft-kips < 484 ft-kips; after
concrete has cured, M, = 896 ft-kips <
966 ft-kips, V,, = 89.6 kips < 256 kips

b. Adequate. Before concrete has cured,
M, = 182 ft-kips < 322 ft-kips; after
concrete has cured, M, = 596 ft-kips <
643 ft-kips, V, = 59.6 kips < 171 kips

c. 98

9.4-3 46

9.6-1

9.6-3

9.6-5

9.71

9.7-3

9.8-1

a.1.73 in. b. 1.90 in.

a.1.49in.,2.01 in. (total)

b. A, =0.836 in. > L/360; select another
beam

a.1.21in., 1.73 in. (total)
b.A, = 0732 in. < L/360 (OK)

a. 0.488 in. b. 528 ft-kips
306 ft-kips
306 ft-kips

9.10-1 518 kips

Chapter 10: Plate Girders

10.441 2380 ft-kips

10.4-3 3340 ft-kips

10.4-5 a. Not adequate. M,, = 18,700 ft-kips >

¢p,M, = 17,700 ft-kips
b. Not adequate. M, = 11,900 ft-kips >
M, /Q, = 11,800 ft-kips

10.5-1 a. 682 kips b. 531 kips ¢. 499 kips

10.5-3 a. Yes. End panel: V, = 95.4kips < ¢,V, =

219 kips. Second panel: V,, = 74.0 kips <
¢,V, = 368 kips Middle panel:

V, = 51.2kips < ¢,V, = 169 kips

b. Yes. End panel: V, = 61.2kips <V, /Q,, =
146 kips Second panel: V, = 47.5 kips <
V., /Q,, = 245 kips Middle panel:
V,=32.8kips <V, /Q, = 112 kips

10.6-1 a.267 kips b. 178 kips



Allowable strength design (ASD), 21,

26-29,43-44, 49, 68,115, 129-130,
186, 214-215, 254, 261, 300, 350,
445, 448-449, 538, 563-564

AISC Manual for, 129

allowable strength, 43-44, 115, 186, 254

beam requirements, 186, 214-215, 254

beam-column requirements, 300, 350

bearing plates, 254

braced frame design, 350

column base plates, 261

column requirements, 115

column stiffener equations, 538

compression members, 115, 129-130

compressive strength, 115, 129

design moment, 186

end plate connection equations, 563-564

fillet welds, 445, 448—449

flexural (bending) strength, 186, 254

interaction equations, 300

load combinations, 26—69

philosophy of, 21-22

safety factors (Q), 26-29

shear strength, 214-215, 445, 448-449

strength determination, 43-44, 115,
129-130

structural design using, 21, 26-29, 68

tensile strength, 43-44, 49, 68

Allowable stress design, 22, 26-27,

115-116, 186, 198-201, 216
beams, 186, 198-201, 216
bending stress, 186, 198-201
compressive stress, 115-116
compression members, 115-116
load combinations, 26-27
service (working) loads and, 22
shear stress, 216
structural design using, 22-23,29-33

American Association of State Highway

and Transportation Officials
(AASHTO), 8

American Society for Testing and

Materials (ASTM), 12

American Institute of Steel Construction

(AISC), 8,23-24,33-35, 41-42,
73-75,107, 115-119, 125-127,
152-155, 194-195, 226-229,
234-235,535-539, 558559, 625,
635-643,670-672, 682, 723-724

axial force and bending moment
analysis, 107

beam design charts, 226-229

beam shape classification, 194-195

bearing stiffener guidelines, 682

column reinforcement requirements,
535-539

composite beam tables, 635-643

compressive member property tables,
125-127

compressive member requirements,
115-119

end plate connection guidelines,
558-559

flexural and shear strength table,
234-235

flexural-torsional buckling analysis,
152-155

formed steel deck requirements, 625

Manual of Steel Construction, 23

plastic analysis and design
requirements, 723-724

plate girder proportion requirements,
670-672

Specification for structural design, 8,
23-24,33-35

Steel Construction Manual, 33-35, 41,
73-75,125-127,226-229, 234-235

stiffener proportion guidelines,
538-539, 682

tension member property tables,
41-42,73-75

torsional buckling analysis, 152-155

American Iron and Steel Institute

(AISI), 8

American Railway Engineering and

Maintenance-of-Way Association
(AREMA), 8

American Society of Civil Engineers

(ASCE), 7,23

American Standard (S-shape) cross

section, 13-14

5.1: Level One Head Title 741

Index

strength and spacing of, 608-611
structural use of, 591-592
studs, 591-592, 608-611
Area, 41-42, 50-57, 76, 121-122, 386, 594
composite beams, 594
compression members, 121-122
cross-sectional, 41-42, 121-122
effective, 43, 50-57
gross, 41
net, 41, 51
nominal bolt (body), 386
reduced effective, 121-122
stress, 76
tension members, 41-42, 50-57, 76
threaded rods, 76
transformed, 594
Artificial joint restraint (AJR), 326
ASD, see allowable strength design,
allowable stress design (ASD)
Axial deformation, 416
Axial loads, 4, 41, 107, 503-509
balancing the welds for, 504-509
compression, 4, 107
gravity axis, 503-504
tension, 4, 41
welded connection members, 503-509

Balancing the welds, 504-509
Bar joists, 246
Bars, 14-15,279
bending strength of, 279
cross-sectional shapes of, 14-15
Base metal (welds), 439
Base plates, 258-263
Bay of a framing plan, 238
Beam-columns, 5,296-373
analysis methods for required
strength, 303-305

Anmerican Standard Channel (C-shape)
cross section, 13-14
American Welding Society (AWS), 442
Amplification factors (B, B,), 308
Amplified moments, 308-309
Anchors, 591-592, 608-611, 623-625
AISC requirements for, 609
channel shaped, 591-592
composite construction, 591-592,
623-624
partial composite action, 624-625
partially composite beams and, 592,
624-625
shear strength of, 623—-624
steel headed studs, 591-592, 608-611

ASD equations for, 300

braced frames, 308-324, 347-350

design of, 335-355

frames, 308-335, 347-355

interaction formulas, 298-302

LRFD equations for, 299

nonuniform bending factor, 300,
335-336, 340

structural use of, 5, 297-298

top-chord loads between joints, 355-360

trusses, 355-360

unbraced frames, 308-309, 324-335,
350-355

verification of assumptions, 336

741



742 Index

Beam (load) line, 518-519
Beam-to-column connections, 522-571
column reinforcement, 534-557
end plate connections, 557-571
moment-resisting, 522-534, 558-559
simple, 557-558
stiffeners for, 534-557
Beams, 5, 119-120, 184-295, 475-476,
517-522,591-601, 618-645, 724-731
AISC beam design charts, 226-229
AISC Manual tables for, 234-235,
635-643
AISC shape classification, 194-195
allowable strength design (ASD)
equations, 186, 214-215
allowable stress design equations, 186,
198-201, 216
bearing plates, 250-258
bending strength, 195-211, 266-267,
274-279
bending stress, 186-192
biaxial bending, 264-274
collapse mechanisms, 724-728
compact shapes, 119, 195-207, 211
composite, 591-601, 618-643
concrete bearing strength, 252
continuous, 644-645, 724-731
cross-sectional shapes, 185-186
defined, 5, 119
deflection, 220-222, 243, 618-622
design of, 222-237
design strength (moment), 185-186,
254
eccentric connections, 475-476,
517-522
failure of, 195-196, 200-201
flexural (bending) strength, 185-186,
234-235, 598-601
framing systems, 238-243
holes in, 243-246
local stability, 119-120
LRFD equations, 185-186
moment-resisting connections,
517-522
moment strength, 210-211
noncompact shapes, 119, 194-195,
207-211
open-web steel joists, 246-250
plastic analysis of, 724-728
plastic design of, 729-731
plastic moment, 189-192
shear strength, 212-220, 234-235
shear stress, 216
slender shapes, 119
stability, 192-194
structural use of, 5, 185
web crippling, 251-252
web yielding, 251
width-to-thickness ratio, 119-120,
194-195

Bearing deformation, 381-382
Bearing plates, 250-258
concrete bearing strength, 252
design of, 250-251
design strength, 254
flexural strength, 254
thickness, 252-254
web crippling, 251-252
web yielding, 251
Bearing stiffeners, 668-669, 680-696, 699
Bearing strength, fasteners, 380-386
Bearing-type connections, 394-400,
427-429
Bending, 119-125, 151, 264-247, 309-311
beams, 264-267
beam-column members, 309-311
biaxial, 264-274
flexural column buckling, 119-125, 151
reverse-curvature, 310-311
single-curvature, 309-310
Bending moment distribution factor
(C,),310-313
Bending moments, 107, 186-189
beam strength and, 186-189
bending stress and, 186-189
Bending strength, 195-211, 266-267,
274-279, 300, 340
allowable stress approach for, 198-201
beam-columns, 300, 340
beams, 195-211, 266-267, 274-279
biaxial bending and, 266-267
compact shapes, 194-207, 211
double angle shapes, 276279
elastic failure, 195, 200-201
failure and, 195-196, 200-201
flange local buckling, 278
hollow structural sections (HSS),
274-276
inelastic failure, 195, 201
lateral-torsional buckling, 276-277
local buckling, 278-279
moment gradient and, 204
nominal flexural strength, 201-207
nominal moment strength, 196,
199-200, 210-211
noncompact shapes, 207-211
nonuniform bending factor, 200-201,
204-206, 300, 340
shape classification for, 195-196
solid bars, 279
tee shapes, 276-279
various shapes and, 274-279
weak-axis, 266-267
width-to-thickness ratio, 195, 274-275
yielding, 276
Bending stress, 186-192, 198-201
Biaxial bending, 264-274
beams, 264-274
loads not through shear center,
268-274

loads through shear center, 264-268
roof purlin design and, 269-270
weak-axis bending strength, 266-267
Block shear, 64-67,218-220
beams, 218-220
gusset plate connection, 65-66
shear strength and, 218-220
tension members, 64-67
BOCA National Building Code, 7
Bolted connections, 50-51, 53, 57-64,
75, 375-380, 386—438, 476494,
557-571
AISC Manual tables for, 399-400,
488-489
bearing-type, 394-400, 427-429
brackets, 476-489
combined shear and tension in,
426-438, 489-494
design examples, 400-414
double shear, 378-379
eccentric connections, 476-494,
557-571
effective net area of, 51, 53
elastic analysis, 477-481
end plate connections, 557-571
failure modes, 378-380
high-strength bolts, 387, 392-400,
414-426
prying force applied to, 418-423
shear (loads), 378-380, 476-489
shear lag in, 50-51
shear strength, 386-392
single shear, 378-379
slip-critical, 394-400, 429-430, 494
staggered fasteners, 57-64
stitching, 75
symmetry of, 410
tension (force), 414-418
tension members, 50-51, 53, 57-64,
414-426
threaded bolts, 387-388
ultimate strength analysis, 481-488
Braced connections, 134-151
braced frames, 144-148
compression members, 134-151
continuous frames, 141-151
effective length for, 134-151
minor and major axis buckling,
134-136
sidesway and, 142, 146
unbraced frames, 142-144
Braced frames, 144-148, 308-335,
347-350
amplification factor, 308-313
amplified moments, 308-309
beam-column members, 308-335,
347-350
bending moment distribution factor,
310-313
connections, 144-148



design of, 347-350

member deformation (P-8) moments,
308-309

nodal bracing, 145, 347

relative bracing, 145, 347

reverse-curvature bending, 310-311

single-curvature bending, 309-310

stability bracing, 145, 347-350

Bracket connections, 476-489

elastic analysis, 477-481
ultimate strength analysis, 481-488

Buckling, 108-115, 119-125, 134-158,

192-194, 276-279, 536537,
667-669, 673-675, 681-682

beam-to-column connections,
536-537

bending strength and, 276-279

braced frames, 144-148

column reinforcement for, 536537

column theory for, 108-115

continuous frames, 141-151

critical load, 108-111

effective length for, 113-115, 134-151

elastic stress, 152-153

Euler load, 108-111

flange local (FLB), 193-194, 278

flexural buckling (bending), 119-125,
151

flexural-torsional buckling (twisting
and bending), 151-158

inelastic, 111-112

lateral-torsional (LTB), 193, 276-277,
673-675

local stability, 119-125, 278-279

minor and major axis, 134-136

modes, 110

overall stability, 151-158, 192-194

plate girders, 667-669, 673-675

sidesway web buckling, 669, 681-682

stiffeners for prevention of, 668-668

tension-field action, 667-668

tangent modulus theory, 112-113

torsional buckling (twisting), 151-158

unbraced frames, 142-144

web local (WLB), 194

webs, 536-537, 667-669, 681-682

Building codes, 7
Built-up members, 15-16, 107-166

compression members, 158-166
connection requirements for, 161-166
cross-section shapes, 15-16

design strength, 158

plates, 166

rolled shapes, 161-163

Cables, 75-78

flexible, 77
strands, 77-78

tensile member connections, 75-78
threaded rods and, 75-78
wire rope, 77-78
Cambering, 221
Cantilever method, 258
Channel shaped anchors, 591-592
Chord members, 82-83
Coefficient of variation, 30
Cold-formed process, 16
Collapse mechanisms, 22, 723-728
Column load tables, 125
Column reinforcement, 534-571
AISC Specification requirements,
535-539
beam-to-column connections,
534-571
bolted connections, 557-571
compression buckling of web, 536-537
diagonal stiffeners, 540, 548-549
doubler plates, 537, 540
end plate connections, 557-571
limit states, 535-538
local bending of column flange, 535
local web yielding, 535-536
moment-resisting end plate
connections, 558-559
shear in column web, 539-540
simple end plate connections, 557-558
web crippling, 536
welded connections, 534-571
Column strength curve, 113
Columns, 5, 107-183, 258-263, 351,
534-571, 645-653
AISC Specification requirements,
115-119
AISC Steel Construction Manual for,
125-127,129-130
base plates, 258-263
beam-to-column connections,
534-571
buckling, 108-115, 119-125, 134-158
built-up members, 158-166
column theory, 108-115
composite, 645-653
compressive strength, 115-119, 129
critical buckling load, 108-111
design of, 127-134
drift index for, 351
eccentric connections, 534-571
effective length, 113-115, 134-151
end plate connection requirements,
569-571
Euler buckling load, 108-111
local stability, 119-125
property tables for, 125-127
rotational stiffness, 141-143, 146
slenderness ratio (L/r), 116-119
stiffeners, 534-557
stiffness reduction factor, 146-149
strength of, 115-119, 129-130
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structural use of, 5
stub column, 112
tangent modulus theory, 112-113
Compact shapes, 119, 194-207, 211
AISC table for, 119, 194-195
allowable stress approach, 198-201
bending strength of, 195-207
classification as, 195-196
elastic failure, 195,200-201
inelastic failure, 195, 201
nominal flexural strength, 201-207
nominal moment strength, 196,
199-200, 211
nonuniform bending factor, 200-201,
204-206
width-to-thickness ratio, 194-195
Composite beams, 591-601, 604-606,
618-643
AISC Manual tables for, 635-643
composite behavior in, 591-592
concrete slab construction, 604-606
design of, 623, 635-643
ductility in, 634-635
effective flange width, 604-606
elastic stresses in, 593-598
flexural strength, 598-601
formed steel decks, 622-635
partial composite action, 624—-625
partially, 592, 624-625, 634-635
shear strength of anchors, 623-624
structural use of, 591-601
transformed section, 593-594
Composite columns, 645-653
encased, 645-650
filled, 650-653
strength of, 645-653
width-to-thickness ratio, 650651
Composite construction, 590-662
AISC requirements for, 625
anchors, 591-592, 608-611, 623-624
composite beams, 591-601, 618—643
composite columns, 645-653
concrete slabs, 592-593, 599-606, 625
continuous beams, 644—-645
deflections, 618-622
design of, 611-618, 623, 635-643
effective flange width, 604-607
elastic stresses in beams, 593-598
flexural strength of, 598-601
floor system design, 611-618, 623
formed steel deck, 592-593, 622-635
partial composite action, 624—625
plastic neutral axis (PNA), 599-601,
624-625
plastic stress distribution, 598
shored versus unshored, 602-604
stress distribution, 598-600
structural use of, 591-593
Whitney equivalent stress
distribution, 598
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Compression members, 106-183

AISC methods for analysis of, 107

AISC Specification requirements,
115-119

AISC Steel Construction Manual
tables, 125-127

beam-columns, 107

buckling, 108-115, 119-125, 134-158

built-up members, 158-166

column theory, 108-115

columns, 107-183

design of, 127-134

effective length, 113115, 134-151

flexural buckling (bending), 119-125,
151

flexural-torsional buckling (twisting
and bending), 151-158

local stability, 119-125

nonslender shapes, 119

property tables for, 125-127, 129-130

rotational stiffness of, 141-143, 146

slender shapes, 119

stiffness reduction factor, 146-149

strength of, 115-119, 129-130

stress in, 107

struts, 107

torsional buckling (twisting), 151-158

Compressive strength, 115-119, 129,

672-673
ASD equations for, 115, 129
column design and, 115-119, 129
flexural strength based on, 672-673
LRFD equations for, 115, 129
plate girder flanges, 672-673

Compressive stress, 108, 111, 115-116
Computations, 35-37

design requirements, 35-37
odd-add rule, 37

precision and, 35
significant figures, 35-37

Concrete bearing strength, 252
Concrete slabs, 592-593, 599-606, 625

curing, 602

effective flange width, 604-606
formed steel deck for, 592-593, 625
plastic neutral axis (PNA), 599-601
shored versus unshored, 602-604
slab weight, 625

Connections, 41-42, 50-64, 88-89,

113-115, 134-151, 161-166, 374—
473, 474-589. See also Anchors;
Bolted connections; Eccentric
connections; Welded Connections
bearing strength, 380-386
bearing-type, 394-400, 427-429
bolted, 50-51, 53, 57-64, 375-380,
386-438, 476-494, 557-571
braced, 134-151
brackets, 476-489
built-up members, 161-166

combined shear and tension in,
426-438, 489-494, 509-516

compression members, 113-115,
134-151, 161-166

eccentric, 474-589

edge-distance requirements, 380-386

effective area, 50-57
effective length, 113-115, 134-151
failure modes, 375, 378-382

fasteners, 376-378, 380-386, 426-438

frames, 141-151
gusset plates, 41-42
high-strength bolts, 387, 392-400,
414-426
moment-resisting, 517-534, 558-559
pin-connected members, 88-89,
113-115
plate requirements, 166
rolled shape requirements, 161-163
shear strength, 386-392
simple, 374-473, 557-558
slip-critical, 394-400, 429-430, 494
spacing, 380-386
staggered fasteners, 57-64
structural design using, 375-378
tension members, 41-42, 50-64,
88-89, 414-426
welded, 51, 53-54, 376-378, 439-441
Continuous beams, 644-645, 724-731
Continuous casting system, 13
Continuous frames, 141-151
Creep, 619
Critical buckling load, 108-111
Cross sections, 12-16, 41-42, 119-125,
264, 665-666
American Standard (S-shape), 13-14
American Standard Channel
(C-shape), 13-14
areas, 41-42,121-122
bars, 14-15
built-up members, 15-16
cold-formed, 16
compression members, 119-125
continuous casting system, 13
double-angle, 15-16
equal and unequal legs (L-shapes),
13-14
hollow (HSS), 14-15
hot-rolling process, 12-13
I-beam, 14
local stability, 119-125
pipes, 14-15
plate girders, 665-666
plates, 14-15
reduced effective area, 121-122
shapes, 12-16, 119-120
shear center, 264
steel used for, 16
Structural Tee (split-tee), 14
tension members, 41-42

wide-flange (W-shape), 13
width-to-thickness ratio, 119-120
Cumulative distribution function, 32

D

Dead loads, 6
Deflection, 220-222, 243, 618-622
beams, 220-222, 618-622
cambering, 221
composite beams, 618-622
creep, 619
limits, 220-221
moment of inertia and, 618-619
ponding, 221-222
service loads for, 220-221
Deformation, tensile strength and, 42-43
Depth-to-span ratio, 697
Depth-to-thickness ratio, 675-680
Design, see Structural design
Design specifications, 7-8, 23-24,
33-35,115-119, 152-155. See also
Structural design
American Association of State
Highway and Transportation
Officials (AASHTO), 8
American Institute of Steel
Construction (AISC) Specification,
8,23-24,33-35,115-119, 152-155
American Iron and Steel Institute
(AISI), 8
American Railway Engineering and
Maintenance-of-Way Association
(AREMA), 8
ASD provisions, 35
compressive strength, 115-119
LRFD provisions, 23, 35
flexural-torsional buckling analysis,
152-155
Manual of Steel Construction, 23
Steel Construction Manual, 23-24,
33-35
torsional buckling analysis, 152-155
use of for steel design, 7-8
Design strength, 24, 158, 185-186,
234-235,254
AISC Manual table for, 234-235
beams, 185-186, 254
bearing plates, 254
built-up members, 158
moments, 185-186, 254
resistance factor, 24
Design thickness, 122
Diagonal stiffeners, 540, 548-549
Direct analysis method, 304, 305
Direct tension indictors, 393-394
Double-angle shapes, 15-16, 276-279
bending strength of, 276-279
cross sections, 15-16
Double shear loading, 378-379



Doubler plates, 537, 540, 548

Drift index, 351

Ductility, 9-10, 634-635
composite beams, 634-635
elongation and, 10
stress—strain curve for, 9-10

Earthquake loads, 6
Eccentric connections, 474-589
AISC Manual tables for, 488-489
axially loaded members, 503-509
beams, 517-534
beam-to-column, 534-571
bolted, 476—494, 557-571
brackets, 476-489
combined shear and tension in,
489-494, 509-516
design considerations, 571
elastic analysis, 477-481, 494-500
end plates, 557-571
framed beams example of, 475-476
moment-resisting, 517-534, 557-559
shear (loads), 476-489, 494-509
stiffeners, 534-557
ultimate strength analysis, 481-488,
500-503
welded, 494-571
Eccentricity, 475
Edge-distance requirements, 380-386
Effective area, 43, 50-57
bolted connections, 51, 53
joint efficiency and, 50
reduction factor (U) for, 51-55
shear lag and, 50-51
tensile strength and, 43
welded connections, 51, 53-54
Effective length, 113115, 134-151, 300
beam-columns, 300
braced connections, 134-151
column theory and, 113-115
compression members, 113-115,
134-151
continuous frames, 141-151
minor and major axis buckling,
134-136
minor and major axis buckling,
134-136
pinned-end connections, 113-115
rotational stiffness and, 141-143, 146
stiffness reduction factor, 146-148
unbraced frames, 142-144
Effective length factor (K), 115
Effective length method, 304
Effective net area, 43, 51
Elastic analysis, 477-481, 494-500
bolted connections, 477-481
welded connections, 494-500
Elastic buckling stress, 152-153

Elastic design, 22. See also Allowable
stress design
Elastic failure, 195, 200-201
Elastic limit, 9-11
Elastic range, 10
Elastic section modulus, 187
Elastic stresses, composite beams,
593-598
Elongation, 10, 381, 417
bolt holes, 381
ductility and, 10
high-strength bolts, 417
Encased composite columns, 645-650
End plate connections, 557-571
ASD equations for, 563-564
beam-to-column connections,
557-571
column requirements for, 569-571
design procedure, 560-561
extended, 557
LRFD equations for, 560-563
moment-resisting, 557-559
simple, 557-558
End returns, welds, 451-452
Engineering stress and strain, 9
Equal and unequal legs (L-shapes),
13-14
Euler buckling load, 108-111
Extended end plate connections, 557
Eyebars, 88

F

Factor of safety, plastic design load factor

as, 22
Factored load, 22-23
Failure modes, 375, 378-382
bearing deformation, 381-382
bolted connections, 378-380
design error, 375
excessive tension, shear, or bending,
379
fasteners, 380-382
tear-out, 380-381
Failure, beam bending strength and,
195-196, 200-201
Fasteners, 376-378, 380-386, 426-438
bearing strength, 380-386
bearing-type connections, 427-429
combined shear and tension in,
426-438

edge-distance requirements, 380-386

failure modes, 380-382
holes for, 380-383
slip-critical connections, 429-430
spacing, 380-386
Filled composite columns, 650-653
Filler beams, 238
Filler factor, 395
Filler metal (welds), 439

Index 745

Fillet welds, 440-459

AISC requirements for, 450-452
ASD equations for, 445, 448—449

end returns, 451-452

length and size requirements, 451-452
load direction, 442443

LRFD equations for, 444-445, 448
nominal strength, 443

shear strength of, 444-449

shearing stress, 441-444

First-order analysis method, 304
Flange local buckling (FLB), 193-194,

211,278

Flanges, 243-246, 535, 604—-607,

672-675, 697-698
column reinforcement for, 535
compression strength, 672-673
concrete slabs, 604-607
effective width, 604-607
flexural strength, 667, 672—-675
holes in, 243-246
lateral-torsional buckling, 674
limit states, 667, 672—-673
local bending, 535
plate girders, 667, 672-675, 697-698
size estimation, 697-698
tension yielding, 672

Flexible moment connection, 521
Flexural buckling, 119-125, 134-136,

151-152

compression member bending,
119-125, 151-152

defined, 151

effective length, 134-136

local stability, 119-125

Flexural (bending) strength, 185-186,

201-207, 234-235, 254, 598-601,
661, 672-675
AISC Manual table for, 234-235
AISC Specification for, 598
beams, 185-186, 201-207, 234-235, 254
bearing plates, 254
compact shapes, 201-207
composite beam construction, 598-601
nominal, 201-207
plate girder flanges, 661, 672-675
stress distribution and, 598-600

Flexural-torsional buckling, 151-158

AISC Specification analysis of,
152-155

compression member twisting and
bending, 151-158

defined, 151-152

elastic buckling stress, 152-153

shape constants, 153-154

Floor systems, 238-243, 246250, 590-662

composite construction of, 590-662
concrete slabs, 592-593, 599-606, 625
deflections, 243, 618-622

design of, 611-618, 623
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Floor systems (continued)

effective flange width, 604-607
formed steel deck, 592-593, 622-635
framing, 238-243, 246-250

shored versus unshored, 602-604
slab weight, 240, 625

Formed steel deck, 592-593, 622-635

AISC requirements for, 625
composite beams with, 622-635
concrete slab construction using,
592-593
partial composite action, 624—625
plastic neutral axis (PNA), 624-625
shear strength of anchors, 623-624
slab weight, 625

Fracture, tensile strength and, 42-43
Frames, 4-5, 141-151, 308-335, 347-355,

475-476

amplified moments, 308-309

beam-column members in, 308-335,
347-355

braced, 144-148, 308-324, 347-350

bracing design, 347-355

compression members, 141-151

continuous, 141-151

eccentric beam connections, 475-476

effective length for frame members,
141-151

joint displacement (P-A) moments,
308-309

member deformation (P-8) moments,
308-309

rotational stiffness, 141-143

stiffness reduction factor, 146-148

sidesway and, 142, 146, 308-309,
324-335

stability bracing, 145, 347-350

structural use of, 4-5

unbraced, 142-144, 308-309, 324-335,
350-355

Framing plans, 3
Framing systems, 238-243, 246-250

deflection, 243

filler beams, 238

joists for, 246-250

load path, 238

slab weight, 240
tributary areas, 238-234

Fully restrained connection (FR), 518

Girders, 250. See also Plate

girdersGravity axis, 503-504

H

High-alloy (specialty) steels, 11
High-strength bolts, 387, 392-400,
414-426
axial deformation of, 416
bearing-type connections, 394-400
calibrated wrench tightening, 393
direct tension indictors, 393-394
elongation of, 417
installation of, 392-394
pretensioned, analysis of, 414-418
prying force applied to, 418-423
shear strength of, 387
slip-critical connections, 394-400
snug tightening of, 393
tension in, 414-426
tensile force applied to, 414-418
turn-of-the-nut method, 393
twist-off-type bolts, 393
Hinges, plastic, 189, 721-723
Holes, 46-47,243-246, 379-386
beam flanges, 243-246
bolts, 379-380
diameter of, 382-383
edge-distance requirements, 383
elongation of, 381
fasteners, 380-386
size, failure from, 379-380
spacing, 383
stress concentration effects at, 46—-47
tear-out, failure from, 380-381
Hollow structural sections (HSS), 14-15,
274-276
bending strength of, 274-276
illustration of, 14-15
round, 275-276
square and rectangular, 274-275
width-to-thickness parameters,
274-275
Hooke’s law, 9
Hot-rolled shapes, plate girders
compared to, 667
Hot-rolling process, 12-13

I-beam, 14

Inelastic buckling, 111-112

Inelastic failure, 195, 201

Interaction formulas, 298-302
Intermediate stiffeners, 668, 678—680
International Building Code, 7

J

Joints, top-chord loads between,

355-360. See also Connections

Joists, 246-250

bar, 246

floor or roof systems using, 246-250
girders, 250

open-web steel, 246250

Lateral-torsional buckling (LTB), 193,

211,276-277, 674
beams, 193, 211, 276-277
bending strength and, 276-277
flexural strength and, 674
moment strength and, 211
plate girder flanges, 674
stability and, 193

Length requirements, welds, 451-452
Limit states, 23, 25, 42-43, 88-89,

535-538, 680-682
beam-to-column connections, 535-538
column reinforcement, 535-538
pin-connected members, 88-89
plate girder webs, 680-682
resistance factor (¢) for, 25
structural safety and, 23
tension member failure, 4243

Limit states design, 23. See also Load

and resistance factor design
(LRFD)

Live loads, 6
Load and resistance factor design

(LRFD), 22-25,29-33, 43, 49,
115, 129-130, 185-186, 213, 254,
258-261,299, 444-445, 448, 538,
560-563

AISC specifications, 23-24

beam equations, 185-186, 213, 254

beam—column equations, 299

bearing plates, 254

column base plates, 258-261

column requirements, 115

column stiffener equations, 538

compression members, 115, 129-130

compressive strength, 115, 129

design (moment) strength, 185-186,
254

factored load for, 22-23

end plate connection equations,
560-563

fillet welds, 213, 444445, 448

interaction equations, 299

limit state, 23

load combinations, 24-25

Gravity loads, 6
Groove welds, 440-441 Jackson—-Mooreland Alignment Charts,
Gross area, 41 143
Gusset plate connection, 41-42, 65-66 Joint displacement (P-A) moments, probabilistic basis, 29-33
block shear in, 65-66 303-304, 308-309 resistance factor (¢), 22-23,24-25,
tension members, 41-42 Joint efficiency, 50 29-33

load factors, 29-33
philosophy of, 22-23



safety factors (Q2), 24-25
shear strength equations, 213,
444-445,448

strength determination, 115, 129-130,

185-186
structural design using, 22-23,29-33
tensile strength for, 43, 49
Load combinations, 24-29
Load direction, fillet welds, 442-443
Load factors, 22-23
Load path, 238
Loads, 4-6,22,107-111, 220-221,
264-274,304, 355-360, 378-380,
414-426
axial, 4, 41, 107
beams, 220-221,264-274
beam-column truss members,
355-360
biaxial bending and, 264-274

bolted connections, 378-380, 414-426

compression members, 107-111
critical buckling, 108-111
dead, 6
deflection limits for, 220-221
double shear, 378-379
Euler buckling, 108-111
live, 6
notional, 304
service loads, 22,220-221
shear, 378-380
single shear, 378-379
snow, 6
steel design and, 4-6
tensile, 414-426
top-chord loads between joints,
355-360
wind, 6
Local stability, 119-125,278-279
bending strength and, 278-279
buckling and, 119-125, 278-279
compression members, 119-125
cross-sectional shapes and, 119-120
design thickness for, 122
reduced effective area, 121-122
width-to-thickness ratio, 119-120
Low-alloy steels, 11
Lower-bound theorem, 724
LRFD, see Load and resistance factor
design (LRFD)

M

Manual for Railway Engineering, 8

Manual of Steel Construction, 23

Mean, 30

Mechanism method, 727

Median, 30

Member deformation (P-8) moments,
303-304, 308-309

Minimum Design Loads for Buildings
and Other Structures, ASCE 7,7

Mode, 30, 110
Moment frames, 303, 335
Moment gradient, 204
Moment of inertia, 618-619
Moment-resisting connections, 517-534,
558-559
beam (load) line for, 518-519
beam-to-column, 522-534
beams, 517-522
end plate connections, 558-559
flexible moment connection, 521
fully restrained connection (FR), 518
moment-rotation curve for, 518-520
moment transfer, 521-522
partially restrained (PR) connection,
518
rigid connection, 517-518
Moment-rotation curve, 518-520
Moment transfer, 521-522
Moments, 107, 185-192, 196, 199-200,
210-211, 254, 303-304, 308-309,
721-724
amplified, 308-309
beam-columns, 303-304, 308-309
beams, 185-192, 196, 199-200,
210-211,254
bearing plates, 254
compact shapes, 196, 199-200,
210-211
design strength, 185-186, 254
flexural (bending) strength, 185-186,
254
frames, 308-309
joint displacement (P-A), 303-304,
308-39
member deformation (P-5), 303-304,
308-39
nominal strength, 196, 199-200,
210-211
plastic, 189-192, 721-722
plastic analysis and design, 721-724
yield, 188-189
Murray-Stockwell method, 259

N

Net area, 41

Nodal bracing, 145, 347

Nominal bolt (body) area, 386
Nominal flexural strength, 201-207

Nominal moment strength, 196, 199-200,

210-211
Nominal shear strength, 386-387
Nominal strength, 42, 76
Noncompact shapes, 119, 194-195,
207-211
AISC table for classification of, 119,
194-195
bending strength, 207-211
nominal moment strength, 211

Index 747

width-to-thickness ratio, 194-195
Nonslender shapes, 119
Nonuniform bending factor (C,),
200-201,204-206
beam design, 200-201, 204-206
beam—column design, 335-336, 340
bending strength adjustment for, 300,
340
Notional loads, 304

o

Odd-add rule, 37
Offset (0.2%) method, 11
Open-web steel joists, 246-250
Overall stability, 151-158, 192-194. See
also Stability
beams, 192-194
compression members, 151-158

P

Panel zone, 539
Partial composite action, 624-625
Partially composite beams, 592, 624-625,
634-635
Partially restrained (PR) connection, 518
Pin-connected members, 88-89, 113-115
compression members, 113-115
effective length and, 113-115
tension members, 88—-89
Pipes, 14-15
Plain carbon steels, 11
Plastic analysis, 189, 721-728
AISC requirements for, 723-724
collapse mechanisms, 723-728
continuous beams, 724-728
lower-bound theorem, 724
mechanism method, 727
moments for, 723-724
plastic moment, 189, 721-722
uniqueness theorem, 725
upper-bound theorem, 724
Plastic design, 22, 723-724,729-731
AISC requirements for, 723-724
continuous beams, 729-731
Plastic hinges, 189, 721-723
Plastic moments, 189-192, 721-722
Plastic neutral axis (PNA), 599-601,
624-625
Plastic range, 9
Plastic stress distribution, 598
Plate girders, 664-719
AISC proportion requirements for,
670-672
bearing stiffeners, 668-669, 680-696,
699
buckling, 667-669, 673-675, 681-682
cross sections, 665-666
depth-to-span ratio, 697
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Plate girders (continued)
design of, 696-713
flanges, 667, 672-673, 697-698
flexural strength, 672-675
hot-rolled shapes compared to, 667
intermediate stiffeners, 668, 678—680
lateral-torsional buckling, 673-675
shear strength, 675-680, 698-699
sidesway web bucking, 669, 681-682
size estimation, 697-698
stiffeners, 667-669, 680-696
structural use of, 665-666
tension-field action, 667, 676—-678

webs, 667-669, 675-696, 681-682, 697

welding, 665, 669-670
Plates, 14-15, 166, 250-263
beams, 250-258
bearing plates, 250-258
built-up members, 166
column base plates, 258-263
connection requirements for, 166
cross-sectional shapes of, 14-15
thickness, 252-254, 258-260
Plug (slot) welds, 440
Ponding, 221-222
Precision of design computations, 35-37
Pretensioned bolts, 414-418
Probabilistic basis, 29-33
Probability density function, 30
Proportional limit, 9
Prying force applied to high-strength
bolts, 418-423
Purlins, 78-79, 269-270

Reduced effective area, 121-122
Reduction factor (U), 51-55, 146-149
compression members, 146-149

effective area and, 51-55
tension members, 51-55
Relative bracing, 145, 347
Relative frequency distribution, 30
Reliability index, 33
Required strength analysis methods,
303-305
direct analysis, 304, 305
effective length, 304
first-order, 304
joint displacement (P-A) moments,
303-304
member deformation (P-8) moments,
303-304
second-order, 304
Research Council on Riveted and
Bolted Structural Joints, 375
Residual strain, 11
Resistance factor (¢), 22-23, 24-25,
29-33
design strength, 24
limit states and, 25

LRFD, 22-23,24-25
probabilistic basis of, 29-33
Reverse-curvature bending, 310-311

Rigid connection, 517-518, 557. See also

Moment-resisting connections
Riveted connections, 375, 665-666.
See also Connections; Fasteners
Rods, 75-80
roof trusses, 78—80
sag rods, 78-80
tension members, 75-80
threaded, 75-78
tie rod, 80

Rolled shapes, connection requirements

for built-up members, 161-163

Roof framing systems, 238-243, 246-250

Roofs, 78-87,269-270

biaxial bending and, 269-270

chord members, 82-83

purlins, 78-79, 269-270

rods, 78—-80

sag rods, 78-80

tension members in, 78-87

tie rod, 80

trusses, 78—-87

working point and lines of, 83
Rotational stiffness, 141-143, 146
Rupture, tensile strength and, 42—43

S

Safety factors (Q0), 24-29

Safety index, 33

Sag rods, 78-80

Second-order methods, 304

Self-weight, 6

Service (working) loads, 22,220-221

Serviceable structure, 220

Shape factor, 723

Shapes, 12-16, 119-125, 153-154,

161-166, 194-195,274-279, 650

AISC classification of, 194-195
beams, 194-195,274-279
bending strength of various, 274-279
built-up members, 15-16, 161-166
circular (round), 279, 650
compression members, 119-125
cross sections, 12-16, 119-120
double angles, 276-279
filled composite columns, 650

hollow steel structural sections (HSS),

14-15,274-276

local stability and, 119-125

pipes, 14-15

rectangular, 279, 650

solid bars, 279

tees, 276-279

width-to-thickness ratio, 119-120,
194-195, 274-275, 650

Shear, 64-67,213-215, 218-220, 378—

380, 426-438, 476-516, 539-540

AISC Specification requirements for,
213-215
beams, 213-215, 218-220
column reinforcement for, 539-540
block, 64-67, 218-220
bolted connections, 378-380, 476-494
double, 378-379
eccentric connections, 476-516
failure modes from, 378-380
fasteners subjected to, 426-438
single, 378-379
web of beam-to-column connections,
539-540
tension combined with, 426-438,
489-494,509-516
tension members, 64-67
welded connections, 494-516
Shear center, 264-274
biaxial bending and, 264-274
loads not through, 268-274
loads through, 264-268
location of, 264
Shear connection, 517. See also
Connections
Shear flow, 669-670
Shear lag, 50-51
Shear lag factor (U), 51-55
Shear strength, 212-220, 234-235,
386-392, 444-449, 623-624,
675-680, 698-699
AISC Manual table for, 234-235
AISC Specification requirements for,
213-215
anchors, 623-624
ASD equations for, 214-215, 445,
448-449
beams, 212-220
block shear and, 218-220
bolted connections, 386-392
fillet welds, 444-449
high-strength bolts, 387
intermediate stiffeners for, 678-680
LRFD equations for, 213, 444-445, 448
nominal, 386-387
plate girders, 675-680, 698—699
tension-field action, 676-678
web depth-to-thickness ratio for,
675-680
Shearing stress, 212-213, 216, 441-444
Shielded metal arc welding (SMAW), 439
Shored construction, 602-604
Sidesway, 142, 146, 308-309, 324-335,
669, 681-682
amplification factor for, 324
artificial joint restraint (AJR) for, 326
joint displacement (P-A) moments,
308-309
plate girders and, 669, 681-682
unbraced frames, 142, 324-335
web buckling, 669, 681-682
Significant figures, 35-37



Simple connections, 377-378, 517-518,
557. See also Connections
Single-curvature bending, 309-310
Single shear loading, 378-379
Size requirements, welds, 451-452
Slab weight, 240, 625
Slabs, see Concrete slabs
Slender shapes, 119
Slenderness ratio (L/r), 67-68, 116-119
Slip-critical connections, 394-400,
429-430, 494
Snow loads, 6
Spacing, fasteners, 380-386
Specifications, see Design specifications
Specifications for Structural Joints Using
High-Strength Bolts, 387
Stability, 119-125, 151-158, 192-194
beams, 192-194
column buckling and, 119-125,
151-158
compression members, 119-125,
151-158
elastic buckling stress, 152
flange local buckling (FLB), 193-194
flexural buckling (bending), 119-125,
151
flexural-torsional buckling (twisting
and bending), 151-158
lateral-torsional buckling (LTB), 193
local, 119-125
overall, 151-158, 192-194
plastic moment capacity, 192
torsional buckling (twisting), 151-158
web local buckling (WLB), 194
width-to-thickness ratio, 119-120
Stability bracing, 145, 347-350
Staggered fasteners, 57-64
Standard Building Code, 7
Steel, see Structural steel
Steel Construction Manual,23-24,
33-35, 41, 73-75,125-127,129-130,
226-229, 399-400, 488-489,
558-559, 635-643
beam design charts, 226-229
bolt strength tables, 399-400
composite beam strength, 635-643
compression member property table,
125-127
computation precision and, 35
design specifications from, 23-24,
33-35,129-130
eccentric connections, 488-489,
558-559
end plate connection guidelines,
558-559
tension member property tables, 41,
73-75
Steel design, 2-19
building codes, 7
cross-sectional shapes, 12-16
loads, 4-6

specifications, 7-8
structural design, 3-5
structural steel, 8-12
Steel designations, American Society for
Testing and Materials (ASTM), 12
Steel headed studs, see Anchors
Steel Joist Institute (SJI), 247
Stiffened element, 194
Stiffeners, 534-557, 667-669, 678—696
AISC proportion guidelines, 538-539,
682
ASD equations for, 538
beam-to-column connections,
534-557
bearing, 668-669, 680-696, 699
column reinforcement, 534-557
compressive strength and, 680-696
intermediate, 668, 678—680
LRFD equations for, 538
plate girders, 667-669, 678—696, 699
shear strength and, 678-680
sidesway web buckling, 681
structural use of, 667-669
tension-field action, 667-668
web crippling, 680-681
web yielding, 680
Stiffness reduction factor, 146-149
Stitch bolts (stitching), 75
Strain, 8-9, 11
computation of, 8
engineering, 9
residual, 11
structural steel, 8-10
Strength, 42-50, 76,107, 113, 115-119, 125,
129-130, 158, 185-186, 195-220,
252,254,266-267,274-279,298-305,
324-325, 350, 386392, 444-449,
608-611, 645-653, 672-680
AISC Manual tables for, 125,
129-130, 234-235
AISC Specifications for, 115-119
allowable, 43—-44, 350
available and required methods for,
107
beams, 185-186, 195-211, 252, 254,
266-267,274-279
beam-columns, 298-305, 324-325,
350
bearing plates, 252, 254
bending, 195-211, 266-267, 274-279
bolted connections, 386-392
built-up compression members, 158
column load tables, 125
column strength curve, 113
columns, 115-119, 129-130, 645-653
compact shapes, 195-211
composite columns, 645-653
compressive, 115-119, 129, 672-673
concrete bearing, 252
design, 129-130, 43, 158, 185-186, 254
fillet welds, 444-449

Index 749

flexural (bending), 185-186, 254,
672-675
interaction formulas, 298-302
methods for required strength
analysis, 303-305
moment, 185-186
nominal, 42,76, 115
nominal flexural, 201-207
nominal moment, 196, 199-200,
210-211
noncompact shapes, 207-211
plate girders, 672-680
shear, 212-220, 386-392, 444-449,
675-680
steel headed studs (anchors), 608-611
story buckling, 324-325
tensile, 42-50, 76
Strength design, 23. See also Load and
resistance factor design (LRFD)
Strength tables, 125, 129-130, 324-325
Stress, 8-11, 41, 108, 111, 115-116, 152—
153, 186-192,198-201, 212-213,
441-444,593-598
bending, 186-192, 198-201
composite beams, 593-598
compressive, 108, 111, 115-116
computation of, 8
critical buckling and, 111
elastic, 593-598
elastic buckling and, 152-153
elastic limit, 9-10
engineering, 9
fillet welds, 441-444
shearing, 212-213, 441-444
structural steel, 8-10
tensile, 10-11, 41
yield strength, 11
Stress area, 76
Stress concentration, 46—47
Stress distribution, 598-600
Stress—strain curve, 9-11
elastic limit, 9-11
elastic range, 10
plastic range, 9
proportional limit, 9
residual strain, 11
tensile strength, 10-11
yield points, 9
yield strength, 11
Structural design, 3-5, 20-39, 67-75, 125,
127-134,222-237,335-355, 375~
378,400-414, 439-441, 560-561,
611-618, 623, 635-643, 696-713
AISC Specification for, 8, 23-24,
33-35
allowable strength design (ASD), 21,
26-29, 68
allowable stress design, 22-23, 29-33
American Association of State
Highway and Transportation
Officials (AASHTO), 8



750 |Index

Structural design (continued)

American Institute of Steel
Construction (AISC), 8,23-24,
33-35

American Iron and Steel Institute
(AISI), 8

American Railway Engineering and
Maintenance-of-Way Association
(AREMA), 8

American Society of Civil Engineers
(ASCE), 7,23

beam-columns, 5, 335-355

beams, 5, 222-237

bolted connections, 375-378, 400-414

columns, 5, 127-134

connections and, 375-378

composite beams, 623, 635-643

composite construction, 611-618, 623,
635-643

compression members, 127-134

computations requirements for, 35-37

end plate connections, 560-561

floor systems, 611-618, 623

frames, 4-5

fundamental requirement of, 21

load and resistance factor design
(LRFD), 22-23,29-33, 68

load combinations for, 24-29

members for, 4-5

philosophies of, 21-23

plan evaluation, 3

plastic design, 22

plate girders, 696-713

precision and, 35-37

probabilistic basis, 29-33

property tables for, 73-75

resistance factor (¢), 22-23,24-25

safety factor (£2), 24-29

slenderness ratio (L/r), 67-68

Steel Construction Manual for, 23-24,
33-35,73-75,129-130, 226-229,
234-235

tension members, 67-75

welded connections, 376-378

welding processes, 439-441

Structural Journal of the American

Society of Civil Engineers,23

Structural steel, 8-12, 16

ASTM designation, 12
cross-sectional shapes of, 16
ductility, 9-10

high-alloy (specialty) steels, 11
low-alloy steels, 11

plain carbon steels, 11

strain of, 8-9, 11

stress of, 8-11

stress—strain curve for, 9-11

Structural Tee (split-tee), 13-14
Structural Welding Code, 442
Stub column, 112

Stud anchors, 591-592, 608—611. See
also Anchors

Submerged arc welding (SAW), 439-440

Symmetry of bolted connections, 410

T

Tangent modulus theory, 112-113
Tear-out, failure from, 380-381
Tee shapes, 13-14,276-279
bending strength of, 276-279
structural (split-tee), 13-14
Tensile strength, 10-11, 42-50
ASD for, 43-44,49
excessive deformation and, 42-43
LRFD for, 43, 49
rupture (fracture) and, 42-43
stress concentration effects, 46—47
stress—strain curve for, 10-11
ultimate, 10
Tension members, 40-105
AISC Steel Construction Manual for,
41,73-75
ASD for, F43-44, 49, 68
block shear, 64-67
bolted connections, 50-51, 53, 57-64
cables, 75-78
cross-sectional areas, 41-42
design of, 67-75
effective area, 43, 50-57
gross area, 41
gusset plate connection, 41-42, 65-66
LRFD for, 43, 49, 68
net area, 41
pin-connected, 88-89
property tables for, 41-42, 73-75
roof trusses with, 78-87
slenderness ratio (L/r), 67-68
staggered fasteners, 57-64
stress in, 41
tensile strength, 42-50
threaded rods and cables, 75-78
welded connections, 51, 53-54
Tension, 414-438, 489-494, 509-516
axial deformation from, 416
bolted connections, 489-494
eccentric connections, 489-494,
509-516
elongation from, 417
fasteners subjected to, 426—438
high-strength bolts in, 414-426
prying force and, 418-423
shear combined with, 426-438,
489-494, 509-516
simple connections, 426-438
slip-critical connections, 494
tensile force and, 414-418
welded connections, 509-516
Tension-field action, 667-668, 676-678
Threaded bolts, shear strength of, 387-388

Threaded rods, 75-78
cables and, 75-78
stress area, 76
tensile member connections, 75-78
Tie rod, 80
Top-chord loads, 355-360
Torsional buckling, 151-158
AISC Specification analysis of,
152-155
compression member twisting,
151-158
defined, 151
elastic buckling stress, 152-153
shape constants, 153-154
Transformed area, 593-594
Transformed section, 593-594
Tributary areas, 238-234
Trusses, 4, 78-87, 355-360
beam-column members, 355-360
roofs, 78-87
tension members in, 78-87
top-chord loads between joints,
355-360
Turn-of-the-nut method, bolt
installation, 393
Twist-off-type bolts, 393
Twisting, 151-158. See also Torsional

buckling

(V)

Ultimate strength analysis, 481-488,
500-503

bolted connections, 481-488
welded connections, 500-503
Ultimate tensile strength, 10
Unbraced frames, 142-144, 308-309,
324-335,350-355
amplification factor, 324, 350-351
amplified moments, 308-309
artificial joint restraint (AJR), 326
beam-column members, 324-335,
350-355
connections, 142-144
design of, 350-355
drift index for, 351
joint displacement (P-A) moments,
308-309
sidesway in, 142, 308-309, 324-335
story buckling strength, 324-325,
350-351
Uniform Building Code, 7
Uniqueness theorem, 725
Unshored construction, 602-604
Unstiffened element, 194
Upper-bound theorem, 724

v

Variance, 30



w

Weak-axis bending strength, 266-267
Web local buckling (WLB), 194
Webs, 251-252, 535-537, 539-540,
548-549, 667-669, 675-697
beam-to-column connections,
536-537
bearing plates, 251-252
bearing stiffeners, 668-669, 680-696
buckling, 536-537, 667-669
column reinforcement for, 535-537,
539-540
compression buckling of, 536-537
crippling, 251-252, 536, 680-681
depth-to-thickness ratio for, 675-680
diagonal stiffeners, 540, 548-549
doubler plates, 537, 540, 548
limit states, 680-682
plate girders, 667-669, 675-697
shear strength, 675-680
shear, 539-540
sidesway buckling, 669, 681-682
size estimation, 697
stiffeners, 667-669, 680-696

tension-field action, 667-668, 676—-678

yielding, 251, 535-536, 680

‘Welded connections, 51, 53-55, 376-378,

439-441, 494-571
axially loaded members, 503-509
balancing the welds, 504-509
beam-to-column connections,
534-571
column stiffeners, 534-557
combined shear and tension in,
509-516

eccentric, 494-571

effective area, 50, 53-54

elastic analysis, 494-500

end plate connections, 557-571

gravity axis, 503-504

moment-resisting, 517-534

reduction factor (U), 53-55

shear (loads), 494-509

shielded metal arc welding (SMAW),
439

simple, 439-440

structural welding processes, 439-441

submerged arc welding (SAW),
439-440

ultimate strength analysis, 500-503

Welds, 439-443, 665, 669-670

base metal, 439

end returns, 451-452

filler metal, 439

fillet welds, 440-459
groove welds, 440-441
load direction, 442—-443
nominal strength, 443
plate girders, 665, 669-670
plug (slot) welds, 440
shear flow, 669-670

shear strength of, 444-449
shearing stress, 441-444
size requirements, 451-452
symbols for, 454-455

Whitney equivalent stress distribution,

598

Wide-flange (W-shape) cross section, 13
Width-to-thickness ratio, 119-120,

194-195, 274-275, 650-651

Index 751

beams, 119-120, 194-195
bending strength and, 195, 274-275
compact shapes, 194-195
composite columns, 650-651
cross sections, 119-120
hollow structural sections (HSS),
274-275
local stability and, 119-120
noncompact shapes, 194-195
slender shapes, 119, 194, 665
Wind loads, 6
Wire rope, 77-78
Working lines, 83
Working point, 83
Working stress design, 22. See also
Allowable stress design
Wrench tightening (calibrated), bolt
installation, 393

Y

Yield moment, 188-189

Yield points, 9, 10

Yield strength, 11

Yielding, 276, 535-536, 672, 680
bending strength and, 276
column reinforcement for, 535-536
flexural strength based on, 672
limit states, 672, 680
plate girders, 672, 680
tension flange, 672
web, 535-536, 680

Young’s modulus, 10



SYMBOLS (Continued)

M, M, bending moments at the ends of an unbraced

length, bending moments at the ends of a

beam-column, moments on the two sides of a

beam-to-column moment connection

M, maximum service load moment = required mo-
ment strength for ASD

M,., M,, service-load moments for x- and y-axes

M, available moment strength

M., M., available moment strengths for x- and y-axes

M., critical moment for lateral-torsional buckling

M,, maximum moment caused by sidesway in a beam—
column

M, nominal bending strength

M,, maximum moment in a beam-column restrained
against sidesway

M,,, M,, mnominal bending strengths for the x- and y-axes

M, plastic moment

M, M,, plastic moments for x- and y-axes

M, yield moment = 0.7F,S (accounting for residual
stress), required moment strength

M,,, M,, required moment strengths for x and y axes

M, factored-load moment

M,, M,, factored-load moments for x- and y-axes

M, moment about the x-axis of the cross section

M, moment about the y-axis of the cross section, yield
© moment = F,S (not accounting for residual stress)

M,, yield moment about the y-axis

n length of unit width of plate in bending (for beam

bearing plate and column base plate design), mod-
ular ratio = E,/E,

n,  moment of bolts in a connection

ng  number of slip planes in a slip-critical connection

n¢  factor used in column base plate design

N length of a column base plate

N; number of steel headed stud anchors required
between point of zero moment and point of maxi-
mum moment in a composite beam

N, number of steel headed stud anchors required be-
tween point of zero moment and a concentrated
load in a composite beam

P bolt load in an eccentric shear connection (elastic
analysis), a term used in prying analysis

p. concentric component of bolt load in an eccentric
shear connection (elastic analysis)

pm  eccentric component of bolt load in an eccentric
shear connection (elastic analysis)

P concentrated load, axial force

P, applied axial service load = required strength for
ASD

P,; concentrated load transmitted by a beam flange or
flange plate

P, available axial strength

P, Critical buckling load for compression members

Pp,, P, concentrated service dead and live loads

P, Euler buckling load

P, Euler buckling load corresponding to axis of bend-
ing in a beam—column (used in computing ampli-
fication factor for moments corresponding to the
braced condition)

P, oy total elastic buckling strength of a story

P, axialload corresponding to an unbraced beam-column

P, sum of vertical loads in columns of a story that are
part of moment frames

P, nominal strength in tension or compression

P,, compressive yield load (squash load) in a compos-
ite column

P, elastic load or squash load

P,, axialload corresponding to a braced beam—column

P, nominal bearing strength of material supporting a

column

P,  required axial strength, vertical load to be stabi-
lized by stability bracing

P,., required lateral strength of a stability bracing member

Pyory sum of required load capacities for all columns in a

story

P, factored concentrated load, factored axial load

P,  axial compressive yield strength = AF,

q prying force

Q  first moment of area, used for computation of
shearing stress or shear flow, ¢

O, shear strength of a steel headed stud anchor

r radius of gyration, distance from instantaneous
center to an individual bolt in an eccentric bolted
shear connection

r; minimum radius of gyration of a component of a
built-up compression member

ryp  radius of gyration of component of a built-up com-
pression member about an axis parallel to built-up
member axis of buckling

r,  nominal bold strength

r,  distance from instantaneous center to centroid of
an eccentric bolted shear connection

r, factor used in computation of flexural-torsional
buckling strength of compression members

T tensile load in a bolt in an eccentric connection

r,  radius of gyration about the weak axis of a flexural
member for a portion of the cross section consist-
ing of the compression flange and one third of the
compressed part of the web

Iy, Iy, 7, radii of gyration about the x-, y-, and z-axes
service rain load effect to be used in computation of
factored load combinations, bolt force in an eccentric
shear connection (ultimate strength analysis)

R, required strength for ASD, service load reaction



R,, R, coefficients in equation for steel headed stud
connector strength

R, factor used in equation for P, g, Which is used
in equation for amplification factor for unbraced
beam-columns

R, nominal resistance (strength)

e Strength of longitudinal welds in a connection with

both longitudinal and transverse welds

strength of transverse weld in a connection with

both longitudinal and transverse welds

R,, plate girder strength-reduction factor

R, sum of factored load effects = required strength

for LRFD, factored load reaction

bolt shear force at failure in an eccentric bolted

shear connection

s spacing of beams in a floor or roof system, spacing
of bolts, spacing of intermittent welds

S elastic section modulus, service snow load effect to be
used in computation of factored load combinations

S, S, elastic section modulii for x- and y-axes

S,. elastic section modulus referred to compression
side of a plate girder section

S, elastic section modulus referred to tension side of a
plate girder section

t thickness of cross-sectional element to be used in
width-thickness ratio, thickness of a plate

ty thickness of a beam flange or flange plate

ty thickness of flange

t,  thickness of stiffener

t,  thickness of web

T  bolt tension, tensile force in an internal resisting couple

T, service-load tension on a connection or a bolt

T, minimum tension in a fully-tightened bolt (from
AISC Table J3.1)

T, factored-load tension on a connection or a bolt

U  reduction factor applied to net area of a tension
member to account for shear lag

U,, factor used in block shear strength equation to ac-
count for variation in tension stress

V' shear force

V' horizontal shear force to be transferred between
concrete and steel in a composite beam.

RnW[

Ru{’t

V, maximum service-load shear force = required
shear strength for ASD

V. available shear strength

V, nominal shear strength

V,  required shear strength

V, maximum factored-load shear force = required
shear strength for LRFD

w  intensity of distributed load (force per unit length),

transverse distance between longitudinal welds at
the end of a member, weld size

w, uniformly distributed service load

w, unit weight of concrete (145 pcf for normal-weight
concrete)

=

p» Wy uniformly distributed service dead and live

loads

gross width of plate or bar

net width of plate or bar

factored uniformly distributed load intensity

service wind load effect to be used in computation

of factored load combinations

X x-coordinate of centroid, eccentricity of connec-
tion used in computation of the shear lag factor U

Xo Y, coordinates of shear center of cross section with

respect to the centroid

y distance from neutral axis to point on cross section

where flexural stress is being computed, moment

arm of internal resisting couple in a composite beam
distance from neutral axis to bottom and top of
section

y y-coordinate of centroid

Y1 distance from plastic neutral axis to top of steel in
a composite beam (used in Manual tables)

Y2 distance from top of steel to resultant compressive
force in the concrete in a composite beam (used in
Manual tables)

Y, factor used in determining whether holes in beam
flanges must be accounted for

Z  plastic section modulus

Z,,Z, plastic section modulii for x and y axes

g =§ :g %g

Ybs Vi

a factor in equations for moment amplification fac-
tors, factor in equations for prying action, factor
for adjusting ASD values to LRFD values

B factor used in determining the maximum effective

length of a fillet weld
B, required lateral stiffness of a stability bracing member
o axial deformation, deflection, second-order displace-

ment of beam—column due to member deformation

A deflection, second-order displacement of beam-—
column due to end displacement, bolt deformation
at failure in an eccentric bolted shear connection

Ay story drift (sidesway displacement)

e strain

g,  strain in concrete

g,  strainin steel

A width-to-thickness ratio, factor used in column

base plate design

largest width-to-thickness ratio for which there

will be no local buckling = upper limit for compact

category

A, width-to-thickness ratio at which elastic local buck-
ling will occur = upper limit for noncompact category

p mean slip coefficient for slip-critical connections
(coefficient of static friction)

Q  safety factor

¢  resistance factor

7,  stiffness reduction factor
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